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Preface

This document presents guidance on the seismic design of marine oil terminals.
The California State Lands Commission (CSLC) has oversight of over sixty marine oil
terminals, some of which are over eighty years old and built to unknown standards.
Typically, they were built to resist minor earthquake intensity. New earthquake hazard
information from recent events such as Loma Prieta (1989) and Northridge (1994)
indicate that much higher intensities are possible. It is prudent that these facilities be
evaluated and unsafe deficiencies corrected. The goals are to:

 Ensure safe and pollution-free transfer of petroleum products between the ship and
land based facilities.

 Ensure the best achievable protection of the public health, safety and the environment
 Maximize the utilization of limited  resources

This document develops and expands on work that was begun by the US Navy to provide
seismic design criteria for waterfront construction. It presents criteria that are intended to
define a minimum level of acceptable performance for marine oil terminals. As such it
recognizes the need to protect the environment from oil spills, the need to provide for the
transfer of required natural resources into the State and the economics of operating a
commercial facility in a competitive environment. Readers must recognize that this
standard can not guarantee that if implemented and followed that all damaging effects
will be precluded. The development of this guide has taken the approach of providing
reasonable and prudent levels of design consistent with the state-of-the-art of engineering
practice. The establishment of design levels is more of a management decision that an
engineering one. Considering the size of the State of California and the health and
economic needs of its inhabitants, this guide is thought to be set at an optimal balance.
The document is intended to be dynamic in nature; it is expected that it will be revised
and updated by the experience gained through usage. It consists of a criteria section,
supporting technical commentary and three appendices.
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INTRODUCTION

The California State Lands Commission (SLC) was created by the California
Legislature in 1938 as an independent body, composed of three members-the Lieutenant
Governor and State Controller, both statewide elected officials, and the Director of
Finance, an appointee of the Governor. The SLC was given the authority and
responsibility to manage and protect the important natural and cultural resources on
public lands within the state and the public's rights to access to such lands. In managing
the state's lands, the SLC provides two functions: (1) generating revenue for the state, and
(2) protecting, preserving and restoring the natural values of state lands. The resources
managed by the SLC are diverse and range from commercially valuable minerals such as
oil, natural gas, hard rock minerals, sand, gravel, and geothermal steam to unique natural
resources such as forests, grazing lands, wetlands, riparian vegetation, and fish and
wildlife habitat.

The SLC's Marine Facilities Inspection and Management Division was created in
response to the passage of the Lempert-Keen-Seastrand Oil Spill Prevention and
Response Act of  1990 which mandated the best achievable protection of California's
marine environment and created a $500 million Oil Spill Contingency Fund to help
finance emergency response efforts and provide disaster relief in the event of a major oil
spill. This strong mandate reflected the Legislature's recognition of the public outcry for
stronger environmental protection following the tragedies caused by the MIT Exxon
Valdez grounding in Alaska and the MIT American Trader oil spill off Huntington Beach.
The SLC is focussed on protecting the marine environment through the prevention of oil
spills because no matter how quickly the response is to an oil spill, severe and often
irreparable damage occurs to the marine environment. Prevention is the least expensive
form of environmental protection. Comprehensive Marine Terminal Regulations were
formulated by the SLC and implemented in late 1992. The implementation of these
regulations and the  SLC inspection activities were responsible in reducing regulatory
deficiencies. This document presents guidance on the seismic design of marine oil
terminals. The California State Lands Commission (CSLC) has oversight of over sixty
marine oil terminals, some of which are over eighty years old and built to unknown
standards. Typically, they were built to resist minor earthquake intensity. New earthquake
hazard information from recent events such as Loma Prieta (1989) and Northridge (1994)
indicate that much higher intensities are possible. It is prudent that these facilities be
evaluated and unsafe deficiencies corrected.  The goals are to:

 Ensure safe and pollution-free transfer of petroleum products between the
ship and land based facilities.

 Ensure the best achievable protection of the public health, safety and the
environment

 Maximize the utilization of limited  resources
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A typical Marine Oil Terminal (MOT) includes some or all of the following
components:

Pier
Wharf and dike
Bulkheads, quay walls, sheet piling
Pipeline (to the first valve inside an EPA containment area)
Pipeline supports
Bumper fendering, camels, batter piles
Mooring components including breasting and mooring dolphins and

onshore dead-men
Local on pier in terminal storage tanks (but not storage tanks in backland
             ashore)
Hose Fuel Transfer equipment and structures
Vapor control systems
Fire suppression and detection systems
Building and other structures on the pier or wharf
Ancillary components
Riprap

Safe, effective seismic design consists of three elements - establishment of
performance goals, specification of the earthquake  intensity,  and  definition of the  
acceptable structural response limits corresponding to the performance goals. Although
seismic load-performance requirements exist for structures and bridges, no requirements
have been developed for the waterfront structures that are common at ports and marine
oil terminals. There is also a lack of geotechnical guidelines for the seismic evaluation
and design of waterfront structures. For example, very few standards exist for defining
acceptable factors of safety against liquefaction in soil, a major cause of damage at the
waterfront.  While structural and geotechnical analysis tools for evaluating  the
occurrence of liquefaction and the response of  structures currently exists, guidance
standards which define what constitutes acceptable behavior under a prescribed  load
level have not been established.

It is important to understand that a complete design standard is composed of
three major parts:

1. Development of a set of performance goals defining levels of operation required after
earthquake ground motions of varying intensity and duration.

2. Specification of a set of earthquake  intensities corresponding to prescribed risk
levels.

3. Determination of the structural response limits at the specified seismic intensities
which will ensure that damage is limited to meet the expected performance levels.

Thus, full design criteria includes definition of :
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1. Performance objectives,
2. Specification of ground motion,
3. Specification of analysis procedures,
4.   Evaluation of all possible failure modes of the global structure, including the soil
foundation,
5.   Definition of component damage mechanisms for all elements of the structure,
6.   Development of  allowable response limits such as strains, ductilities, and drifts to
control element damage and structure performance,
7.   Evaluation of economics of  design,
8.   Understanding of the reliability associated with definition of seismic intensity and
structural performance.

In general, a reliability analysis evaluates the loading conditions with their
measure of uncertainty, and  the composition of the structure in terms of material
properties, structural member sections used, the uncertainties in materials and
construction etc.  From the quantification of uncertainty one can calculate the distribution
of possible performance outcomes.  At the current state of knowledge, full explicit
reliability analysis is an unrealistic goal.  Generally implicit consideration of reliability
aspects is made by coupling a high estimate of expected ground motion with a
conservative estimate of structural limit states to ensure that the probability of exceedance
of the limit state under the design intensity is sufficiently low.

This document develops and expands on work that was begun by the US Navy to
provide seismic design criteria for waterfront construction. This report presents criteria
that are intended to define a minimum level of acceptable performance for marine oil
terminals. As such it recognizes the need to protect the environment from oil spills, the
need to provide for the transfer of required natural resources into the State and the
economics of operating a commercial facility in a competitive structure. Readers must
recognize that this standard can not guarantee that if implemented and followed that all
damaging effects will be precluded. The development of this guide has taken the
approach of providing reasonable and prudent levels of design consistent with the state-
of-the-art of engineering practice. The establishment of design levels is more of a
management decision that an engineering one. Considering the size of the State of
California and the health and economic needs of its inhabitants, this guide is thought to
be set at an optimal balance. The document is intended to be dynamic in nature; it is
expected that it will be revised and updated by the experience gained through usage.
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DEFINITIONS AND GENERAL CRITERIA

Construction Categories

Ordinary- General normal construction where operational, special enhanced life safety
provisions, and spill containment factors are not involved.

Waterfront Transfer Structures- Piers and wharves directly involved in hazardous
material transfer.

Essential- Facilities and component elements directly controlling operations that are
required for safe operation and plant shutdown. Such facilities must operate during and
after an earthquake to the extent required to control operation.

Hazardous Material Containment- Facilities and components serving to prevent the
uncontrolled release of hazardous materials. These systems may be composed of a single
system or a duel system with secondary containment.

Design Earthquake Levels

This report will utilize the following earthquake levels as defined events.

 Level 1- An earthquake with a 50 percent probability of exceedance in 50 years
exposure. This event has a return time of 72 years and is considered a moderate event
likely to occur one or more times during the life of the facility. Such an event is
considered a strength event.
 

 Level 2- An earthquake with a 10 percent probability of exceedance in 50 years
exposure. This event has a  return time of 475 years and is considered a major event.
Such an event is considered a strength and ductility event.

Level 3- An earthquake with a 5 percent probability of exceedance in 50 years exposure.
This event has a  return time of 949 years and is considered a rare event. Such an event is
considered a strength and ductility event.

Level 4- An earthquake with a 3 percent probability of exceedance in  50 years exposure.
This event has a  return time of 1641 years and is considered a very rare event. Such an
event is considered a containment event. Note where ground motions from a 1641-year
event are excessive and design for major spill prevention can not be accomplished,
lower levels of ground motion may used with the approval of the California State
Lands, Marine Facilities Division.

The following shows actual return times and nominal return times.
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Probability of
Nonexceedance

(%)

Exposure
Time

(Years)

Return
Time

(Years)

Nominal Return
Time

(Years)
50 50 72 100
10 50 475 500
5 50 975 1000
3  50 1641 1700

 

 

 Spill Size
 

 Minor Spill- A spill of less than 1200 barrels of petroleum products or comparable
hazardous material.
 

Major Spill- A spill of  1200 barrels or more of petroleum products or hazardous
material.

General Performance Goals

Marine oil terminal facilities designed under this criteria are expected to perform in the
following manner:

 To resist earthquakes of moderate size which can be expected to occur one or more
times during the life of the structure without structural damage of significance. The
facility is not expected to sustain a major interruption in operations.

 

 To resist major earthquakes which are considered as infrequent events maintaining
life safety, precluding total collapse but allowing a measure of controlled inelastic
behavior which will require repair.

 

 To have essential facility components required for safe operation, shutdown, and
emergency operations function during and after rare earthquakes

 To preclude major spills of hazardous and polluting materials during and after very
rare earthquakes.

 

 To utilize economic/risk analysis as an aid in decision making including determining
the condition of the facility and it’s remaining useful life.

 To consider the facility as a system and include the effect of all hazards on the
operation of the whole facility and all subcomponents including lifelines.
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Inherent in the general performance criteria are the three issues of structural
response and integrity, spill containment, and functionality of essential emergency
components. The first issue of structural response and integrity refers to the requirement
for key elements such as piers and wharves that these structure should not only not
collapse but that they must be able to perform to a deformation response limit so as to be
in a condition which is repairable. The issue of containment refers to the need to preclude
large spills. This can be accomplished by providing segmentation valves and secondary
containment devices to limit the maximum size of the spill and containment or by
strengthening primary components. The last issue of functionality controls the design of
emergency components which are needed for post-earthquake control of the facility.

It should be noted that conformance to this criteria does not guarantee that
significant damage will not occur. It does provide a prudent allocation of resources using
the best available knowledge at the time it was written. A criterion must have sufficient
prescription to serve as a minimum requirement and yet sufficient  flexibility to allow for
project specific considerations on issues such as the remaining useful life of an existing
structure and the allocation of resources in achieving mandated requirements.

It is important that all interested parties including the State, the facility operator
and concerned citizens establish a consensus in selecting design levels. The operator must
recognize that safe design is in his long term interest by insuring minimization of damage
and downtime. The State must recognize its requirement in providing clear minimum
acceptable standards which are achievable. Concerned citizens must recognize that
resources are sometimes limited and that transfer of oil is vital to the day-to-day life of
the State and its economic viability. This document is presented as the first step in
achieving that balance.

GROUND MOTION CRITERIA

A probabilistic site seismicity study is required for determining the ground motion
associated with analysis of marine oil terminals. The objective of a seismicity study is to
quantify the characteristics of ground shaking and the recurrence of potentially damaging
ground motions that pose a risk at the site of interest.  The approach taken in engineering
practice is to use the historical epicenter data base in conjunction with available geologic
data to form a best estimate of the probability distribution of site ground motion.
Acceptable procedures for conducting a site seismicity study must include the following
elements. The process consists of building a model of the region to capture the seismic
activity using probabilistic procedures.  The procedure consists of:

! Evaluating the regional tectonics and geologic settings
! Determining and defining seismic sources in the region of interest
! Estimating the  seismic slip rate along faults in the region
! Defining the study boundaries beyond which earthquakes pose no
            significant damage potential to the site
! Developing an epicenter data base of historical earthquakes in the region
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 of interest
! Specifying and formulating the site seismicity/faulting model
! Developing the earthquake (regional and fault specific) recurrence models
! Determining the maximum credible earthquakes for specific source
! Selecting appropriate ground  motion attenuation relationship
! Computing the contribution of individual faults or source zones to ground

motion estimates
! Combining the source contributions for all faults
! Developing probability distribution for firm site
! Determining local site soil conditions
! Determining the local site response
! Developing site specific time histories or response spectra for causative

 events

The supporting technical material found in Chapter 1 will present a summary and
discussion of the technology for each of the elements of the analysis.  Recognition of
previous research in establishing recurrence parameters shall be used where available.
Such bodies of knowledge are available for California from the California Division of
Mines and Geology (CDMG) Internet site. Geologic slip rate data is available for a
number of western faults.

Local Site Amplification As a minimum, a one-dimensional equivalent linear or fully
nonlinear dynamic soil  analysis shall be used to evaluate local site amplification and to
determine the modification of the rock spectrum by local soil deposits. A shear-beam
model representing the ground conditions from bedrock to surface is typically used, with
input of the acceleration time history corresponding to the bottom boundary of the model.
When the bedrock boundary slopes steeply in the vicinity of the site, such one-
dimensional techniques may be inadequate

Study Results The results of a seismicity study shall include the probability of site
ground motion adjusted for local site effects. The results should include a set of
earthquakes including magnitude, location, and site acceleration to serve as a set of
scenario events in evaluation of damage potential The structural design engineer may use
either response spectra or time history techniques in the analysis of a structure.
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STRUCTURAL CRITERIA FOR  PIERS AND WHARVES

Performance Goals

The criteria are intended to produce a level of design in piers and wharves such
that there is a high probability the structures will perform at satisfactory levels throughout
their design life.

 To resist earthquakes of moderate size which can be expected to occur one or more
times during the life of the structure without structural damage of significance.

 

 To resist major earthquakes which are considered as infrequent rare events
maintaining life safety, precluding total collapse but allowing a measure of controlled
inelastic behavior which will require repair.

 

 To preclude major spills of hazardous and polluting materials for very rare
earthquakes.

 

 To utilize economic/risk analysis to consider alternative design

 To consider geologic hazards (e.g., liquefaction, slope stability, excessive ground
settlement) as a major waterfront problem. The designer shall consider potential
ground failures in the design of the structures and account for geotechnical earthquake
engineering issues (change in lateral earth pressures,  potential lateral movements and
increased settlements).

Design Earthquakes

The pier or wharf structure shall be designed to resist the loading produced by:

 A Level 1 earthquake

 A Level 2 earthquake

In addition containment to preclude a major spill shall be provided for:

 A Level 4 earthquake

All crane rails shall be supported on piles including the seaward and the landward
rail. The crane rails shall be connected horizontally by a continuous deck, beam or other
means to control the gage of the rails and prevent spreading. The rails shall be grounded.
For corrosion protection, it is advantageous to insulate the reinforcing steel in the piles
from that in the deck.
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Piers and wharves containing fueling systems shall be evaluated for a Level 4
earthquake to insure that a major spill of hazardous material is precluded. This may be
accomplished by providing secondary containment systems or shutoff valves should there
be breaks in fuel lines or primary containment system elements or by strengthening these
elements.

 Preclude release of hazardous and polluting materials causing a major spill for a Level
4 event

Design Performance Limit States

Serviceability Limit State   All  structures and their foundations shall be capable of
resisting the Level 1 earthquake without sustaining damage requiring post-earthquake
remedial action.

Damage Control Limit State The following shall apply.

 Except as required by the following clause, structures and their foundations shall be
capable of resisting a Level 2 earthquake, without collapse with repairable damage,
while maintaining life safety.  Repairable damage to structure and/or foundation, and
limited permanent deformation are expected under this level of earthquake.

 Wharves and Piers on which hazardous materials are located shall be capable of
resisting a Level 4 earthquake without a release of a major spill of hazardous
materials.

Earthquake Load Combinations

Combination of Seismic Actions with other Load Cases Wharves and Piers shall be
checked for the following seismic load combinations, applicable to both Level 1 and
Level 2 earthquakes:

(1 + k)(D + rL) +E     (1)

      (1 -  k) D +E (2)

where D = Dead Load
           L = Design Live Load
           r = Live Load reduction factor (depends on expected L present in actual case

typically 0.2 but could be higher)
           E= Level 1 or Level 2 earthquake, as appropriate.
           k= 0.5 * (PGA), where PGA is the effective peak horizontal ground acceleration.
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Note: seismic mass for E shall include an allowance for rL, but need not include an
allowance for the mass of flexible crane structures.

Combination of Orthogonal Seismic Excitations  Effects of simultaneous seismic
excitation in orthogonal horizontal directions shall be considered in design and
assessment of wharves and piers.  For this purpose it will be sufficient to consider two
characteristic cases:

100% Ex  + 30% Ey (3)

30% Ex  + 100% Ey (4)

where Ex and Ey are the earthquake (E) actions in the principal directions x and y
respectively.

Where inelastic time history analyses in accordance with the requirements of
Method D below are carried out, the above loading combination may be replaced by
analyses under the simultaneous action of x and y direction components of ground
motion.  Such motions should recognize the direction-dependency of fault-normal and
fault-parallel motions with respect to the structure principal axes, where appropriate.

Additional Load Combinations

Piers and wharves shall be proportioned to safely resist load combinations as
shown in the following table. Each component of the structure should be analyzed for all
applicable combinations. The table lists load factors to be used for each combination; the
algebraic signs ( + or -) shall be those that produce the most unfavorable yet realistic
loading.

Ui = fD(D) + fL(L) + fB(B) + fBe(Be) + fC(C) + fCs(C) + fE(E) + fEq(Eq) +

fW(W) + fWs(Ws) + fRST(R+S+T) + fIce(Ice)
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Load Factor Design
U1 U2 U3 U4 U5 U6 U7 U8 U9

D Dead 1 1.3 1.3 1.3 1.3 1.25 1.25 1.0 1.3 1.2
L Live  4 1.7  3 1.7 1.3 1.3 1.25    2 1.3
B Buoyancy 1.3 1.3 1.3 1.3 1.25 1.25 1.0 1.3 1.2
Be Berthing 1.7
C Current on Structure 1.3 1.3 1.25 1.25 1.2
Cs Current on Ship 1.3 1.3 1.25 1.25 1.2
E Earth Pressure 1.3 1.3 1.3 1.3 1.25 1.25 1.0 1.3 1.2
Eq Earthquake 1.0
W Wind on structure 0.3 1.25 0.3 1.2
Ws Wind on ship 0.3 1.25 0.3
R + S + T 1.3 1.25 1.25
Ice 1.3 1.2
R + S + T = Creep/Rib Shortening + Shrinkage + Temperature

Notes
1 A factor of 0.9 for checking members for minimal axial load and maximum moment
2 Depends on earthquake load
3 A factor of 1.3 for maximum outrigger float load from a truck crane
4 Concentrated live load

Vertical Accelerations

Except where preliminary analyses indicate special sensitivity to vertical
acceleration effects such as in the case of use of batter piles, vertical accelerations need
not be considered in design beyond the extent implied by use of Equations 1 and 2.

Methods Of Analysis For Seismic Response

Methods adopted for determining design forces and displacements shall be appropriate
for the structural complexity of the wharf or pier under consideration, and shall include
consideration of

 Soil/structure interaction effects,
 Natural periods of vibration of the structure,
 Effects of cracking at the elastic limit state,
 Reductions of stiffness resulting from inelastic action, where appropriate,
 Torsional response,
 Movement joints,
 Gross soil deformations,
 Liquefaction effects.
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The primary purpose of the analyses will be to determine the maximum displacements
expected under the design level earthquake.   The primary purpose of design is to ensure
that these displacements are compatible with the design performance limit state.

Method A: Equivalent Single Mode Analysis  Where wharf structures are founded on
essentially uniform foundation materials along the length of the wharf, where the ratio of
wharf length to wharf width exceeds 3 and where the wharf deck may be considered to
act as a rigid diaphragm, a simplified analysis involving amplification of the results from
a single transverse modal response may be considered adequate for design and assessment
purposes.

The design displacement for Method A is given by:

∆ D  =ka ∆T (5)

where

ka = 2))201(3.0(1
LL

e++ (6)

is an amplification factor incorporating the influence of orthogonal and torsional response
effects,  e is the eccentricity between the center of mass and the center of stiffness in the
transverse direction, LL �is the length of the wharf segment, �D  is the design
displacement, and �T  is the transverse displacement corresponding to the single mode
analysis.

Method B:  Multi-Mode Analysis For all structures, design displacements of the wharf
or pier deck may be found by a multi-mode elastic analysis.  Sufficient modes shall be
considered in the analysis to capture at least 95% of the participating seismic mass in both
orthogonal directions.   Where multiple wharf segments of similar structure and
foundation conditions are linked by shear keys, it will be conservative to consider the
segments as independent “stand alone” elements, except for the estimation of shear key
force levels.

Method C:  Pushover Analysis  For all structures, 2-D nonlinear pushover analyses shall
be carried out on critical frames of wharves and piers to enable the sequence of plastic
hinge formation to be determined.  These pushover analyses shall be used in conjunction
with the design displacements determined from Method A or Method B to establish the
level of inelastic rotation developed in plastic hinges under Level 1 or Level 2
earthquakes.

Method D:  Inelastic Time-History Analysis  As an alternative to Methods A to C,
inelastic time-history analyses may be used to determine both design displacements and
inelastic rotations in plastic hinges under Level 1 and Level 2 earthquakes.  A minimum
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of 5 spectrum compatible record sets consisting of orthogonal acceleration records shall
be considered, with the mean values from the 5 analyses taken as the design or
assessment levels. Each set shall have amplitude, duration and frequency appropriate for
the magnitude and separation distance of the earthquake event under consideration.

Method E: Gross Foundation Deformation Analysis If geotechnical investigations
indicate the possibility of gross permanent deformations of foundation material as a result
of sliding on clay layers, liquefaction, or other causes, the wharf or pier shall be analyzed
under the permanent foundation deformation to determine the structural displacements
and internal strains and forces at critical locations.

Structural Response of  Piers And Wharves

Piers and Wharves shall be designed for dependable inelastic action in accordance with
the following principles:

 Inelastic response of the structure shall be limited to formation of plastic rotation in
carefully detailed plastic hinges in piles.

 Shear failure of piles and inelastic action of deck members shall be proscribed by the
implementation of capacity design principles, ensuring that the dependable strength of
these members exceeds the maximum feasible input corresponding to the design
flexural plastic hinging.

 Joints between piles and deck members shall be designed to remain essentially elastic,
with recognition of the high shear forces developed within the joint region.

 Batter piles shall not be used in new design unless
(a) the piles are designed to remain elastic under Level 2 earthquake excitation, or
(b) a special study is undertaken to ensure that the structure, including the batter piles

will respond within the specified performance limit state.

Note: The use of batter piles in wharves is strongly discouraged.

Structural Performance Limit State Strains

(a) Serviceability Limit State:  Within potential plastic hinge regions, strains at
maximum response to the Level 1 earthquake shall not exceed:

Concrete extreme fiber compression strain:      0.004

Reinforcing steel tension strain:   0.010

Prestressing strand incremental strain    0.005
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Structural Steel (pile and concrete filled pipe)  0.008

Hollow steel pipe pile   0.008

(b) Damage Control Limit State: Within potential plastic hinge regions, strains at
maximum response to the Level 2 earthquake shall not exceed:

Concrete extreme fiber compression strain:

Pile/deck hinge:  Value given by equation 7, but <0.025

In-ground hinge:  Value given by equation 7, but <0.008

Reinforcing steel tension strain:  0.05

Prestressing strand :
Pile/deck hinge:  0.04

In-ground hinge:  0.015

The design ultimate compression strain of confined concrete may be taken as

εcu   =        0.004 +  (1.4 ρs fyh  ε sm )/ f’cc  ≥  0.005         (7)

where

ρ s effective volume ratio of confining steel
fyh   yield stress of confining steel
ε sm  Strain at peak stress of confining reinforcement, 0.15 for grade 40 and

0.12 for grade 60
f’cc  Confined strength of concrete approximated by 1.5 fc’

Structural Steel (Pile and Concrete filled pipe) 0.035

Hollow steel pipe pile    0.025
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EXISTING CONSTRUCTION

The discussion of existing structures is of major importance since there are many
existing terminals in use and relatively few new facilities being constructed. Many of the
existing structures were built during periods when seismic standards were not well
defined. In general, existing-structure performance criteria may be related to new-
structure performance criteria in terms of the degree of hazard, the amount of strength
required, the extent of ductility demand allowed, or the level of design ground motion.
The structure once built does not “know” that it is expected to perform to a “new” or an
“existing” structure criteria; it responds according the principles of structural dynamics.
This guide is motivated by preservation of the environment and as such there is a mandate
to use the best possible technology to ensure safe transfer of petroleum products ashore.
The approach taken herein is to recognize that that the goals for both new and existing
facilities should be the same. The structural parameters which are used to control the
response should be the same. What is of significance is that existing structures have been
in place for a period of time and have a shorter remaining life than new facilities. Thus,
existing facilities face a shorter exposure to natural hazards. This major factor suggests
that the design ground motions be allowed to differ based on the differing remaining life-
spans of the  structures. A prudent course must be charted to select reasonable goals for
existing structures to minimize the adverse impact on the economics of port operations
while ensuring public mandates for preservation of the environment.

The approach taken in this criteria is to utilize a factor, α, to relate the existing-
structure exposure time to the new-construction exposure time taken as 50 years. The
value of α is equal to or less than 1.0.  The value of α is used to define the exposure time
for use in the Level 1 through Level 4 earthquake return times as shown in the following
sections. Determination of  establishes the seismic loading. The performance goals and
response limits for existing construction remain the same as for new construction; only
the loading is reduced. This applies to all elements including the structure, the foundation
and all associated lifelines.

Method 1

Seismic reviews of existing waterfront construction directed by requirements of
the Marine Oil Terminal Division shall utilize the above criteria for new construction as
the target goal requirement for performance.  In general the existing structure must satisfy
the new structure performance limit states under earthquake peak ground acceleration
levels corresponding to reduced exposure times as follows:

Existing -Structure Exposure Time = α (New-Construction Exposure Time)

where New-Construction Exposure Time is 50 years.

The requirement for evaluation of the seismic resistance and possible upgrade is triggered
when the loading on the structure changes such as when the operation of the structure is
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changed or when the structure requires major repairs or modifications to meet operational
needs or when recertification is required.

Determining  When it is shown to be impossible or uneconomical to achieve new
construction levels of performance, (α = 1), an economic/risk analysis using procedures
shown in Chapter 6 of the supporting commentary shall be performed to determine the
most appropriate facility exposure time and level of seismic design upgrade.  Various
alternative upgrade levels shall be considered ranging from the existing condition to the
maximum achievable.  Each alternative shall be examined to determine the cost of the
upgrade, the cost of expected earthquake damage over the life of the structure and the
impact of the damage on life safety, operational requirements, and damage to the
environment.  The choice of upgrade level shall be made by the design team based on a
strategy consistent with requirements of life safety, operational needs, cost effectiveness,
and protection of the environment.  In no case shall  be less than 0.6 of the 50-year
exposure time for new construction (30 years).

As a minimum analysis shall be conducted and data developed for the cases of 
equal to 1.0 and  0.6. Additional cases are encouraged

Level 1- An earthquake with a 50 percent probability of exceedance in αx (50 years)
exposure.
 

 Level 2- An earthquake with a 10 percent probability of exceedance in αx (50 years)
exposure.

Level 3- An earthquake with a 5 percent probability of exceedance in αx (50 years)
exposure.

Level 4- An earthquake with a 3 percent probability of exceedance in  αx (50 years)
exposure. . Note where ground motions from this event are excessive and design for
major spill prevention can not be accomplished, lower levels of ground motion may
used with the approval of the California State Lands, Marine Facilities Division.

The following shows the shortest allowable return times.

Probability of
Nonexceedance

(%)

Exposure
Time

(Years)

Return
Time

(Years)

Nominal Return
Time

(Years)
50 30 43 60
10 30 285 300
5 30 585 600
3  30 985 1000

Peer review:  Review of the results of the analysis by an independent peer review panel of
experts in structural engineering, geoscience, earthquake engineering, seismic risk analysis,
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economics, and environmental engineering/science is required.  In addition, the findings from
the analysis should be reviewed by the public and other stakeholders.

Method 2

Based on the recognition that an existing structure may have a fixed life and that
the upgrade is intended as limited-term solution, a reduced exposure life of 25 years may
be used provided facility owners by binding agreement will take the facility out of service
on or before the expiration of the 25-year period. Out of service means that the structure
will not be used as a marine oil terminal for transfer of hazardous materials and that all
hazardous material capable of causing a spill be removed. The 25-year period begins
when CSLC approves the agreement. The following levels are to be used with Method 2

Level 1- An earthquake with a 50 percent probability of exceedance in 25 years exposure.
This event has a return time of 36 years and is considered a moderate event likely to occur
one or more times during the life of the facility. Such an event is considered a strength
event.
 

 Level 2- An earthquake with a 10 percent probability of exceedance in 25 years
exposure. This event has a  return time of 237 years and is considered a major event. Such
an event is considered a strength and ductility event.

Level 3- An earthquake with a 5 percent probability of exceedance in 25 years exposure.
This event has a  return time of 487 years and is considered a rare event. Such an event is
considered a strength and ductility event.

Level 4- An earthquake with a 3 percent probability of exceedance in  25 years exposure.
This event has a  return time of 820 years and is considered a very rare event. Such an
event is considered a containment event. . Note where ground motions from this event
are excessive and design for major spill prevention can not be accomplished, lower
levels of ground motion may used with the approval of the California State Lands,
Marine Facilities Division.

The following shows actual return times and nominal return times.

Probability of
Nonexceedance

(%)

Exposure
Time

(Years)

Return
Time

(Years)

Nominal Return
Time

(Years)
50 25 36 50
10 25 237 250
5 25 487 500
3  25 820 800
With mandatory removal from service before 25 year-life
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Risk Analysis: In order to insure that the risk levels of a major spill are prudent, a risk
analysis determining the levels of hazard and potential for a major spill shall be
evaluated and submitted for review and approval.

Peer review:  Review of the results of the analysis by an independent peer review panel of
experts in structural engineering, geoscience, earthquake engineering, seismic risk analysis,
economics, and environmental engineering/science is required.  In addition, the findings from
the analysis should be reviewed by the public and other stakeholders.

Allowance for Deterioration

In evaluating existing construction, it is most important to:

 Evaluate the actual physical conditions of all structural members to determine the
actual sizes and condition of existing members.

 Provide an allowance for corrosion and deterioration.
 Evaluate the properties of the construction materials considering age effects in

computing yield strengths. Average actual material properties should be used in the
evaluation.

 Evaluate the existing structure details and connections since this is often the weakest
link and source of failure.

 Determine the design methodology used by the original designers at the time the
structure was designed and constructed.

 Evaluate displacement demands and capacities. Previous code requirements did not
emphasize the need for ductility and the failure to include shear and containment
reinforcing is most common in existing construction.  This has led to numerous
structure failures especially when batter piles have been used.

The Appendices of this report present detailed information on underwater inspection
criteria and concrete repair.

GROUND FAILURE CRITERIA

Introduction

Ports and marine oil terminals are prone to a variety of geologic hazards. Of these
hazards, liquefaction of the saturated, loose cohesionless soils that typically prevail at
ports has been the most common source of significant damage, although other hazards –
such as direct effects of ground shaking, slope instability, and tsunami – have caused
extensive damage as well. Furthermore, experience demonstrates that the seismic
performance of soils and port structures is strongly related to the manner in which the fills
are placed and improved during construction, and also how the structures are designed
and detailed to resist potential geologic hazards.
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In an extensive review of the seismic performance of ports, Werner and Hung
(1982) concluded that by far the most significant source of earthquake damage to
waterfront structures has been pore pressure build up in loose to medium-dense saturated
cohesionless soils the prevail in coastal and river environments. This observation has
been supported by the occurrence of liquefaction-induced damage at numerous ports in
the past decade (Werner, ed., 1998). Components of marine facilities conspicuous for
poor seismic performance include: pile supported structures, sheet pile bulkheads, and
gravity retaining walls founded on, or backfilled with, loose sandy soils. The generation
of excess pore pressures in sandy soils can lead to phenomena associated with the loss of
strength of the sandy soils (e.g., loss of bearing capacity, increase in active lateral earth
pressure against retaining walls, loss of passive soil resistance below the dredgeline
and/or adjacent to anchor systems, excessive settlements and lateral soil movements,
buoyancy of buried tanks) contributing to the deformations of waterfront structures. In
several instances, the failure of waterfront retaining structures has resulted in significant
lateral ground deformations as far as 150 m into backland areas resulting in damage to
buildings, tanks and buried utilities.

Sloping ground conditions exist throughout ports as natural and engineered
embankments such as river levees, sand or rock dikes, etc., and as dredged channel
slopes. Onshore and submarine slopes at ports have been found to be vulnerable to
earthquake induced deformations. High water levels and weak foundation soils common
at most ports can result in slopes that have marginal static stability and which are very
susceptible to earthquake induced failures. In addition to waterfront slopes, several recent
cases involving failures of steep, natural slopes along marine terraces located in backland
areas have resulted in damage to port facilities. Large scale deformations of these slopes
can impede shipping, damage adjacent foundations and buried structures thereby limiting
port operations following earthquakes.

In addition to ground failures caused by liquefaction and weak soils marine oil
terminals may be vulnerable to additional geologic hazards, as discussed in the appendix
(e.g., fault movement and ground displacement, and tsunamis).

Liquefaction Hazards

Methods for evaluating the liquefaction resistance of soils are well documented
and relatively simple, straightforward procedures have been adopted for use in
engineering practice (Youd and Idriss, 1997). The most common methods of analyses are
outlined in the commentary. These methods have been applied over the past two decades
in numerous case studies and the strengths and limitations of the techniques have been
well established. Although engineering evaluations for the “triggering” of liquefaction are
well established, similarly well developed standard-of-practice methods for analyzing the
potential consequences of soil liquefaction (i.e., extent of lateral spreading, impact on
deep foundations, lifelines and structures) on waterfront components do not exist due to
the complexity of these failures.
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When evaluating the impact of liquefaction hazards on waterfront components the
sensitivity of the structure to permanent deformations must be established. The
specification of “performance goals” with respect to soil liquefaction, ground failures
and possible mitigation strategies is therefore based on the allowable deformations of
structures affected by the liquefaction hazards. From a practical perspective, ground
deformations ranging from several inches to several feet represent failure conditions for
the broad array of waterfront components at marine oil terminals. The allowable
liquefaction-induced deformations of foundation soils will clearly vary with the type of
component and ancillary structures, the consequence of failure, and the importance of the
component on the post-earthquake operations of the terminal. The level of sophistication
required for estimating the liquefaction-induced ground deformations will also vary as a
function of the range of tolerable deformations, soil-structure interaction, and the
configuration of the component. For example, pseudostatic, rigid body methods may be
appropriate for estimating permanent deformations of earth structures affected by
liquefaction, however more involved numerical procedures are recommended for
liquefaction hazards involving pile supported structures. Along these lines, it should be
noted that the factors of safety computed with standard stress-based liquefaction
evaluation procedures and pseudo-static design methods are not adequately correlated
with ground deformations to facilitate estimates of seismically-induced lateral
deformations. For critical and sensitive components numerical analyses which account for
the generation of excess pore pressures in foundation soils are recommended.

General Performance Objectives

Design of new structures and upgrade of existing structures shall include
provisions to evaluate and resist liquefaction of the foundation and account for expected
potential settlements and lateral spread deformation. Special care will be given to buried
pipelines in areas subject to liquefaction to preclude breaks resulting in release of
hazardous materials. The most important element in seismic design of pipelines is proper
siting. It is imperative to avoid areas susceptible to severe ground failures if these areas
cannot be economically treated with remedial soil improvement.

The presence of potentially liquefiable materials in foundation or backfill areas
shall be fully analyzed and expected settlements computed.  The impact of liquefaction
hazards on waterfront components shall evaluated in light of allowable deformation limits
of the affected components. Since liquefaction is the primary cause of  waterfront
damage, remediation is a mandatory requirement where the risk of a release of hazardous
materials as shown by computation is possible, such as in a pipeline break or tank failure.

Ordinary Construction -  Liquefaction associated with construction categorized as
“ordinary” shall be evaluated to insure the level of performance is maintained. In general
ordinary construction is expected to:

 Resist a moderate level of ground motion without damage;
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 Resist a  major earthquake ground motion without collapse, but with structural as well
as nonstructural damage.

 

Piers and Wharves- Liquefaction assessments associated with piers and wharves shall be
evaluated to insure the level of performance is maintained per the performance goals for
piers and wharves stated above.
 

Essential Construction - Liquefaction evaluation associated with construction
categorized as “essential” shall be evaluated to insure the level of performance is
maintained. In general essential construction is expected to:

 Resist the  earthquake likely to occur one or more times during the life of the structure
with minor damage without loss of operation/function and the structural system to
remain  essentially linear.

 Resist the  rare earthquake with a low probability of being exceeded during the life of
the structure  and operate/function at the level required to meet operational needs.

Hazardous Materials - Liquefaction associated with construction categorized as
associated with “hazardous materials” shall be evaluated to insure the level of
performance is maintained. In general construction related to containment of hazardous
materials is expected to:

 Resist pollution and release of a major spill of hazardous materials for a very rare
event

Requisite Ground Motions For Liquefaction Evaluations

The following is based on existing guidelines (e.g., CDMG, 1997; Werner, ed.,
1998), current seismic design provisions criteria and appropriate amendments to existing
mandates developed for similar facilities. As previously described, the sensitivity and
importance of  the specific component, as well as the consequence of failure will
determine the level of ground motion to be used in seismic design and analysis. The
ground motions applied in liquefaction analyses will be selected or generated based on
the probabilistic seismic hazard studies in accordance with the appropriate ground motion
level (i.e., Level 1, Level 2, Level 3 or Level 4). The ground motions must account for the
site specific dynamic response of the soils and represent the  motions at  depth  required
for the specific method of analysis.

 Ordinary category of construction on average seismicity sites
 For sites of average seismicity, use appropriate code provisions (e.g. NEHRP
Provisions contained in FEMA, 1998).

 

 

 Wharves and Piers
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 Design of wharves, wharf dikes,  and piers shall use a two-earthquake procedure  as
shown above in the structural criteria section. Values less than code (NEHRP) are not
to be permitted.

 

 Essential category of construction
 Sites where the structure is deemed important and  essential shall use a two-
earthquake procedure  with a Level 1 earthquake and a Level 3  earthquake based on a
local site seismicity study. Values less than code are not to be permitted.

 

 Construction containing polluting or hazardous material
A Level 4 earthquake  shall be used.

In addition to seismic ground motion there are additional hazards which must be
considered:

 Fault movement and local ground displacement
 Liquefaction and associated lateral spreading, settlement flow slides, loss of support

and buoyancy of buried tanks.
 Landslides
 Tsunamis

Minimum Acceptable Methods of Analysis

Triggering of Liquefaction  The following is taken verbatim from CDMG Special
Publication No. 117

“If the screening evaluation indicates the presence of potentially liquefiable soils, either
in a saturated condition or in a location which might subsequently become saturated,
then the resistance of these soils to liquefaction and/or significant loss of strength due to
cyclic pore pressure generation under seismic loading should be evaluated. If the
screening investigation does not conclusively eliminate the possibility of liquefaction
hazards at a proposed project site (a factor of safety of 1.5 or greater), then more
extensive studies are necessary.

A number of investigative methods may be used to perform a screening evaluation of the
resistance of soils to liquefaction. These methods are somewhat approximate, but in cases
wherein liquefaction resistance is very high (e.g., when the soils in question are very
dense) then these methods may, by themselves, suffice to adequately demonstrate
sufficient level of liquefaction resistance, eliminating the need for further investigation. It
is emphasized that the methods described in this section are more approximate that those
discussed in the quantitative evaluation section, and so require very conservative
application.

Methods that satisfy the requirements of a screening evaluation, at least in some
situations, include:
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1. Direct in situ relative density measurements, such as the Standard Penetration
Test (ASTM D 1586-92) or the Cone Penetration test (ASTM D 3441-94).

2. Preliminary analysis of hydrologic conditions (e.g., current, historical and
potential future depth(s) to subsurface water). This is quite straightforward for
waterfront sites and groundwater conditions associated with high tide levels
should be used in analyses.

3. Non-standard penetration test data.
4. Geophysical measurements of shear wave velocities.
5. “Threshold strain” techniques represent a conservative basis for screening of

some soils and some sites (National Research Council, 1985). These methods
provide only a very conservative bound for such screening, however, and so are
conclusive only for sites where the potential for liquefaction hazards are low.”

In situations where liquefaction hazards may impact marine facilities (factor of safety less
than 1.5), quantitative methods of evaluating the liquefaction resistance of soils are
required. The latest consensus pertaining to the evaluation of liquefaction resistance of
soils has been presented by Youd and Idriss (1997). The recommended techniques for
evaluation are outlined in the commentary.

Lateral Spreading The following is taken verbatim from CDMG Special Publication
No. 117

“Lateral spreading on gently sloping ground is generally the most pervasive and
damaging type of liquefaction failure (Bartlett and Youd, 1995). Assessment of the
potential for lateral spreading and other large site displacement hazards may involve the
need to determine the residual undrained strengths of potentially liquefiable soils. If
required, this should be done using in-situ SPT or CPT test data (Youd and Idriss, 1997;
Seed and Harder, 1990). The use of laboratory testing for this purpose is not
recommended, as a number of factors (e.g., sample disturbance, sample densification
during reconsolidation prior to undrained shearing, and void ratio redistribution) render
laboratory testing a potentially unreliable, and, therefore unconservative basis for
assessment of in-situ residual undrained strengths. Assessment of residual strengths of
silty or clayey soils may, however, be based on laboratory testing of “undisturbed”
samples.

Assessment of potential lateral spread hazards must consider dynamic loading as a
potential “driving” force, in addition to gravitational forces. It should again be noted
that relatively thin seams of liquefiable material, if continuous over large areas, may
serve as significant planes of weakness for translational movements. If prevention of
translation or lateral spreading is ascribed to structures providing “edge containment”,
then the ability of these structures (e.g., berms, dikes, sea walls) to resist failure must
also be assessed. Special care should be taken in assessing the containment capabilities
of structures prone to potentially “brittle” modes of failure (e.g., brittle walls which may
break, tiebacks which may fail in tension). If a hazard associated with potentially large
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translational movements is found to exist, then either: (a) suitable recommendations for
mitigation of this hazard should be developed, or (b) the proposed “project” should be
discontinued.

When suitably sound lateral containment is demonstrated to prevent potential sliding on
liquefied layers, then potentially liquefiable zones of finite thickness occurring at depth
may be deemed to pose no significant risk beyond the previously defined minimum
acceptable level of risk. Suitable criteria upon which to base such as assessment include
those proposed by Ishihara (1985).

For information on empirical models that might be appropriate to use in these analyses,
see Bartlett and Youd (1995).”

Seismically-Induced Ground Settlement The following is taken verbatim from CDMG
Special Publication No. 117

“Settlements for saturated and unsaturated clean sands can be estimated using simplified
empirical procedures (e.g., Tokimatsu and Seed, 1987; Ishihara and Yoshimine, 1992).
These procedures, developed for relatively clean sandy soils, have been found to provide
reasonably reliable settlement estimates for sites not prone to significant lateral
spreading.

Any prediction of liquefaction-related, or cyclically-induced, settlements is necessarily
approximate, and related hazard assessment and/or development of recommendations for
mitigation of such hazard should, accordingly, be performed with suitable conservatism.
Similarly, it is very difficult to reliably estimate the amount of localized differential
settlement likely to occur as part of the overall predicted settlement: localized differential
settlements on the order of up to two-thirds of the total settlements anticipated should be
assumed unless more precise predictions of differential settlements can be made.”

It should be noted that the contractive behavior of sandy soils during cyclic
loading is a function of the void ratio of the soil and the in situ stresses acting on the soil.
The soil will experience a reduction in volume regardless of its degree of saturation prior
to ground shaking, therefore dry sands are also prone to excessive settlements during
earthquake loading.

Slope Instability

The most commonly used methods for analysis of slope stability under both static and
dynamic conditions are based on standard rigid body mechanics and limit equilibrium
concepts that are familiar to most engineers. For use in determining the seismic stability
of slopes, limit equilibrium analyses are modified slightly with the addition of a
permanent lateral body force which is the product of a seismic coefficient and the mass of
the soil bounded by the potential slip. The seismic coefficient (usually designated as kh,
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Nh) is specified as a fraction of the peak horizontal acceleration, due to the fact that the
lateral inertial force is applied for only a short time interval during transient earthquake
loading. Seismic coefficients are commonly specified as roughly 1/3 to 1/2 of the peak
horizontal acceleration value (CDMG, 1997).

In most cases involving soils which do not exhibit considerable strength loss after the
peak strength has been mobilized, common pseudostatic rigid body methods of evaluation
will generally suffice for evaluating the stability of slopes. These methods of evaluation
are well established in the technical literature (Kramer, 1996). Although these methods
are useful for indicating an approximate level of seismic stability in terms of a factor of
safety against failure, they suffer from several potentially important limitations. The
primary disadvantages of pseudostatic methods include: (a) they do not indicate the range
of slope deformations that may be associated with various factors of safety; (b) the
influence of excess pore pressure generation on the strength of the soils is incorporated in
only a very simplified, “decoupled” manner; (c) progressive deformations that may result
due to cyclic loading at stresses less than those required to reduce specific factors of
safety to unity are not modeled; (d) strain softening behavior for liquefiable soils or
sensitive clays is not directly accounted for; and (e) important aspects of soil-structure
interaction are not evaluated.

In most applications involving waterfront slopes and embankments, it is necessary to
estimate the permanent slope deformations that may occur in response to the cyclic
loading. Allowable deformation limits for slopes will reflect the sensitivity of adjacent
structures, foundations and other facilities to these soil movements. Enhancements to
traditional pseudostatic limit equilibrium methods of embankment analysis have been
developed to estimate embankment deformations for soils which do not lose appreciable
strength during earthquake. Rigid body, “sliding block” analyses, which assume the that
soil behaves as a rigid, perfectly plastic material, can be used to estimate limited
earthquake-induced deformations. The technique, developed by Newmark (1965) is based
on simple limit equilibrium stability analysis for determining the critical, or yield,
acceleration which is required to bring the factor of safety against sliding for a specified
block of soil to unity. The second step involves the introduction of an acceleration time
history. When the ground motion acceleration exceeds the critical
acceleration (acrit, ay) the block begins to move down slope. By double integrating the area
of the acceleration time history that exceeds acrit, the relative displacement of the block is
determined. A simple spreadsheet routine can be used to perform this calculation (Jibson,
1993).

The amount of permanent displacement depends  on the maximum magnitude and
duration of the earthquake.  The ratio of maximum acceleration to yield acceleration of
2.0 will result in block displacements of the order of a few inches for a magnitude 6 1/2
earthquake and several feet for a magnitude 8 earthquake. It should be noted that
significant pore pressure increases may be induced by earthquake loading in saturated
silts and sands. For these soils a potential exists for a significant strength loss. For dense
saturated sand, significant undrained shear strength can still be mobilized even when
residual pore pressure is high. For loose sands, the residual undrained strength which can
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be mobilized after high pore pressure build-up is very low and is often less than the static
undrained shear strength.  This may result in  flow slides or large ground deformations.

Given that the sliding block analyses are based on limit equilibrium techniques, they
suffer from many of the same deficiencies previously noted for pseudostatic analyses.
One of the primary limitations with respect to their application for submarine slopes in
weak soils is that strain softening behavior is not directly accounted incorporated in the
analysis. The sliding block methods have, however, been applied for liquefiable soils by
using the post-liquefaction undrained strengths for sandy soils.

In situations where the movement of a slop impacts adjacent structures, such as pile
supported structures embedded in dikes, buried lifelines and other soil-structure
interaction problems, it is becoming more common to rely on numerical modeling
methods to estimate the range of slope deformations which may be induced by design
level ground motions (Finn, 1990). The numerical models used for soil-structure
interaction problems can be broadly classified based on the techniques that are used to
account for the deformations of both the soil and the affected structural element. In many
cases the movement of the soil is first computed, then the response of the structure to
these deformations is determined. This type of analysis is termed uncoupled, in that the
computed soil deformations are not affected by the existence of embedded structural
components.  A common enhancement to this type of uncoupled analysis includes the
introduction of an iterative solution scheme which modifies the soil deformations based
on the response of the structure so that compatible strains are computed. In a coupled type
of numerical analysis the deformations of the soil and structural elements are solved
concurrently. Two-dimensional numerical models are rather widespread in engineering
practice for modeling the seismic performance of waterfront components at ports.
Advanced numerical modeling techniques are recommended for soil-structure interaction
applications, such as estimating permanent displacements of slopes and embankments
with pile supported wharves.

Mitigation of Seismic Hazards Associated with Slope Stability

Remedial strategies for improving the stability of slopes have been well developed
for both onshore and submarine slopes. Common techniques for stabilizing slopes
include: (a) modifying the geometry of the slope; (b) utilization of berms; (c) soil
replacement (key trenches with engineered fill); (d) soil improvement; and (e) structural
techniques such as the installation of piles adjacent to the toe of the slope. Constraints
imposed by existing structures and facilities, and shipping access will often dictate which
of the methods, or combinations of methods, are used.

Requirements for Minimum Allowable Resistance Against Ground Failures
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The design of critical structures shall include provisions for the evaluation of
potential ground failures. Special care will be given to components such as tank
foundations, pipe racks, and buried pipelines to preclude break resulting in release of
hazardous materials. Identification of areas prone to geologic hazards is considered a
necessary step in the seismic design process. Proper siting of oil terminal components is
vital and it is imperative to avoid areas vulnerable to geologic hazards, or areas that
cannot be economically treated with remedial ground improvement.

The presence of potentially unstable soils adjacent to oil terminal components
(i.e., foundation or backfill soils) shall be fully evaluated for vertical and lateral extent,
and expected seismic behavior. Specific attention shall be paid to permanent lateral and
vertical ground deformations. At existing facilities, if ground failures are indicated in
geotechnical evaluations of sites where the risk of a significant release of hazardous
materials would result, then soil remediation, structural retrofit, or re-siting shall be
considered.

The seismic performance of waterfront facilities is linked to a large degree by the
magnitude of permanent ground displacements adjacent to the component. Therefore
structural design provisions must be supplemented with geotechnical criteria for limiting
foundation deformations during the design level earthquakes. In the following criteria
liquefaction hazards are specifically addressed, however it should be understood that all
forms of ground failures must be evaluated in analysis and design. It should also be
emphasized that the magnitude of liquefaction induced lateral ground failures are only
approximately correlated with factors of safety derived from force, or limit, equilibrium
methods of analysis. In light of the fact that these rigid body methods remain the standard
of practice limit, the maximum allowable ground deformations for common waterfront
components are listed along with minimum factors of safety against liquefaction for
foundation soils.

In the following, the allowable ground deformations are a primary design
consideration and they shall be evaluated with full consideration of liquefaction hazards.

Note:
The ground deformations and factors of safety in the following sections are

presented as target values. These values may be exceeded if it can be shown by
reliable procedures that the performance objectives will be met.  The ground

deformation state must be used with the structural analysis to make certain the
structural performance goals and limits are not exceeded.

It should again be noted that within each subset of components the magnitude of the
ground deformations causing damage will vary. The following criteria are provided as
minimum allowable conditions for insuring the acceptable seismic performance of
common structures and waterfront configurations. Unique or sensitive components may
require more stringent ground deformation criteria. In addition, the liquefaction criteria
are considered supplementary to the deformation criteria in that the liquefaction criteria
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can be relaxed if it is demonstrated using appropriate methods of analysis that the
deformation criteria have been met for each level of ground motion.

Ordinary Construction Ground failures due to liquefaction are to be precluded under
Level 1 earthquakes. Ground failures inducing limited foundation deformation (i.e., non-
flow failures) may occur during a Level 2 earthquake as long as structural collapse is
avoided.

The following criteria shall be applied for ordinary construction:

Level 1 Earthquake Motions

Total settlements less than 1 inch.
Total lateral deformation of less than 3 inches.
The factor of safety against liquefaction shall be greater than 1.5.

Level 2 Earthquake Motions

Total settlements less than 4 inches.
Total lateral deformation of less than 6 to 12 inches.
The recommended factor of safety against liquefaction should be greater than 1.0,

however in cases where it may not be possible to achieve a factor of safety greater than
1.0 lower values may be considered as long as the computed ground deformations are
within the ranges previously specified.

Wharf Dikes Ground failures due to liquefaction are to be precluded under Level 1
earthquakes. Ground failures inducing limited foundation deformation (i.e., non-flow
failures) may occur during a Level 2 earthquake as long as collapse of appurtenant
structures, damage to embedded deep foundations, is avoided and the structure is
repairable.

The following criteria shall be applied for wharf dikes:

Level 1 Earthquake Motions

Total settlements less than 3 inches.
Total lateral deformation of less than 6 inches.
The factor of safety against liquefaction shall be greater than 1.5.

Level 2 Earthquake Motions

Total settlements less than 6 inches.
Total lateral deformation of less than 12 inches.
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The recommended factor of safety against liquefaction should be greater than 1.0,
however in cases where it may not be possible to achieve a factor of safety greater than
1.0 lower values may be considered as long as the computed ground deformations are
within the ranges previously specified.

Gravity Retaining Structures Ground failures due to liquefaction are to be precluded
under Level 1 earthquakes. Ground failures inducing limited foundation deformation (i.e.,
non-flow failures) may occur during a Level 2 earthquake as long as collapse of the
retaining structures and/or appurtenant components is avoided.

The following criteria shall be applied for gravity retaining structures:

Level 1 Earthquake Motions

Total settlements less than 3 inches at the top of the wall.
Total lateral deformation of less than 6 inches at the top of the wall.
The factor of safety against liquefaction in the foundation and backfill soils shall

be greater than 1.5.

Level 2 Earthquake Motions

Total settlements less than 6 inches at the top of the wall.
Total lateral deformation of less than 12 inches at the top of the wall.
The recommended factor of safety against liquefaction should be greater than 1.0,

however in cases where it may not be possible to achieve a factor of safety greater than
1.0 lower values may be considered as long as the computed wall deformations are within
the ranges previously specified.

Anchored Sheetpile Retaining Walls  Ground failures due to liquefaction are to be
precluded under Level 1 earthquakes. Ground failures inducing limited foundation
deformation (i.e., non-flow failures) may occur during a Level 2 earthquake as long as
collapse of the retaining structures and/or appurtenant is avoided.

The following criteria shall be applied for anchored sheetpile retaining structures:

Level 1 Earthquake Motions

Total lateral deformation of less than 4 inches.
The factor of safety against liquefaction in the foundation and backfill soils shall

be greater than 1.5.



30

Level 2 Earthquake Motions

Total lateral deformation of less than 10 inches.
The recommended factor of safety against liquefaction should be greater than 1.0,

however in cases where it may not be possible to achieve a factor of safety greater than
1.0 lower values may be considered as long as the computed wall deformations are within
the ranges previously specified.

Piers and Wharves  Under Level 1 earthquake loading unacceptable deformations
resulting in widespread damage to the pier and ancillary components (e.g., pipes and
utility lines, pavements, conveyance equipment) should be precluded. Structural
deformations may occur during a Level 2 earthquake as long as the pier or wharf, and
appurtenant components, remains repairable.

The following criteria shall be applied for backfill and foundation soils adjacent to
piers and wharves:

Level 1 Earthquake Motions

Total settlements less than 1 inch.
Total lateral deformation of the backfill and pier less than 3 inches.
The factor of safety against liquefaction shall be greater than 1.5.

Level 2 Earthquake Motions

Total settlements less than 4 inches.
Total lateral deformation of the backfill and pier less than 12 inches.
The recommended factor of safety against liquefaction should be greater than 1.0,

however in cases where it may not be possible to achieve a factor of safety greater than
1.0 lower values may be considered as long as the computed ground and structural
deformations are within the ranges previously specified.

Essential Construction Under Level 1 earthquake loading deformations resulting in
damage to the structure and ancillary components (e.g., pipes and utility lines, pavements,
conveyance equipment) shall be precluded. Ground and structural deformations may
occur during a Level 2 earthquake as long as they are limited to insure operability of
critical functions in the facility. This includes utility lines associated with the structure.

The following criteria shall be applied for backfill and foundation soils adjacent to
essential construction:



31

Level 1 Earthquake Motions

Total settlements less than 1 inch.
Total lateral deformation of the foundation and backfill soil less than 3 inches.
The factor of safety against liquefaction shall be greater than 1.5.

Level 2 Earthquake Motions

Total ground deformations will be limited to preclude loss of operation and
nonrepairable structural damage of the essential component.

Construction containing polluting or hazardous material-  Settlements shall be
restricted to preclude release of hazardous material causing a major spill. The computed
deformation state shall be shown to have limited controlled settlements and restricted
lateral spread.

SUPPORTING STRUCTURES AND LIFELINE CRITERIA

Lifelines are facility and utility systems which are vital to the operation of a
terminal.  They may include electric power, gas and liquid fuels, fire detection and
suppression systems, telecommunications, transportation, port operation control
facilities, and water supply and sewers. As stated above, safe effective seismic
design  consists of  establishment of performance goals, specification of the earthquake
loading, and given that loading, definition of the expected acceptable structural response
limits.

When considering a facility/component supporting an essential function, it is
critical that the facility/component be considered as a system. It is not sufficient to
consider a facility/component simply as a structure or an element, but rather it is required
to consider all the elements required to accomplish the objective to be accomplished by
that structure or component. This usually includes requirements for electrical power,
mechanical systems, water and sewer, communications, road access etc.

Lifeline Performance Objectives

Ordinary Construction / Ordinary Lifelines -Lifeline service associated with
construction categorized as “ordinary” shall be designed with the same levels of service.
In general ordinary construction is expected to

 Resist a moderate level of ground motion without damage;
 Resist a major level of earthquake ground motion without collapse, but with

structural as well as nonstructural damage.
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Wharves and Piers Lifelines associated with pier or wharves shall be designed with the
same levels of service.

 Resist a moderate level of ground motion without damage;
 Resist a major level of earthquake ground motion without collapse, and with the

structural in a repairable condition.

Essential Construction / Essential Lifelines - Life line service associated with
construction categorized as “essential” shall be designed with the same levels of service.
In general essential construction is expected to:

 Resist the earthquake likely to occur one or more times during the life of the
structure with minor damage without loss of operation/function and the structural
system to remain  essentially linear.

 Resist the rare earthquake with a low probability of being exceeded during the life of
the structure and operate/function at the level required to meet operational needs.

Note that essential lifelines can be associated with piers and wharves such as electrical
control lines for valves, fire suppression, etc. In such cases the essential lifelines shall be
designed to the higher essential category and provision made to account for the
deformation state of the pier or wharf on the operation of the lifeline.

Hazardous Materials/Lifelines - Lifeline service associated with construction
categorized as containing “hazardous materials” shall be designed with the same levels
of service. In general hazardous material containment construction is expected to:

 Resist pollution and release of a major spill of hazardous materials for a very rare
event

Provision for tanks and pipelines containing hazardous materials are discussed further
below.

Design Earthquakes

The following is based on current criteria and an extension of existing mandates
logically applied to analogous situations.   Lifeline systems  shall be designed to resist
the loading produced as follows:

 Ordinary category of construction on average seismicity sites
 For sites of average seismicity, use code provisions contained in NEHRP which are
based on an earthquake with an approximate 10 percent chance of exceedance in 50
years.

 

 Pier or wharf category of construction
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 Sites where the lifeline is associated with a pier or wharf shall use a two-earthquake
procedure  with Level 1 and a Level 2 based on a local site seismicity study. Values
less than NEHRP code are not be permitted
 

 Essential category of construction
 Sites where the lifeline is deemed important and  essential shall use a two-earthquake
procedure  with Level 1 and a Level 3 based on a local site seismicity study. Values
less than NEHRP code are not be permitted.

 

 Construction containing polluting or hazardous material
A Level 4 earthquake shall be used.

Note where essential lifelines are found on piers or wharves and are required for control
of hazardous materials, the highest loading shall govern.

In addition to seismic ground motion there are additional hazards which must be
considered:

 Fault movement and ground displacement
 

 Liquefaction and associated lateral spreading, settlement flow slides, loss of support
and buoyancy of buried tanks.

 

 Landslides
 

 Tsunamis

Modification to Design Ground Motion The ground motions used in design of lifelines
may differ from the motions used in conventional facility/structure design since the
seismic motion on the lifeline may be substantially different than that associated with
free-field  ground motion.  For lifeline component elements located within a structure,
the component design loading can be substantially amplified by the response of the
structure. In such cases the motion to be used for design of the component must be the
local seismic motion transmitted by the structure to the component. In addition, the
ground motions used for evaluations of buried lifelines should account for the depth of
embedment. If a lifeline is buried at a significant depth (say 10 feet or more) then the
ground surface motions should be modified to account for dynamic soil behavior.

Liquefaction And Lifelines
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Design of structures  shall include provisions to evaluate and resist  liquefaction
of foundation soils and/or backfill, and account  for expected potential settlements and
lateral spread deformation. Liquefaction is discussed further in following sections.
Liquefaction is the single greatest cause of damage at the waterfront, especially in
wharves, quaywalls and retaining structures. Special care must be given to buried
pipelines in areas subject to liquefaction to preclude breaks resulting in release of a
major spill of hazardous materials.  The most important element in seismic design of
pipelines is proper siting. It is imperative to avoid areas vulnerable to ground failures
such as landslides and lateral spreads. The presence of any potentially liquefiable
materials in foundation or backfill areas shall be fully analyzed and expected ground
deformations (i.e., settlements and lateral earth movements) computed.  Since it is rarely
possible from an economic or technical perspective to eliminate earthquake induced
ground deformations in waterfront environments, specific attention shall be paid to
allowable ground deformations . Since liquefaction is a major damage mechanism at the
waterfront, remediation is a mandatory  requirement where the risk of a pipeline break or
tank failure is shown by computation to be possible and hazardous materials would be
expected to be released.

Pipelines

Pipelines must be designed to resist the expected earthquake induced
deformations and  stresses.  Generally permissible tensile strains are on the order of 1 to
2 percent for modern steel pipe.  To accommodate differential motion between pipelines
and storage tanks it is recommended that a length of pipeline greater than 15 pipe
diameters extend radially from the tank before allowing bends and anchorage and that
subsequent segments be of length not less than 15 diameters.

Flexible couplings shall be used on long pipelines. In general pipes should not be
fastened to differentially moving components; rather, a pipe should move with the
support structure without additional stress.  Unbraced systems are subject to
unpredictable sway whose amplitude is based on the system fundamental frequency,
damping and amplitude of excitation. For piping internal to a structure, bracing should
be used for system components.

 No section of pipe shall be held fixed while an adjoining section is free to move,
without provisions being made to relieve strains resulting from differential
movement unless the pipe is shown to have sufficient stress capacity.

.
 Flexible connections shall be used between valves and lines for valve installation on

pipes 3 inches or larger in diameter.

 Flexibility shall be provided by use of flexible joints or couplings on a buried pipe
passing through different soils with widely different degrees of consolidation
immediately adjacent to both sides of the surface separating the different soils.
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 Flexibility shall be provided by use of flexible joints or couplings at all points that
can be considered to act as anchors and at all points of abrupt change in direction and
at all tees.

 Adequate restraints shall be used for all piping.

Piping containing hazardous materials shall contain numerous valves and check
valves to minimize release of materials if there is a pipe break. A secondary containment
system should be incorporated where feasible.  When piping is connected to equipment
or tanks, use of braided flexible hoses is preferable to bellow-type flexible connectors
since the latter has been noted to fail from metal fatigue. Welded joints are preferable to
threaded or flanged joints.  If flanged joints can not be avoided the use of self-energizing
or spiral wound gaskets can allow a bolt to relax while continuing to provide a seal,
Association of Bay Area Governments (1990).  Seismic shutoff valves should be used
where necessary to control a system or process.

Tanks 

All tanks must be anchored.  A  pattern of well distributed anchor bolts works
best compared with fewer larger bolts. A maintenance program is required to inspect the
condition of the anchor bolts. Bolts showing corrosion must be replaced.  Vertical
motion can cause local tensile membrane deformation, elephant foot bulging, at the base
of the tank.  Tank venting is important to restrict implosion.

 Typically anchor bolts for new construction are designed with a safety factor of 4; a
value of 3.0 is used for evaluation of existing anchors. Provisions must be made to
evaluate the effect of corrosion in reducing the strength of existing construction.

To achieve the required system performance and satisfy regulations, additional
hazardous material containment systems are usually used as a backup. Containment
systems are composed of  either a singular system or a dual system as mandated by
public law as discussed in the Commentary. A singular system provides only a single
structural element system for material containment. Singular systems are restricted to
small systems of less than 660 gallons such that a failure shall not produce catastrophic
damage.  A dual system is composed of a primary containment structure and a secondary
containment system which shall function should the primary system be damaged.
Containment systems open to rain will need to be drained.

Design of tanks shall utilize the procedures discussed below.

 Tanks shall be designed against sliding and uplift and be fully anchored.

 Tanks designated as supporting essential functions (such as a fuel tank for a backup
generator) shall be designed to resist Level 3 earthquakes  using response spectra and
the API 650 procedures.
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 For both ordinary and essential tanks, a requirement exists to prevent uncontrolled
loss of contents and pollution of the environment for a Level 4.  This is discussed
below in the section Hazardous Materials Containment.

Such spill containment requirements may be met by provision of a containment system.
Singular systems must be designed so that the structure itself provides the margin of
safety to preclude release of materials. Dual systems may be evaluated on the basis of
total system performance allowing for the presence of the secondary confinement, such
that any release from the primary containment is confined within the secondary
containment. The secondary containment must function at such a level so as not to
permit an unacceptable release of materials. This requirement will be discussed below.

Failure of pipe to tank connections is common when there is insufficient
flexibility to accommodate differential motion between the tank and pipe network. This
can be prevented by having the first pipe anchor point at a sufficient distance (15 pipe
diameters minimum) from the edge of the tank and the pipe oriented in a radial direction
away from the tank. Additionally stairways should not be attached to both the foundation
and the tank wall.

API 650 states that piping attached to the tank bottom that is not free to move
vertically shall be placed a radial distance from the shell/bottom connection of 12 inches
greater than the uplift length predicted by the API 650 uplift model. The API model may
under predict the uplift so a value of twice the API shall be used.

Design of New Tanks The procedures described in American Petroleum Institute
Standard 650 (1993 with updates through 1996) shall be used as modified and updated
so as not to produce lower loads than what would be required by FEMA 302 Sec 4.1,
FEMA (1998).

For essential tanks, response spectra values shall be substituted for equation
values. The procedure considers that the loading consists of components at the tank
fundamental frequency and also components at the sloshing frequency.  Response
spectra values based on a tank period shall be substituted for ZIC1. Additionally,
sloshing period values shall be substituted for  ZIC2.  Tank wall stresses are computed
from overturning moments and compared with allowable values. The user shall consider
the amount of tank freeboard for sloshing. Failure to provide for sloshing could damage
the roof if the tank is completely full.  Provisions are included to allow for local site
conditions. A 2 percent damped curve is recommended for design of the structure, and a
0.5 percent damped curve is recommended for sloshing of the liquid.

Evaluation of Existing Tanks Existing tanks shall be evaluated using the procedures
for new tank design with an  factor applied determine design earthquake levels.
However, when an existing tank is found to be deficient it shall be checked using the
procedures described by Manos (1987). Since the new tank design procedures are
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conservative, an existing tank may be considered as acceptable if it meets the provisions
in Manos (1987) and has a lateral acceleration capacity in excess of demand.

Utilities On Piers

Piers may contain pipelines for fire suppression, freshwater, saltwater, steam,
compressed air, waste oil, sewer,  fuels, as well as electrical power and communication
lines.  Ship demands dictate the configuration. In general design of these lines follows
the general provisions discussed herein.  It is essential that the lines be attached to the
supporting structure with sufficient rigidity that the lines are restrained against
independent movement.  Attachments to a pier may be analyzed as simple two-degree-of
freedom systems as discussed in NAVFAC P355, Chapter 12.  Resonance amplification
can occur when the natural period of the supported pipe is close to the fundamental
period of the pier structure.  Flexible connections/sections shall be used to bridge across
expansion joints or other locations where needed. All piping and utility lines on a pier
shall be designed as essential construction. Specifically, the provisions of NAVFAC
P355 Section 12-7d shall be used.

Electric Power

Criteria for electrical power lifelines focuses on providing adequate anchorage.
All transformers on poles or platforms shall be anchored against overturning or sliding.
All equipment shall be anchored as required.  Equipment deemed as of ordinary
importance shall use lateral force requirements based on provisions of the 1997 Uniform
Building Code (ICBO, 1997).  Equipment deemed as essential shall have the lateral
force requirement computed based on local site conditions using peak ground
acceleration for essential facilities (Level 3) and a response spectra.  In any case lateral
forces shall not be less than Code provisions with an importance factor for essential
structures/components . This resulting force shall be used as a substitute for Code forces
and all remaining Code provisions will apply.

Snubbers by definition are restraints with an air gap.  Such anchorages can
amplify seismic motion by having equipment bang against restraints. Use of resilient
grommets or molded epoxy grouting can eliminate the air gap and reduce or avoid hard
surface contact. The snubber and the connection of the snubber to the equipment and
structure must have sufficient strength to transmit the inertial forces. Seismic isolation
can be an effective technique for reducing loading on floor mounted equipment. Seismic
isolation can be used in addition to snubbers or can be made a part of the snubber.
Proper anchorage capacity including both horizontal shear and overturning uplift is
required and a wedge anchor is recommended. Poured in place anchors are often not
feasible for snubber tie-down since equipment location is variable and may not be
defined specifically. Snubbers must be omnidirectional with at least a 3/8 inch resilient
collar; at least 4 snubbers must be used and all snubbers must be rated.  Adequate
accommodation of differential motion among components must be provided to prevent
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failure of items like ceramic insulators etc.  Adequate cable slack or break away
connections must be used.

Telecommunications Lifelines

Telecommunications encompasses conventional telephone requirements,
communications and all equipment control lines. The equipment must be rugged enough
to withstand the shaking.  The IEEE has established fragility requirements for some
equipment found in nuclear power plants.  Some equipment have fragility data. The
equipment must be attached in a manner to prevent damage.  Attachment can be made by
rigidly securing the item against overturning and sliding or where the equipment is
delicate it may be mounted on isolators to reduce transmitted motions.  A variation of
both approaches consists of leaving a large piece of equipment free to slide within
restrained limits to prevent overturning.

Traditional damage to telecommunication equipment has included overturning of
cabinet mounted electronics, failures of battery racks, failures of suspended ceilings,
rupture of piping and water damage to equipment, rupture of cables connecting
equipment which became dislodged, weld failures, and inadequate sizing of restraints.
Design rules must consider the inertia force of an object in overturning and sliding.
Elements attached to the structure must consider the relative displacement between
anchorage points.  Flexible supports must consider resonance points when the period of
vibration of the flexible mount is the same as that of the structure; stiffening the mount
can eliminate resonance.

HAZARDOUS MATERIALS CONTAINMENT

Performance Goal

This section of the criteria is intended to address the seismic design of industrial
support facilities, tanks  and pipelines which contain hazardous materials. This criteria is
intended to produce a level of design such that there is a high probability the facilities
and components will perform at satisfactory levels and prevent a release of a major spill
of hazardous material throughout their design life. Specifically for industrial support
facilities, tanks  and pipelines located in areas of high seismicity  shall be designed:

 To meet all of the provisions for tanks given above.
 

 To resist major earthquakes, Level 4,  which are considered as very rare events
without release of a major spill of hazardous materials.

Design Earthquakes
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The industrial support facilities, tanks  and pipelines  shall be designed to resist
the loading produced as follows:

 For sites of average seismicity, use NEHRP provisions, which establishes the
earthquake at a nominal 10 percent chance of exceedance in 50 years or preferably
the  Level 2 event from a seismicity study if available.

 

 Where the element/tank is deemed important and  essential use a Level 3 earthquake
and increase Zone Factor coefficient per response spectra techniques based on a local
site seismicity study. Values less than FEMA 302 Sec 4.1 are not be permitted.

 

 Use a Level 4 earthquake  for major spill prevention.

Industrial/Hazardous Tanks  and Pipelines Response At Design Loading Levels

Containment systems shall be composed of either a singular system or a dual
system as mandated by public law discussed in the Commentary. A singular system
provides only a single structural element system for material containment. Singular
systems are restricted to small systems such that a failure will not produce catastrophic
damage.  A dual system is composed of a primary containment structure and a secondary
containment system which will function should the primary system be damaged.

The structural response of the industrial support facilities, tanks  and pipelines
under the design earthquake levels shall meet all requirements for nonhazardous material
tanks
 

For a Level 4 earthquake, controlled inelastic behavior with maximum ductility
factors to preclude release of a major spill of hazardous materials. Singular systems must
be designed so that the structure itself provides the margin of safety to preclude release
of materials. Dual systems may be evaluated on the basis of total system performance
allowing for the presence of the secondary confinement, such that any release from the
primary containment is confined within the secondary containment. The secondary
containment must function at such a level so as not to permit an unacceptable release of
materials.

Design of structures  shall include provisions to evaluate and resist  liquefaction of the
foundation and account  for expected potential settlements and lateral spread
deformation. Special care will be given to buried pipelines in areas subject to
liquefaction to preclude breaks resulting in release of hazardous materials.  The most
important element in seismic design of pipelines is proper siting. It is imperative to
avoid areas of landslide and lateral spread The presence of any potentially liquefiable
materials in foundation or backfill areas shall be fully analyzed and expected settlements
computed.  Specific attention shall be paid to the acceptability of the amount of
settlements. Since liquefaction is a major damage mechanism at the waterfront,
remediation is a mandatory  requirement where the risk of a pipeline break or tank
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failure is shown by computation to be possible and hazardous materials would be
expected to be released.

ECONOMIC / RISK ANALYSIS

Performance Objective

Marine oil terminal facilities are important facilities.  Such facilities represent a
huge economic investment by the company operating the facility and at the same time
represent a vital resource upon which the State of California and its residents are
dependent. An additional issue of pollution of the environment is of major concern. The
economic viability of the operation, the need for the resources, and the concern for the
environment form a basis upon which to build a framework of decision making. This
criteria mandates a safe, design of new facilities and upgrade of old. It must carefully
balance the three elements.

There is an increased emphasis on post-earthquake functionality of essential
construction.  In this light, it is important to be able to evaluate the extent and location of
expected structural damage. Are there any weak links in the foundation or structural
system design which will preclude operability? Operability demands that the facility be
viewed as a total system not just a structural system. Utilities and the other elements must
function to have operability. Additionally a procedure is required to evaluate alternative
seismic designs/upgrades and select the most effective choice. This guidance presents
detailed analysis procedures which can evaluate seismic strengthening, expected damage
and the economics and risk of seismic design. The purpose of this procedure is to perform
an economic/risk based comparison of alternative designs of a structure considering
initial construction expenditures and expected earthquake induced damage over the life of
the structure.  It may compare different types of construction or different design levels. It
is thus intended to assist the user and the design engineer in obtaining cost-effective risk-
controlled seismic construction. Chapter 6 of the commentary defines the steps in the
procedure for conducting an economic/risk analysis.

The extent to which an existing marine oil terminal needs to be upgraded to enhance
seismic resistance depends upon the size of the risk it poses.

There are three possible approaches to seismic upgrade design:

 No Consideration of Risk.  Under this option, analysis of potential seismic risks would
not be considered in the marine oil terminal criteria; instead, seismic risk reduction would
be carried out using a conventional deterministic design or retrofit procedure that
presumably meets certain seismic performance requirements under designated seismic
hazard levels.

 Risk as a Fallback. Position.  Under this option, the user would either upgrade a facility to
new construction levels of seismic performance under stringent levels of seismic hazard,
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or could undertake a risk analysis to justify a lower level of seismic upgrade, as long as
the resulting seismic risks are acceptable.

 Total Risk-Based Approach. Under this last option, all seismic risk reduction measures at
a marine oil terminal would be risk based; i.e., a seismic risk analysis would be used to
check whether the oil terminal system’s seismic risks meet certain risk-based criteria..

It should be obvious that design of a seismic upgrade by the first option which does not
consider or evaluate the risk could result in expenditures of money while the potential for
a large spill may still be unacceptably high. For this reason the second option is suggested
as the minimum requirement for design of an upgrade.

Oil Spill Cost and Significance

The cost of an oil spill involves several elements including: the direct cleanup cost
involving the expenditures on removal of the oil, the loss of use factors, the cost of
damage to the coastline and the environment in the form of the destruction of wild life
and natural resources. Additionally there are third-party damages consisting of individuals
who suffered property damage from contact with the oil.

The State of California Office of Oil Spill Prevention and Response estimates the
cost of an oil spill based on an average of 108 oil spill incidents as follows:

Cleanup cost  $150 /gallon
Third-part cost $100 /gallon
Natural resource damage $200 /gallon
Total Cost $450/gallon

Noting that there are 42 gallons per barrel, the cost of a 1200-barrel spill would be
$22,680,000.  The 1990 Oil Pollution Act establishes a level of financial responsibility
for a 1000-barrel oil spill in federal waters at $35 million. It is obvious that a 1200-barrel
spill is a very large and costly event. The size of a potential spill and the associated costs
must be included in a risk analysis.

Outline of Risk Analysis Procedure

 The risk approach is described in more detail in the Chapter 6.  The major steps of the
procedure, as they are given in Chapter 6, are  summarized:

(1) Define system and components to be evaluated;

(2)  Identify seismic risk reduction alternatives;
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(3) Define multiple scenario earthquakes;

(4) Estimate site-specific seismic hazards;

(5) Implement alternative seismic design/strengthening strategies for individual
components within overall system;

(6) Evaluate seismic performance of overall system; and

(7) Assess seismic risks and modify component designs if appropriate.

The specific substeps under Step 7 are summarized,

    (7-1) Develop risk and decision calculations for risk reduction alternatives;

    (7-2) Select risk reduction alternatives that best fit performance criteria; and

    (7-3) Review selections of risk reduction alternatives with public.

The results of a economic/risk analysis  are expressed in the form of cost vs. risk. The
study not only shows the economics of the decision making process of selecting
alternative designs, but also gives insight of component behavior showing which
elements form the “weak links”.  The analysis quantifies the reduction in spill potential
for various upgrade options.    Thus the effectiveness of the economic investment for each
upgrade alternative can be shown in terms of  the risk of a major spill.

Supporting lifelines are part of the overall marine oil terminal system that need to be
considered when evaluating whether the levels of risk to life safety, the environment, terminal
operations, or economic losses are acceptable.  Performance requirements given for
supporting lifelines should be consistent with overall performance requirements given earlier.
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CHAPTER 1  CHARACTERIZATION OF REGIONAL SEISMICITY AND
GROUND SHAKING HAZARDS

Introduction

The objective of this chapter is to introduce the seismic and geologic hazards that have
contributed to severe damage at port facilities during recent earthquakes, as well as provide an
overview of the methods that are commonly used in practice to evaluate these hazards. This
chapter is intended to serve as a resource document and as such, the introductory material is
supplemented with numerous references to assist interested readers in locating additional sources
of practical information on hazard analyses for ports. In addition to the references that address
the specific topics discussed herein, the reader is directed to several recent publications which
provide comprehensive treatment of seismic and geologic hazards (e.g., Kramer, 1996; Okamoto,
1984) and seismic design issues for port facilities (e.g., Port of Los Angeles, 1990; Tsinker,
1997). The recent report “Guidelines for Evaluating and Mitigating Seismic Hazards in
California” prepared by the CDMG (1997) is a particularly worthwhile reference.

A comprehensive seismic hazard evaluation addresses topics such as the spatial and
temporal occurrence of earthquakes, the characteristics of the ground motions that may be
anticipated over specified time intervals, and the dynamic response of soils subjected to the
design level ground motions. These factors collectively define the seismic hazard at a site. The
evaluation of these hazards will generally proceed in five primary steps that include: (a)
identifying potentially active seismic sources in the region, (b) estimating the seismicity
associated with the individual sources, (c) evaluating the influence that the travel path has on the
characteristics of the seismic waves as they propagate from the source to the site, (d) assessing
the dynamic response of near surface soils (addressed herein), and finally (e) analyses of the
stability of foundation soils and structures subjected to the design level ground motions. The
collection and synthesis of this information involves input from geology, seismology, and
engineering disciplines.

Seismic Source Identification and Characterization

The identification of seismic sources in the region of interest and the evaluation of the
seismicity attributed to these sources forms the basis for the seismic hazard analysis. Primary
seismological issues include: the location of local earthquake sources, the rate of seismicity
attributed to each source as a function of earthquake magnitude, and the maximum credible
earthquakes that could be generated by each seismic source. This evaluation requires the
synthesis of geographic, geologic, and seismological data. An outline of the major components of
a seismic hazard evaluation is provided in the following sections.

Characterization of the Regional Tectonic Setting
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Earthquakes are associated with the release of strain energy along discontinuities in the
earth's crust. These discontinuities, or faults, are manifested as crustal plate boundaries and
fractures within plates. Most of the world's seismicity occurs along the plate boundaries due to
the relative motions of the adjacent plates. Significant earthquakes have, however, also occurred
within the crustal plates (termed intraplate earthquakes) along ancient rift zones and in regions of
volcanic activity. The style of faulting, rate of seismicity, and the size of the greatest earthquakes
associated with a potential seismic source are related to the tectonic processes in that region and
the resulting stress patterns in the shallow crust. Excellent introductions to the seismological
aspects of seismic hazards (i.e., global tectonics, the causes of earthquakes, earthquake
magnitude scales and related topics) have been presented by Bolt (1993) and Idriss (1985).

The progressive increase in crustal stresses leads to the failure of crustal rocks along
faults. The direction of the fault rupture is used to characterize various fault types. Three general
types of fault - strike-slip, reverse, and normal - are illustrated in Figure 1-1. Pure examples of
these fault types rarely occur; rather, the relative movement along the fault has components both
parallel and normal to the fault trace. It is important to characterize the pattern of crustal stresses
in that this determines the type and depth of faulting, and influences hazards such as surface
faulting, enhancement of ground motions due to the rupture mechanism, and directivity of
potential seismic energy release.

Figure 1-1: Fault Types (Werner, 1991)

A variety of tectonic regimes exist in California. The tectonic provinces in the United
States can be generally classified based on the mechanisms that produce the earthquakes and the
style of faulting that is observed. For example, (a) subduction zones found in the coastal regions
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of northernmost California (north of Cape Mendocino) lead to thrust-type earthquakes (e.g., Ms

7.0 1992 Cape Mendocino earthquakes); (b) transform faulting along the western margins of
California produce predominantly strike-slip earthquakes (e.g., Ms 8.2 1906 San Francisco
earthquake, Mw 6.9 1989 Loma Prieta earthquake); (c) intraplate rift zones and Basin and Range
faulting have produced  large historic earthquakes in the eastern portion of California; and (d)
volcanic processes have also produced significant earthquakes. With respect to marine oil
terminals located in coastal regions and along inland waterways the seismic hazard is associated
with the first two types of faulting.

Local variations in the crustal stress fields and fault geometry within broad regional
tectonic regimes can result in earthquakes of different rupture process in the same region (e.g.,
Ms 6.4 San Fernando and Mw 6.7 1994 Northridge thrust-type earthquakes). In this the symbols
Ms and Mw denote the surface wave magnitude and the moment magnitude of the earthquakes,
respectively. These represent two of several magnitude scales that have been developed by
seismologists (Bolt, 1993; Idriss, 1985). The surface wave magnitude and moment magnitude are
the most commonly referenced magnitude scales in engineering practice and the difference in the
magnitudes is minor in the range of practical interest (M 6 to 8).

The identification of regional faults, fault systems, or seismic source zones is the first step
in the seismic hazard evaluation. The location of seismic sources is based on contributions from
historic observations, surface mapping of offset strata, surface geomorphology, trenching studies,
geophysical imaging, aerial photo interpretation, remote sensing, and geodetic leveling.

With respect to the historic record of earthquakes, the US Geological Survey National
Earthquake Information Center, Denver, Colorado has produced EPIC, "The Global Hypocenter
Data Base" (NEIC, 1992), a CDROM which contains parameters for more than 438,000
earthquake events.  Seven world-wide and 12 regional earthquake catalogs were assembled to
produce this data base, spanning a time period from 2100 BC through 1990.  Useful data for the
United States is generally constrained to the period when instruments were available to compute
event magnitude.  Each earthquake is detailed where data are available with date, origin time,
location, magnitude estimates, intensity, and cultural effects.

A computer program, EPIC, is available for searching the CDROM.  EPIC makes data
available to information users via a user-defined search request.  The request determines which
steps are necessary to produce the desired output. An automated plotting package that produces
seismicity maps in multicolor or monochrome is incorporated into the EPIC software.  The data
to be mapped are extracted from the selected data and plotted in a global or regional format. The
availability of the CDROM data base of epicenters and EPIC software greatly facilitates creation
of the historical epicenter subset required for use with automated site seismicity analysis tools.
Details are presented in the EPIC user's manual, which will not be repeated here.

A number of data fields for some events are unfilled because the information is not
available.  Information on cultural effects, intensity, and other phenomena associated with the
event has been included for earthquakes in the United States. The quality of epicenter



1-4

determinations varies significantly with the time period studied.  Before 1900, locations are
usually noninstrumentally determined and are given as the center of the macroseismic effects.
Most instrumental epicenters prior to 1961, excluding local earthquakes in California, were
located to the nearest 1/4 or 1/2 degree of latitude and longitude.  Reliable information on the
quality of many epicenter determinations is lacking.  Beginning in 1960, epicenters have been
determined by computer, and the accuracy is generally better.  However, although stated to tenths
or hundredths of a degree, the location accuracy is usually a few tenths of a degree.  Since May
1968, the latitude and longitude values for most events have been listed to three decimal places.
This precision is not intended to reflect the accuracy of the location of events except for local
California earthquakes and special epicenter determinations.  Where several sources have
determined an epicenter for the same earthquake, one solution has been designated as the most
reliable.  Usually it is the source believed to contain the best data set for the earthquake.  In some
cases, data from two sources were combined to provide a more complete record.  Magnitudes
from a number of different sources are included in the earthquake data file.  Gutenberg and
Richter (1954) and Richter (1958) discuss the development of the magnitude scale.  Many
magnitudes published by Gutenberg and Richter (1954) were later revised by Richter (1958).
The revised magnitudes are used in the file even though the source is identified as Gutenberg and
Richter (1954).  The concept of earthquake magnitude is not restricted to one value.  Several
definitions are possible, depending on which seismic waves are measured.  Three different
magnitude scales, body wave (mb), surface wave (Ms), and local (Ml), are distinguished in this
file.  In addition, another data field, other magnitude , was included when it was unclear which
scale was used.  Recent earthquakes are being defined by moment magnitude. Richter (1958) and
other modern seismology references provide detailed discussions on the topic of magnitude
determination.  The different scales do not give exactly comparable results, and different values
frequently are given for the same earthquake (Idriss, 1985).  It is common practice to average the
individual magnitudes from different stations to get a more uniform value within each scale.

In general, the file contains earthquakes of magnitude less than 4.0 only for the United
States region and for areas within dense seismic station networks.  However, no claim is made
for the statistical homogeneity of these events.  Inclusion of earthquakes of magnitude 4.0 to 5.0
also is influenced by the proximity of seismic stations to the source or epicenter.  A maximum
intensity is listed for many of the earthquakes.  Each is assigned according to the Modified
Mercalli Intensity Scale of 1931 (Bolt, 1993).  Some of these values have been converted from
reported intensities on other scales.

A period of demonstrated quiescence over a geological time period indicates inactivity of
the fault and probable continued inactivity.  However, inactivity over a period of historic
recording (50 to 100 years) does not imply future inactivity.  Rather, it may point to a region
which is locked and through which a major fault rupture may propagate.  A number of
earthquakes producing damage in southern California occurred on faults lacking historic activity.
Caution must be exercised to recognize that the limitations of an incomplete data base when
extrapolating to return periods greatly exceeding the length of the period of recorded data.
Furthermore, aftershocks must be distinguished from main shocks.  An area having recently
undergone a large event releasing strain built up for hundreds or thousands of years is probably
safe against a large release in the near future.  Thus, a recent large event on a fault might actually
indicate safety in the immediate future, rather than an indication of increased activity.  A single
event by itself cannot give an accurate measure of return time.
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Despite the tremendous advances in fault identification that have been made possible by
geophysical imaging studies, field mapping, and deep drilling projects, uncertainties still exist in
the identification of faults capable of generating damaging earthquakes. Faults may lack surface
expression due to burial under thick sedimentary deposits, or the combination of very low
deformation rates and active geologic processes such as erosion which obliterate evidence of
faulting. Several notable examples of concealed seismic sources include: “blind” thrust faults
(Mw 6.7 1994 Northridge earthquake), rupture along folded strata at depth (Ms 6.7 1983
Coalinga, CA earthquake). Of particular concern may be the existence of potentially active off-
shore seismic sources that have not been well characterized. Once faults have been identified, the
seismicity associated with the feature must be assessed (as discussed below). Detailed maps that
identify active faults are available in only a few areas of the United States. One such region is the
San Francisco Bay area in California, Figure 1-2. The network of faults associated with the San
Andreas Fault System are relatively well defined in this region, and distances between the site of
interest and the local faults are well constrained.

In several regions of California the tectonic processes responsible for historic earthquakes
have not been well defined. This is particularly true in regions of diffuse and low level seismicity
such as the Central Valley (Sacramento-San Joaquin). Although these regions have been
characterized as exhibiting relatively low seismicity, notable earthquakes have occurred (e.g.,
MMI IX 1892 Vacaville earthquake, MMI IX 1892 Winters earthquake)). In these regions the
tectonic provinces are established from the geologic history of the region, structural trends in
geologic units, geographic terrain, and measured crustal movements from geodetic
investigations.

Evaluation of Potential Seismic Sources

The second step in a seismic hazard analysis incorporates historic seismicity, geologic
evidence for prehistoric earthquake activity (termed paleoseismicity), and comparisons with
similar tectonic regions around the world in order to establish the seismicity of the regional
seismic sources. At this stage of evaluation the rate of seismicity (i.e., the recurrence interval for
probable, earthquake are established. The historic record has been earthquakes of various
magnitudes) and the estimation of the maximum credible, or used  as one of the primary
indicators
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Figure 1-2: Faults In The San Francisco Bay Region (Modified From Brown
And Kockelman, 1983)
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of earthquake activity in most regions of the United States. The plate boundaries are well defined
along the western United States by the historical patterns of seismicity. It is evident that although
the highest rates of seismicity are found along coastal California, potentially damaging
earthquakes have occurred during the historic record in many regions of the state. Several of
these occurred in coastal regions and along inland waterways in other portions of the state.

The historic record of earthquakes in most of the United States is relatively short when
compared to the length of time that would be required to accurately assess, from a statistical
standpoint, the “average” rate of seismicity in a region. For this reason the historic record of
earthquakes should be viewed as an incomplete indicator of seismicity levels in a region. In this
situation the historic record of earthquakes must be supplemented with indirect lines of geologic
evidence for faulting. Geologic investigations include: geomorphology studies of ground surface
features along faults (e.g., sag ponds, offset streams, rift valleys), fault trenching studies,
paleoseismicity investigations which look for evidence of ground failures caused by prehistoric
earthquakes, and geophysical investigations to detect the deformation of soil and rock units at
depth. From an engineering perspective, a fault is considered “active” if evidence has been found
for earthquakes during the Holocene Epoch (i.e., the last 11,000 years).

The hazard posed by a potential seismic source is directly related to both the size of the
earthquakes generated along the fault and the recurrence interval for damaging earthquakes.
Given the relatively short historic record of earthquakes in most regions of the United States, it is
doubtful that the “true” pattern of seismicity has been established in most regions. As a result of
the scarcity of long-term seismicity data, the maximum credible earthquake (MCE) that can be
attributed to a potential seismic source is usually specified independent of the time (i.e.,
deterministically) on the basis of geometry of the fault and the tectonic setting. The rate of
seismicity is, by definition, based on the recurrence intervals between earthquakes of various
magnitudes. Establishing the recurrence intervals for earthquakes will reflect the historic rate of
seismicity, as well as the length of the historic record of earthquakes. In most regions of the
United States, the combination of a relatively short period of observation (200 to 400 years) and
low to moderate seismicity requires that the rate of seismicity used as the basis for engineering
design be based on probabilistic methods of analysis. Useful overviews on the characterization of
seismic sources have been prepared by Cluff and Coppersmith (1990), Coppersmith (1991) and
Power et al. (1986).

Maximum Earthquake Magnitude     

Once the potential seismic sources in a region have been identified, the maximum
earthquake magnitude is estimated from historical seismicity and/or geologic data. Methods
which are used to estimate the largest earthquake that may be generated by a specific source
without regard to the length of time that may elapse between earthquakes of this size are termed
deterministic. By specifying the MCE as independent of time, the worst case scenario is
established. Empirical techniques which relate fault geometry to the magnitude of the largest
earthquake are commonly used in deterministic analyses. One such method which relates
measured surface rupture lengths to the moment magnitudes of the causative earthquakes is
shown in Figure 1-3. It is common for practitioners to use relationships such as this to estimate
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the maximum credible earthquake for faults based on the mapped length of the fault. For
example, this technique could be applied to the faults illustrated in Figure 1-2. While this
provides a simple estimate for the maximum earthquake along a fault several points should be
noted. First, experience has demonstrated the faults rarely rupture from end to end during a single
earthquake, therefore the use of the entire mapped fault length could yield overconservative
magnitude estimates. Equally important is the fact that fault segments that may or may not appear
to be connected based on geologic information can rupture together during one earthquake (as in
the Ms 7.5 1994 Landers, CA earthquake). The effect of this segmentation is apparent in Figure
1-2 where significantly different magnitude estimates are obtained if different fault segments are
assumed to be connected (e.g., Healdsburg-Rogers Creek fault

    

Figure 1-3:  Relationships Between The Rupture Length And Earthquake Magnitude
(Wells And Coppersmith, 1994)

and the Hayward fault; the Green Valley, Concord, and Calaveras faults). Additionally, this
method of evaluation also assumes that the actual length of the fault has been identified.

Earthquake Recurrence Rates

Seismicity rates used in hazard analyses are estimated using two primary methods; magnitude-
frequency of occurrence relationships based on historical seismicity, and recurrence intervals based
on the slip-rates along active faults.

Historical Seismicity Estimates for the recurrence intervals for potentially damaging
earthquakes are established from historic seismicity data and, to a lesser extent, on geologic
evidence for prehistoric earthquakes. In many regions the historic record is sufficient to define
the seismic hazard associated with small to moderate sized earthquakes (M 4 to 6). The
uncertainty increases with increasing magnitude (which are usually the magnitudes of interest for
engineering purposes). Seismicity data can be plotted as the number of earthquakes that have
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occurred (as functions of the duration of the historic record and the area of the region considered)
versus magnitude in the form shown in Figure 1-4. The equation for the line on this semi-
logarithmic plot is termed the Gutenberg-Richter equation and it has the form:

log10N = a – bM                         1-1

where N is the number of shocks per year for a given magnitude (M), 10a is the mean yearly
number of earthquakes of magnitude greater than or equal to zero, and b describes the relative
likelihood of large and small earthquakes. Mathematically, the b-value is the slope of the logN
versus M line and it is widely used to model regional seismicity rates.

The b-value is important in that it represents the rate of seismicity for the region.
Significant uncertainty can exist in specifying the b-value since the line is not well constrained
for small magnitudes due to limitations in earthquake detection, and more importantly, for the
larger magnitudes due to the incomplete record of earthquakes and the relatively small number of
large earthquakes. The plot is, however, very useful in demonstrating that as the specified return
period, or “exposure”, increases the size of the largest earthquake that is likely to occur during
that span of time also increases. This increase in magnitude is not a linear function of time.
Furthermore, the anticipated earthquake magnitude does not continue to increase as the
recurrence interval increases. The maximum earthquake will be limited to the maximum credible
earthquake established using deterministic methods of evaluation.

Figure 1-4:  Inconsistency Of Mean Annual Rate Of Exceedance As Determined From
Seismicity Data And Geologic Data (Youngs And Coppersmith, 1985)

Geologic Data  It is very difficult to establish the Gutenberg-Richter frequency-magnitude
relationship for individual faults. Given this shortcoming, an alternative method that is based on
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the average slip rate along the fault is used to supplement the historic record of earthquakes for
an individual source. Slip rates obtained from geomorphology studies, fault trenching,
geophysical investigations, or estimates made by comparisons to other faults in similar tectonic
regimes are related to the moment magnitudes (proportional to the area of the fault rupture times
the average fault displacement, or slip, during the earthquake) for credible earthquakes. Long
term slip rates can be used to estimate the average rate of seismic moment release from a fault.
Using relationships between earthquake magnitude and seismic moment one can then use the
fault slip rate to estimate the rate of earthquake occurrence on the fault (Geomatrix, 1995).

Seismic hazards in a region are rarely due to a single seismic source. In most seismically
active regions several faults or a network of closely spaced faults contribute to the overall
seismic hazard. The maximum credible earthquake and seismicity rates will vary for each source.
The seismic hazard at a port facility in these regions will reflect the combined hazard from each
of the individual sources. In light of the fact that the recurrence intervals for damaging
earthquakes generated along each fault vary, the hazard must incorporate the contribution of each
of the faults for the return period of interest. The synthesis of the seismicity data for each source
in the evaluation of the seismic hazard for a specific site is usually performed using probabilistic
analysis methods.

Probabilistic seismic hazard analyses are commonly used to evaluate the relative
contributions of each seismic source on the overall seismic hazard. Probabilistic methods offer
several distinct advantages in establishing the contribution of the individual seismic sources on
the aggregate hazard at a site. These include: (a) varying rates of seismicity can be incorporated,
(b) the influence of uncertainties in the source characterization on the resulting design level
motion can be evaluated, and (c) the influence of return period on the anticipated intensity of
ground shaking can be determined. These factors are assessed through the use of “logic-trees”
which allow systematic consideration of uncertainty in the values of the parameters of a
particular seismic hazard model. Introductions to the concepts behind probabilistic analyses and
their practical application are contained in Coppersmith (1991), Kramer (1996), Power et al.
(1994), and the Working Group on California Earthquake Probabilities (1990).

The use of logic trees facilitates the incorporation of alternative hazard models in
evaluating the seismic hazard at a site. As shown in Figure 1-5, each of the different models are
assigned a weighting factor which indicates the relative reliability of the parameters being used in
the model. The logic tree in Figure 1-5 was developed during a seismic source characterization
study of the. The headings list various aspects of the fault geometry that affect the recurrence
relationships for subduction earthquakes along the interface between the Juan de Fuca and North
American plates. The weighting factors are given in parentheses and these represent the relative
confidence that the investigators had in the individual models. It should be noted that the specific
weighting values used are subjectively determined from empirical data on the characteristics of
faults in similar tectonic environments and considerable judgment.

A Procedure For Computing Site Seismicity (U.S. Navy Method, Ferritto,1994)
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As noted by Coppersmith (1991), many elements of seismic source characterization
depend on the tectonic environment. A seismic model must be based on the knowledge of the
local area.  It can consist of either an area source zone or a detailed fault definition region.Where
specific faults are identified as contributing to the regional seismic hazard these sources can be
modeled as a line source extending along prescribed portions of the fault. Where a fault exhibits
variations of activity along its length, it can be divided into subelements containing regions
where activity is uniform.

For the procedures developed herein, a fault segment can be modeled by two line
segments defined by three points. The events to include or associate with the fault are defined by
specification of a distance from the fault line, such that all those events within the distance are
grouped with the fault.  Alternatively, a region can be designated by four points to bound the
fault.  Again, note a fault can be divided into pieces where activity or geometry so dictates.

Source zones are specified as regions where a zone of like seismicity is evident.  The
regional geology and tectonics assist in defining the source zone boundaries.  A source zone is
defined as a region of uniform seismicity, such that an event is equally likely to occur in any
portion of the zone.  This is characterized by the concept of a "floating earthquake," an event that
can occur anywhere in the zone.

In the development of a site model, it is important to keep in mind that an equivalent
representation of a region is being created by a series of fault line segments or source zones.  The
seismicity must be captured in terms of its spatial location and in terms of the level of activity.
Assignment of events to one fault source as opposed to another increases that fault's contribution
to the estimation of event recurrence.  It is important to capture all of the regional the seismicity.
For faulting conditions where there are a number of parallel elements, it may not be easy to
separate which events are associated with which fault.  Consideration must be given to the dip of
the fault in assigning events, since the epicenter for a sloping fault can actually occur in a number
of kilometers away from the surface trace of the fault.  The large majority of strike slip faults
have steep dips of 70 degrees or greater.  On the other hand, thrust faults generally have dips
much less than this, generally in the range of 45 to 60 degrees.  For the cases where a fault is
close to a site (within 10 miles), special considerations should be given to the location of the
fault line segments that define the fault model.  If the fault dips toward the site, the actual
epicentral distance may be closer to the site than the surface trace of the fault. For faults at
greater distances, the difference becomes less significant.

Once a fault or region has been defined as a seismic source, the maximum earthquake
magnitude must be defined.  In a previous section, a plot was shown relating fault rupture length
to magnitude.  The length of a fault can be estimated from maps.  An assumption can be made
that a fault will rupture over 50 to 80 percent of its length.  This estimate of rupture distance can
be used to define the fault magnitude.  Estimates of fault magnitudes have been made for some
Western United States faults.  It is essential to review previous geologic and seismological
studies for the region to develop an understanding of the site's tectonic setting and seismic
potentials.

Computation Of Recurrence Parameters 
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The procedures discussed in this section are equally applicable to regional analysis or
fault analysis.  The subset of events assigned to the source zone of interest are used to calculate
the Richter A and B coefficients, Equation 1-1 above.  This computation defines the earthquake
recurrence as a line on a semilog plot.  The linear segment is bounded by a maximum magnitude
determined as discussed above and by a minimum magnitude below which the data becomes
nonlinear.  Typically, the value of B is about -0.9.  The general earthquake recurrence is thus
initially defined.  However, as will be shown in the following sections, two important elements
are added to geologic slip data and characteristic magnitude.

Geologic Slip-Based Recurrence

A procedure were presented above for calculating recurrence based on the geologic slip
rate data.  Once the seismicity is estimated from the historical data, the geologic data can be
compared.  The procedure allows the user to adjust the A and B values from the historical data to
include information based on the longer span geologic data. Should other studies be available,
the results of these individual fault studies can be used here by adjusting the recurrence
parameters.

Characteristic Magnitude

As discussed above, geologic data may show the presence of history of a characteristic
event at some average return time.  The seismicity defined by the historical data fails to capture
this activity, so it is important to include it within the set of events developed for the fault.  Once
the size of the event and the effective average return time is defined, it is possible to include this
in the analysis.  Again, if studies with more advanced models are available to define temporal
distributions, that data can be used here.

Computational Procedure 

Various approaches were presented above to determine the probability of earthquake
occurrence.  As shown above, various amounts of data are required, some of which are beyond
the scope of an engineering investigation.  The engineer is free to use any documented procedure
which will achieve valid results.

One approach was taken in the formulation of a Monte Carlo simulation procedure,
Ferritto (1994).  The procedure uses the fault model and regional model discussed earlier,
together with the recurrence procedure.  As stated above, the A and B parameters combined with
geologic slip rate data and characteristic magnitude form the basis for the recurrence function.
Once the recurrence function for a fault is defined, the magnitude distribution can be computed.
The process is done for each fault individually.  A list of 5,000 events representing the largest
magnitudes expected to occur in 50,000 years is computed.  For each magnitude, a fault break
length is determined using data by Coppersmith (1991).  A random epicenter location is selected
along the fault.  The fault break is then assigned to the random epicenter.  Various distances are
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computed, such as epicentral distance, hypocentral distance, and closest distance of fault break to
site.  The choice of distance depends on the acceleration attenuation equation chosen by the user.
Using the magnitude and separation distance, a site acceleration and standard deviation are
computed.  A random acceleration is then determined.  Associated with each acceleration is the
causative event and distance.  The process is repeated 5,000 times for each fault.  The random
fault data are then combined for a total site probability distribution.  The procedure described
above has the advantage that historical data are augmented with available geologic slip data.
Where characteristic events are defined, they may be easily incorporated at the appropriate return
time.  The effective nonlinear recurrence function attempts to capture the temporal characteristics
of the data without complex estimates of Markov or Bayesian parameters.

Crustal Deformation Hazards

The process of fault rupture and the release of strain energy results in permanent crustal
deformations. The surface manifestation of this deformation will reflect factors such as the type
of faulting (thrust versus strike slip), the magnitude of the earthquake, and the nature of the near-
surface rock or soil (Bray et al., 1994). These seismic hazards include relatively deep seated
crustal deformation, and surficial deformations such as ground rupture, and creep along the fault.
Deep seated deformations tend to be very broad and regional in nature while surficial
deformations are generally very localized along faults. The seismic hazards associated with
tectonic deformations can be generally confined to (a) regional vertical deformations in regions
of
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Figure 1-5: Seismic Source Characterization Logic Tree For Cascadia Interface
Source (Geomatrix, 1995)

dip-slip faults (thrust or extensional faulting), and (b) surface deformations which occur along, or
in close proximity, to faults that rupture at the ground surface. The first of these scenarios may
affect regions with subduction zone earthquakes  while the second phenomena will be of concern
to ports that are located on active faults.

Ground Surface Rupture  Ground surface rupture is commonly associated with earthquakes of
magnitude 5.5 and greater. The extent of the rupture and the displacement across the fault
generally increases with magnitude. Average displacements across the faults vary from
approximately 1 cm for Mw 6.0 to as much as 7.5 meters for Mw 8.  Experience during
earthquakes demonstrates that lifelines (e.g., water, power, transportation and communication
lines) that cross active faults are vulnerable to damage from fault offset. Although the likelihood
of fault passing directly through a port is small, port authorities should be aware of the lifelines
that serve the port, and the routing of these lifelines relative to local faults.

Creep Slow, aseismic crustal movements across faults are termed creep. Although this
phenomenon is not associated with strong ground motions, it does constitute a seismic hazard in
several regions of the United States. As with earthquake induced displacements across faults,
long-term creep affects lifelines that cross the fault by producing relative offsets.
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Ground Shaking Hazards

This section provides background information on earthquake ground motions, including the
characterization of strong ground motions for engineering design purposes, the geological
parameters that affect the strength of the ground shaking, and current methods for estimating site-
specific ground motion parameters. The behavior of soil deposits and structures during
earthquakes is dependent on the strength, frequency content, and duration of ground shaking. The
strength and duration of the ground motions are fundamentally related to the seismic energy
imparted into a body, while the frequency content is important in assessing the response of
structures. Procedures for characterizing each of these parameters are summarized below.

Characterization of Ground Motions

For earthquake engineering of structures and soil materials, potential ground motions at a site
are characterized in terms of their strength, frequency content, and duration. These characteristics
are discussed below. Further discussion of these ground motion characteristics with regard to
their use in the seismic design and analysis of port structures is provided in following chapters.

Strength of Earthquake Ground Motions

Qualitative Measures The strength of earthquake ground shaking has historically been
characterized on the basis of qualitative intensity estimates and, with the advent of strong motion
recording instruments, peak acceleration and other quantitative single-parameter measures of the
strength of the shaking as obtained from recorded ground motions.  The intensity of the ground
motions is established using a qualitative scale that uses Roman numerals to represent the effect
of the earthquake shaking; (a) on persons in the felt area (i.e., human perception of the ground
motions); (b) the response of structures and other objects; and (c) the ground (i.e., geologic
phenomena induced by the earthquake shaking). One such scale -- the Modified Mercalli
Intensity scale -- has been widely used in North America as a method of representing the strength
of earthquake motions in the absence of recorded motions. Other qualitative intensity scales are
used in other parts of the world.  Maps which illustrate the relative intensity levels in affected
areas (termed isoseismal maps) have been used to estimate ground motion parameters for use in
engineering analysis and design in regions lacking instrumental strong motion data (Bolt, 1993;
Kramer 1996).

Quantitative Measures  It is common in engineering design and analysis to characterize the
strength of the ground shaking using simple, single-parameter, quantitative measures, such as
peak acceleration, velocity, and displacement; and effective peak acceleration, velocity, and
displacement). Such parameters have gained wide acceptance because they are easily
incorporated into standard pseudostatic methods of analysis. However, the characterization of a
transient time history of motion using a single peak ground motion amplitude fails to account for
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other important aspects of the motion (i.e., frequency content and duration). In order to overcome
the deficiencies in peak ground motion parameters, parameters based on energy concepts and
spectral response (as discussed below) have been developed (e.g., root-mean-square acceleration,
power spectrum intensity, Arias intensity, response spectrum intensity). Descriptions of each of
these parameters are found in Kramer (1996), Naeim (1989), and Naeim and Anderson (1993).

Frequency Characteristics of Ground Motions

To define the frequency content of the ground shaking, a response spectrum or Fourier
amplitude spectrum is required. Of these, the response spectrum is most widely used in
engineering practice, since it describes ground motion frequency characteristics in a form that is
directly applicable to structural design and analysis. The ground response spectrum is obtained by
applying the ground motions to the base of a suite of single-degree-of freedom oscillators all
having equal damping ratios, and plotting the maximum response of the oscillator as a function
of its natural frequency or natural period (Newmark and Hall, 1982; Kramer, 1996). This is
depicted schematically in 1-6. This peak response can be plotted in either linear form using
absolute acceleration and relative velocity and displacement, or in tripartite form using “pseudo”-
accelerations, velocities and displacements (a simplified computational technique that relates
each of the ground motion parameters by multiples of 2π /T). These plots are particularly useful
for demonstrating the predominant period of the earthquake motions.

Numerous empirical relationships for estimating response spectra for ground motions have
been developed during recent statistical regression analysis of available strong motion data
(Seismological Research Letters, 1997). The results of most of these recent studies have been
presented in the form of simple, straightforward equations that allow the engineer to calculate
spectral ordinates at the period of interest as a function of parameters such as earthquake
magnitude, source to site distance, type of faulting, site geology, etc.
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Figure 1-6: The Response Spectrum Obtained By Plotting The Spectral Accelerations
Against The Periods Of Vibrations Of The S.D.O.F. Systems (Kramer, 1996)

As the seismic waves propagate from the rupture zone, the high frequency components of
the motion are attenuated more quickly than lower frequency motions. This is due to damping by
the transmitting rock which dissipates a fraction of the wave energy per cycle of travel. Since the
high frequency waves have shorter wave lengths, they are attenuated more quickly with distance
from the rupture than the longer period motions. The frequency dependent attenuation of ground
motions results in a shift in the predominant period of the ground motions with increasing travel
distance. The variation of predominant period at rock outcrops with magnitude and distance is
shown in Figure 1-7.

Figure 1-7: Variation Of Predominant Period At Rock Outcrops With Magnitude
And Distance (After Seed Et Al., 1969)
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Duration of Ground Motions

In addition to the strength and frequency content, the duration of the ground shaking will
also influence the seismic performance of structures. This is particularly true for ductile
structures designed to yield when subjected to strong ground motions. The inelastic response of
such structures is sensitive to the number of cycles of strong motion that will be applied during
the earthquake. The duration of shaking is also vital in the stability of cohesionless soils and
performance of slopes and embankments.

The duration of strong shaking increases with increasing earthquake magnitude. The potential
for earthquake-induced damage is a function of the duration of significant ground motions. For
this reason, the concept of a “bracketed” duration has been used, which is defined as the length of
time from the first exceedance of a specified acceleration level to the last exceedance of that
acceleration level. Because the threshold for damaging motions is in the range of 0.05 g to 0.20 g
for many structures, “bracketed” durations for acceleration levels of 0.05 g, 0.10 g and 0.20 g
have been widely used (Naeim and Anderson, 1993). The variation of bracketed duration with
magnitude and epicentral distance is shown in Figure 1-8.
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Figure 1-8: Variation Of Bracketed Duration (0.05 G Threshold) With Magnitude
And Epicentral Distance: (A) Rock Sites; (B) Soil Sites

(After Chang And Krinitzsky, 1977)

Factors Affecting Ground Shaking

The ground shaking characteristics at a particular site can be affected by numerous factors
related to the fault rupture process, the propagation of the seismic waves as they travel from the
ruptured fault to the site, and the local soil conditions at the site. These factors are briefly
summarized below.

Fault Rupture Process The characteristics of the fault rupture that could influence the ground
shaking at a site are the stress drop, the total fault displacement, the length of the fault break, the
nature of the rupture process (i.e., the single or multiple fault breaks that can occur), the fault
shape, and the proximity of the fault plane to the ground surface. In addition, whether the fault
ruptures in a single direction or as bi-lateral rupture will significantly affect the duration of
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ground shaking. For example, both the 1989 Loma Prieta Earthquake (Mw = 6.9) and the 1995
Hyogoken Nanbu Earthquake (Mw = 6.8) featured bi-lateral rupture of the causative fault from
the earthquake hypocenter. Because of this, the duration of the ground motions that were
recorded during each of these earthquakes was much less than what might ordinarily be expected
from earthquakes with the above magnitude levels. Although both earthquakes caused significant
damage in the surrounding areas, these damage levels would undoubtedly have been much
greater had the rupture been in a single direction rather than bi-lateral.

Travel Path Effects As seismic waves radiate away from the fault rupture zone during an
earthquake the characteristics of the waves are modified. The strength of the ground shaking
decreases due to geometric spreading of the wave front and damping of the waves as they
propagate through the crustal rock. The frequency content of the motions is also affected by the
dynamic behavior of the rock and the distance that the waves have traveled. The influence of the
propagation path and transmission properties of the crustal rock on the seismic waves have been
combined as “path effects.” Once all potential seismic sources in the region of interest have been
identified, the source-to-site distances can be scaled. Given the distance from the rupture to the
site and a very general classification of the regional crustal rock, the path effects can be evaluated

As previously mentioned, geometric spreading and damping result in the attenuation of
seismic waves. The decrease in the strength of the ground motions has been modeled
numerically, although the most widely used attenuation relationships are based on statistical
analyses of recorded ground motions. As regional arrays of strong motion instruments have
become more common around the world, the data base of recorded motions is rapidly expanding.
Statistical analyses of arrays of these recorded motions have been performed to develop a
multitude of attenuation relationships for various regions, types of faulting, and site conditions.
Recent overviews of this work are contained in the Seismological Research Letters (1997).

Many of the attenuation relations focus on the variation of peak acceleration or peak
velocity with distance from the rupture zone. The example in Figure 1-9 shows the attenuation of
peak acceleration and provides a comparison of several widely used empirical relationships for
ground motions due to earthquakes in the western United States. Several factors must be
considered when using empirical attenuation relationships:

 A variety of distance measures have been used in establishing the attenuation relationships.
Such measures include; (a) distance to the rupture plane, (b) distance to the vertical
projection of the rupture plane, (c) epicentral distance, and (d) hypocentral distance.

 The composition and integrity of crustal rocks will have a pronounced influence on the
attenuation of ground motions. As illustrated in Figure 1-10, ground motions are felt over a
much broader region in the eastern and central United States than in the western portion of
the country. This is due to the age and composition of the rocks in the respective regions. In a
general sense, the west coast is underlain by predominantly younger sedimentary rocks which
have relatively high damping characteristics, while bedrock in the central and eastern regions
is commonly much older metamorphic and igneous rock which has much lower damping and
is much more efficient in transmitting the seismic waves. The empirical relationships are
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therefore only applicable to regions with roughly similar geology.

 The type of faulting and the depth of the rupture have been shown to influence the rate of
attenuation. This is particularly evident with subduction zone earthquakes. As a result, in
regions such as northernmost California and the Pacific Northwest that are prone to
subduction zone earthquakes, attenuation relationships developed specifically for such
earthquakes are used when evaluating seismic hazards associated with these thrust-type
earthquakes (Seismological Research Letters, 1997).

 The near surface geology at the site is specified in several studies (hard rock, soft rock,
shallow stiff soil, etc.).

For many years, very little strong motion data was available for source-to-site distances
less than 15 km to 20 km. This was especially true for earthquake magnitudes in the range of
engineering interest (M  6).  However, since the mid-1980s, analytical studies and analyses of
near-field recorded motions have indicated that the position of the site relative to the fault could
influence the characteristics of the ground motions at the site. The analytical studies
demonstrated that, for a moving source, waves that leave the traveling rupture zone in opposite
directions will have different amplitudes, much like the Doppler effect in acoustics. Near-field
strong motion recordings (e.g., from the 1989 Loma Prieta, 1994 Northridge, and 1995
Hyogoken Nanbu earthquakes) have demonstrated the significance of near source effects such as
rupture directivity, or “fling”, for seismic design of structures located within about 10 km of the
rupture zone.
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Figure 1-9: Comparison Of Different Relationships For Horizontal Acceleration At
Magnitudes 6.5 (A) And 7.5 (B) (Joyner And Boore, 1988)
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The propagation of the rupture toward a site at a velocity that is almost as large as the
shear wave velocity of the rock causes most of the seismic energy from the rupture to arrive in a
single large pulse of motion which occurs at the beginning of the record (Somerville et al., 1997).
This large pulse results in enhanced near-field ground motions, particularly ground velocities and
displacement components that effect longer period structures. The extent of this effect is quite
variable, and depends on the azimuth of the site with respect to the direction of rupture. In
addition, the strength and frequency content of the near-field ground motions can also be
dramatically different, depending on the orientation of the measurement with respect to the
source. Fault-normal and fault-parallel ground motions have been observed to be substantially
different in the mid- to long period range (0.5 to 3.0 sec). The influence of these effects on the
characteristics of strong ground motions should be incorporated into the design of mid- to long
period structures as well as seismic base-isolation systems that are sensitive to large velocities
and displacements.

Local Site Conditions The influence of local soil conditions on the strength of the ground
shaking has long been recognized as a contributing factor to the geographic distribution of
ground failures and structural damage during earthquakes. Of particular concern to earthquake
engineers is the amplification of ground motions in period ranges of engineering interest, as well
as the progressive softening (nonlinear behavior) of weak soils at high levels of shaking. The
extensive collection of recorded strong motion records from earthquakes worldwide (e.g., 1985
Mexico City Earthquake, 1988 Armenian Earthquake, 1989 Loma Prieta Earthquake, 1994
Northridge Earthquake, 1995 Hyogoken Nanbu Earthquake) has contributed to an enhanced
understanding of site effects for a wide variety of geologic conditions. These records have been
used as the basis for quantitative studies of the influence of soil response on the characteristics of
strong ground motions. The effects of site geology on the amplitude of various ground motion
parameters such as peak acceleration, velocity and displacement, and also on the frequency
content of the motions and their corresponding response spectra, have now been well
demonstrated (Borcherdt, 1994; Seed et al., 1994). The potential for significant enhancement of
ground motions in any period range is a function of seismological, geologic, and geotechnical
factors, several of which are listed in Table 1-1.

In general, the results of seismicity evaluations are presented as the peak acceleration
expected for a given return period or as a function of the probability of exceedance with time. In
either case, the acceleration usually corresponds to the shaking at a rock outcrop, not at the
surface of a soil profile. Site effects must then be evaluated as a function of key parameters such
as; soil type, soil thickness, soil stiffness, and the strength of the bedrock



1-24

TABLE 1-1:FACTORS INFLUENCING THE MAGNITUDE OF SITE
EFFECTS ON STRONG GROUND MOTIONS

SEISMOLOGICAL FACTORS

Intensity of bedrock, or input, shaking

Frequency characteristics of the input motions

Duration of the input motions

GEOLOGIC FACTORS

Soil type(s)

Thickness of the soil deposit

Underlying rock type

Geologic structure

GEOTECHNICAL FACTORS

Low-strain stiffness of the soils (shear wave velocity or maximum
shear modulus)

Stiffness (impedance) contrast between the bedrock and overlying
soils

Damping characteristics of the soil units

Cyclic modulus degradation behavior of the soils

Relationship between the shear strain and shear stress for
predominant soil units

Site period

OTHER FACTORS

Two- and three-dimensional effects (e.g., subsurface bedrock
topography, basin effects)

motions. Given this site-specific data, the dynamic response of the soils can be evaluated using
either simplified empirical relationships or site-specific dynamic soil response techniques.

With this as background, the following subsections provide an overview of the various
procedures available to estimate site-specific ground motions for the seismic design of port
structures.

Estimation of Site-Specific Ground Motions

The estimation of site-specific ground motions for engineering design or analysis of port
facilities is most typically based on: (a) deterministic or probabilistic methods for estimating site-
specific rock motions (usually represented as peak ground acceleration or response spectra); and
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(b) modification of these rock motions to account for local soil conditions. In addition, because
of the increasing use of nonlinear methods of seismic analysis of port facilities (as discussed in
following chapters), it is also often required to develop an appropriate ensemble of ground
motion time histories.

Deterministic Methods for Estimating Site-Specific Rock Motions Deterministic methods for
estimation of site specific rock motions consist of the following general steps: (a) for each of
several potential seismic sources in the vicinity of the port site, estimate the maximum
earthquake magnitude associated with that source; and (b) using an appropriate rock motion
attenuation relationship, estimate the associated rock motions at the site, as a function of the
maximum earthquake magnitude and the distance from the earthquake source to the site. After
this is repeated for all potential earthquake sources in the vicinity of the site, the particular set of
computed rock motions that lead to the most severe shaking at the site are selected. If a site has
several different structures with different natural periods, response spectra that lead to governing
motions in the period range of importance for each structure should be selected.

The above deterministic methods for estimation of site-specific rock motions have the
advantage of being readily understood by non-technical port personnel and decision makers.
However, they represent extreme earthquake scenarios only. Furthermore, they do not account for
the uncertainties inherent in the estimation of the size and location of future earthquakes, and the
rate at which rock motions attenuate with increasing distance from the seismic source. These
factors are best represented using probabilistic methods summarized in the next section.

Probabilistic Methods for Estimating Site-Specific Rock Motions The seismic design or
upgrading of a particular port component requires an assessment of the potential level of shaking
at the site due to future earthquakes. In much the same way that port and coastal engineers design
marine structures in consideration of the largest waves that may occur over the design life of the
structure (e.g., 5-, 10-, or 25-year waves), earthquake engineers design for the levels of ground
shaking that are anticipated to occur at a particular site with a specific average recurrence interval
or return period (e.g., 72- and 475-years, which correspond to probabilities of exceedance of 50%
and 10% respectively in 50 years).

This subsection provides an overview of probabilistic seismic hazard analysis (PSHA)
methods for estimating site-specific rock motions with a given probability of exceedance or
return period.   The advantage of these methods is that they account for uncertainties in locations,
magnitudes, and recurrence intervals of future earthquakes, and also in the rate of attenuation of
rock motions with increasing distance from the seismic source.  The seismic hazard analysis
results are developed from information that describes the seismicity, geometry, and locations of
the significant seismic sources in the region, and appropriate rock motion attenuation
relationships for the region.  Probabilistic models then synthesize this information to develop the
probabilities or recurrence intervals associated with various levels of shaking at the site.

 Figure 1-10 provides a flow chart that illustrates the PSHA procedure for developing
site-specific uniform hazard spectra (which are spectra whose amplitudes at all natural periods
represent the same probability of exceedance). PSHAs using this general approach have been
utilized for numerous ports in the United States (e.g., Power et al., 1986; McGuire, 1990) and
have formed the basis for the development of regional and national seismic hazard maps
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(Geomatrix, 1995; Hanson and Perkins, 1995; Leyendecker et al., 1995; Frankel et al., 1996).
However, in the implementation of these methods, the engineer should consider the following
factors:

 A difficult element of the above probabilistic seismic hazard analysis process is the
specification of the rate of seismicity (i.e., earthquake recurrence intervals) in a region. As
previously mentioned, the relatively short historic record combined with varying rates of
seismicity for the various tectonic provinces in the United States preclude a precise estimate
for the recurrence intervals of damaging earthquakes. This uncertainty should be
acknowledged and addressed in a straightforward manner. Probabilistic methods are
commonly used to identify the uncertainties associated with seismicity rates

 The uncertainties in the rate of attenuation of the rock motions with increasing distance from
the seismic source is represented in the PSHA either by using an appropriate probability
distribution to represent this attenuation rate, or by performing a logic tree type analysis with
mean values adjusted to reflect standard deviations in the empirical data.

Figure 1-11 shows the results of PSHA for soft rock-shallow stiff soil sites (NEHRP B-C
boundary) in the United States. The parameter being mapped is the peak horizontal acceleration
having a 10% probability of exceedance in 50 years. This corresponds to a roughly 475 year
recurrence interval, and is equivalent to the exposure time for which the seismic load levels
prescribed in current building codes are established. This data demonstrates relative ground
shaking hazards for numerous regions in the United States. In light of the fact that seismic design
at ports is most commonly based on exposure times of roughly 75 to 475 years,
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Figure 1-10: Development Of Uniform-Hazard Design Spectra Using Probabilistic
Seismic Hazard Analysis Procedures (Werner, 1991)
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Figure 1-11:  Peak Acceleration (%G) With 10% Probability Of Exceedance In 50
Years (Frankel Et Al., 1997)

 Note that this map can be generated for all, or portions, of California.
The maps are available at the USGS seismic hazards and mapping web-site

 it is evident that many regions of interest are considered prone to ground motions on rock that
approach, or exceed, 0.10 g. Once the PSHA has been completed, maps such as this can be
generated for a variety of ground motion parameters (e.g., peak ground motions, spectral
accelerations at specified periods) and exposure times.

PSHA demonstrates the effect that the return period (or exposure time) has on the
strength of ground motions anticipated at a specific site. The recurrence interval selected for the
design of port facilities is a function of the seismic risk that can be accepted by the port authority.
The variation in the peak ground acceleration having a 10% probability of exceedance is shown
as a function of the exposure time in Figure 1-12. The data for this figure has been compiled
from NEHRP (1993), Frankel et al. (1997) and Cox and Chock (1991). The results of
probabilistic analyses such as these can be used by port engineers to assess the influence of
exposure time on the seismic hazard.
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Figure 1-12: Peak Accelerations For U.S. Sites Assuming NEHRP B-C Rock Site
Conditions (Motions Having A 10% Probability Of Exceedance During The Selected

Exposure Time)

It is common for port engineers to use a performance-based criteria in seismic resistant
design that requires the definition of two levels of ground motion for the design and analysis of
structures. As an example, the guiding principles used for specifying the earthquake motions
used in seismic design at the Port of Los Angeles (POLA) are as follows (Wittkop, 1997):

 Moderate earthquake motions (defined as Operating Level Earthquake motions, or Level 1
earthquake motions) should be resisted by wharf structures, retaining structure/dikes and
critical operational structures and facilities founded on the backland fill areas, with only
minor non-structural damage. From a design standpoint, deformations of wharf structures
should not result in significant residual cracking or spalling of the concrete or permanent
elongation of the steel reinforcement, and deformations of critical operational structures and
facilities should remain within the elastic range. In their seismic design criteria, POLA
defined the Operating Level Earthquake (OLE) motions as having a 50% probability of
exceedance in 50 years (which is roughly a 72 year recurrence interval)

 Large earthquake motions (designated by POLA as Contingency Level Earthquake motions)
should be resisted by wharf structures, retaining structure/dikes and critical operational
structures and facilities in a manner which prevents collapse and major structural damage.
Damage that does occur should be readily detectable and accessible for inspection and repair.
Design concepts should be such that damage to foundation elements below ground level
should be prevented. Container cranes and critical operational structures and facilities should
remain operable with only minor repairs. The Contingency Level Earthquake (CLE, or Level
2) motions have been defined by POLA as having a 10% probability of exceedance in 50
years (or a 475 year return period). This is equivalent to the exposure time for ground
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motions used in the development of building codes.

It should be noted that this is just one example of performance-based seismic design
criteria. Other ports may establish specific acceptable performance guidelines for different
components based on the importance of the facility. Also, the exposure times selected by the Port
of Los Angeles reflect the regional rate of seismicity. In the Los Angeles area, the Level 1 ground
motions correspond to moderate levels of shaking that are likely to occur at least once during the
life of the structure. Level 2 ground motions are much more severe levels of shaking that have a
more remote potential for occurrence at the site during the life of the structure. For similar
structures and construction practices, the exposure times adopted for use in seismic design will
vary from region to region due to the variation in seismicity rates.

As noted previously, it has been common practice throughout much of the United States
to use probabilities of exceedance of 50% in 50 years and 10% in 50 years to represent Level 1
and Level 2 ground motions for seismic design and analysis. However, this does not provide
uniform protection across the state (e.g., Central Valley). To illustrate this across the United
States, the data presented in Figure 1-12 has been replotted in Figure 1-13 in terms of the peak
ground acceleration having a 10% probability of exceedance in a specified time interval divided
by the peak ground acceleration having a 10% probability of exceedance in 50 years versus
exposure time. These results show that for the western United States cities shown in Figure 1-13,
the use of a probability level of 10% in 50 years to represent the Level 2 ground motions
provides a reasonable estimation of the near-maximum levels of ground shaking that can occur
over much longer exposure times. However, this is not true for sites in the central and eastern
United States. For these regions, Figure 1-13 shows that the use of a probability level of 10% in
50 years may not provide adequate protection against the much larger near-maximum levels of
ground shaking that can be associated with longer exposure times in these regions. The
establishment of Level 2 ground motions for seismic design or retrofit of critical facilities at port
in the central and eastern United States should carefully consider this trend, and may warrant the
use of Level 2 ground motions with much longer exposure times for such ports. As discussed in
other chapters, these considerations are now reflected in the new (1997) NEHRP seismic design
provisions for buildings.
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Figure 1-13: Normalized Peak Accelerations For U.S. Sites Assuming NEHRP B-C Rock
Site Conditions

Local Soil Effects on Ground Surface Motions

Background  Seismic waves which propagate from the underlying rock into near surface soil
deposits are modified by the dynamic response characteristics of the local soils. The influence of
the soil deposit on the bedrock motions will depend on the characteristics of the input motions,
the thickness of the soil deposit, and the dynamic behavior of the individual soil layers. This
aspect of the seismic hazard evaluation focuses on the dynamic response of soil deposits, or site
effects.

In the last 15 years, the extensive collection of recorded strong motion records from
worldwide earthquakes has contributed to an enhanced understanding of site effects for a wide
variety of geologic conditions. The effects of site geology on the amplitude of ground motion
parameters such as peak acceleration, velocity, and displacement, as well as the frequency
content of the motions and their corresponding response spectra has been well demonstrated. An
example from the U.S. Navy facility at Treasure Island during the 1989 Loma Prieta, Figure 1-
14. The influence of the local soils on the characteristics of the ground motions is apparent. In
addition to amplifying the peak ground acceleration, the dynamic response of the soil has resulted
in enhanced motions at all periods between 0 and 4 seconds (as demonstrated by the response
spectra).
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Damping = 5%
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Figure 1-14: Soil Response At Treasure Island During The 1989 Loma Prieta
Earthquake (After Seed Et Al., 1990)

Site effects can lead to enhanced ground motions at intermediate to longer periods of
vibration, the range of concern for many structures. Spectral ratios (spectral acceleration of the
ground surface motion divided by the spectral acceleration for the rock motion at the
corresponding period) are commonly used to highlight the influence of the soil deposits on the
characteristics of the strong ground motions. The spectral ratios for sites affected by the 1985
Mexico City Earthquake and the 1989 Loma Prieta Earthquake are shown in Figure 1-15. In both
cases, the ground motions at intermediate periods (1 to 4 seconds) have been substantially
amplified by the clayey soil deposits at the 15 sites documented. The relative amplification ratios
are primarily functions of the stiffness of the clayey soils. The Mexico City clays are
considerably less stiff than the San Francisco Bay muds.

Empirical studies of the effects of dynamic soil response on the characteristics of rock
motions have been well documented in the geotechnical and seismological literature (e.g., Seed
and Idriss, 1982; Borcherdt, 1994; Seed et al., 1994). These investigations have focused on two
primary aspects of site response: (a) amplification of the peak acceleration on rock; and (b)
amplification of spectral accelerations computed for the rock motions. Site soil effects on rock
accelerations have been demonstrated in  plots of PGAsoil versus PGArock, Figure 1-16. Given the
peak acceleration for rock, the corresponding peak acceleration at the ground surface can be
easily estimated. Similar plots have been developed for estimating spectral amplification ratios as
well. In the aftermath of the 1989 Loma Prieta Earthquake, substantial research effort on this
topic has led to the development of simple, yet suitably precise, techniques for developing
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acceleration response spectra at soil sites. The methodology that has been adopted for use in
current seismic design codes is presented below.

mean +1 std dev
mean
mean –1 std dev

mean +1 std dev
mean
mean –1 std dev

Figure 1-15: Spectral Amplification At Soft And Deep Cohesive Soil Sites
(Dickenson And Seed, 1996)

Specification of Site Effects in Current Seismic Design Provisions The specifications that
govern site effects in current building codes have been developed and adopted by a number of
governmental agencies and engineering organizations over the past two decades. This summary
focuses on the techniques for incorporating dynamic soil response in two current codes and
recommended seismic design provisions (ICBO 1997; FEMA, 1998). This brief overview of the
seismic design provisions is intended to highlight the strengths and limitations of these methods
for use in practice.

The combination of the strong motion records obtained during the 1989 Loma Prieta
Earthquake and extensive site characterization at strong motion instrument stations made
possible with various in situ testing techniques (e.g., SPT, CPT, shear wave velocities) has
provided the means for developing enhanced site classes for use in seismic design codes.



1-34

Deep
cohesive

soils

Figure 1-16: Approximate Relationships Between Peak Accelerations On Rock And
Other Local Site Conditions (After Seed And Idriss, 1982; Idriss, 1990)

Comprehensive studies of recorded ground motions obtained for a wide variety of source
characteristics and site conditions, and dynamic soil response analyses for a wide range of soil
conditions have also been utilized to establish the expanded set of site classes that have been
incorporated into current site coefficients and acceleration response spectra.

The new National Earthquake Hazard Reduction Program (NEHRP) and Uniform
Building Code (UBC) provisions for site effects provide six well-defined site classes, as well as
amplification factors that depend both on site conditions and on the level of the site-specific rock
accelerations. The recommended site categories are specified in terms of the stiffness and
strength of the upper 30 meters (100 feet) of the soil profile, Table 1-2. Exceptions to the 30
meters depth used for classification proposes are made for soil profiles that include very weak,
metastable soils (site classes E and F). In these cases, thin near-surface layers can result in severe
damage to foundations and retaining structures.

In addition to the incorporation of a more well defined site classification system, one of
the primary improvements in the new seismic design provisions is the utilization of intensity-
dependent amplification factors for modifying short- and intermediate period rock motions. The
basis for the seismic hazard evaluation in current versions of the NEHRP and UBC seismic
design provisions are spectral accelerations at selected response periods, and effective peak
accelerations for rock sites, respectively. The respective ground motion parameters are obtained
from maps then  multiplied by site coefficients applicable to short-period motions  and mid-
period  motions. These  methods have purposely been developed so that it can easily be used with
other site- or region-specific spectral maps which may be developed (e.g., Martin and Dobry,
1994; Geomatrix, 1995; Leyendecker, et al., 1995). The amplification factors, or Site
Coefficients, provided in Tables 4-3 and 4-4 reflect both site effects at the different period ranges
and the nonlinear behavior of soils. Given the site classification and values of Aa and Av, the soil
amplification factors can be determined.
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TABLE 1-2:SITE CLASSIFICATIONS FOR USE IN SEISMIC DESIGN CRITERIA

SOIL
PROFILE

TYPE

GENERAL
DESCRIPTION

SHEAR WAVE
VELOCITY

(m/sec)

STANDARD
PENETRATION
RESISTANCE
(blows/30 cm)

UNDRAINED
SHEAR

STRENGTH (kPa)

A Hard rock  > 1,524 n/a n/a

B Rock 762 to 1,524 n/a n/a

C
Very dense soil
and soft rock

366 to 762 > 50 > 96

D Stiff soil 183 to 366 15 to 50 48 to 96

E
Soil profile with Vs < 183 m/sec, or any profile with more than 3 m of soft clay defined
as soil with plasticity index > 20, water content > 40%, and undrained shear strength <
24 kPa.

F Soils requiring site-specific evaluations*.

This straightforward technique provides a useful estimation of site specific soil response.
The methodology involves the following steps;

a) Determine the “design-level” peak horizontal acceleration in bedrock (Aa) from: (a) available
seismic zone maps; (b) an appropriate attenuation relationship; or (c) by means of site-
specific seismicity studies.

b) Select a representative site category from Table 1-2. The site class is determined by obtaining
an average shear wave velocity for the upper 30 meters of soil. The shear wave velocities are
either measured using geophysical techniques, local shear wave velocity data in the same
geologic units, or estimated from established correlations with other geotechnical properties
(e.g., SPT or CPT penetration resistance, void ratio, undrained shear strength) for each of the
foundation soils.

c) Select the short- and mid-period amplification factors (Fa, Fv) Table 1-3 and Table 1-4.

d) Compute spectral accelerations (SA) at short periods using the formula SA = 2.5∙Fa∙Aa , and
compute spectral accelerations at mid-to-long periods using the expression SA = Fv∙(Av/T),
where T is the period in seconds. Then, plot the elastic acceleration response spectrum (5%
damping) as shown in Figure 1-17.
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TABLE 1-3: VALUES OF Fa AS A FUNCTION OF SITE
CONDITIONS AND SHAKING INTENSITY

SOIL
PROFILE

SHAKING INTENSITY

TYPE Aa < 0.1 Aa = 0.2 Aa = 0.3 Aa = 0.4 Aa > 0.5

A 0.8 0.8 0.8 0.8 0.8

B 1.0 1.0 1.0 1.0 1.0

C 1.2 1.2 1.1 1.0 1.0

D 1.6 1.4 1.2 1.1 1.0

E 2.5 1.7 1.2 0.9 b

F b b b b b

Notes: a. Use straight line interpolation for intermediate values of Aa.
b. Site specific geotechnical investigation and dynamic site response analyses shall be

performed.

TABLE 1-4. VALUES OF Fv AS A FUNCTION OF SITE
CONDITIONS AND SHAKING INTENSITY

SOIL
PROFILE

SHAKING INTENSITY

TYPE Av < 0.1 Av = 0.2 Av = 0.3 Av = 0.4 Av > 0.5

A 0.8 0.8 0.8 0.8 0.8

B 1.0 1.0 1.0 1.0 1.0

C 1.7 1.6 1.5 1.4 1.3

D 2.4 2.0 1.8 1.6 1.5

E 3.5 3.2 2.8 2.4 b

F b b b b b

Notes: a. Use straight line interpolation for intermediate values of Av.
b. Site specific geotechnical investigation and dynamic site response analyses shall be

performed.
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Figure 1-17: Two-Factor Approach To Defining Design Spectra
(FEMA, 1995)

Numerical Ground Response Analysis Methods for Evaluating Site Effects

Despite recent improvements in the methods for constructing soil-dependent acceleration
response spectra now contained in the NEHRP and UBC seismic design provisions, aspects of
the soil profile or structure under consideration may warrant a site-specific response analysis. In
certain instances, the seismic design provisions in building codes prescribe that the simplified
methods of evaluating dynamic soil response should be augmented with the results of site-
specific response analyses. Seismic design which accounts for near-source effects, soft or
potentially unstable soils, critical structures, or structures with plan-irregularities, may require
more rigorous response analyses than are outlined in building codes.

The engineer has at his or her disposal a variety of computer programs that can be used to
predict the dynamic response of soil deposits. The level of sophistication of these numerical
methods (and the soil data and engineering time required) varies considerably with the more
complex programs requiring as many as 20 soil parameters for each soil layer in the model. In
addition, the computer programs that have been developed for modeling dynamic soil response
rely on various simplifications and assumptions in order to solve equations for wave propagation
through soils. The spectrum of computer-based analyses for dynamic soil response ranges from
relatively simple linear-elastic total stress soil models to sophisticated and fully nonlinear
effective stress techniques. A cursory introduction to dynamic soil models is provided, followed
by several practical insights on the performance of analytical soil response programs.

The influence of the soil deposit on the amplitude of the incident seismic waves will be
greatest near the predominant period of the deposit. This period can be estimated for the case of
vertically propagating waves in a linear elastic soil media from the relation:
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T =
4H

(V )s AVG

where H is the depth of the deposit and (Vs)AVG is the average shear wave velocity of the deposit.
While this simple relationship provides a useful insight into the period range at which site effects
may be significant, it does not address the magnitude of this amplification on the ground
motions. This amplification is a function of the thickness and stiffness of the soils, the contrast
between the stiffness of the soil and underlying rock (impedance contrast), and the strain-
dependent properties of the soil. The response of a multi-layered soil profile subjected to
transient motions is a complex phenomenon which involves strain- and frequency-dependent
behavior, hysteretic stress versus strain soil properties, and potential fatigue related phenomena
such as modulus degradation and excess pore pressure generation. This behavior is clearly
nonlinear and difficult to model analytically. In order to account for these and other factors in the
analysis of dynamic soil response, computer programs must be employed.

Requisite input parameters and modeling details for these analyses of seismic soil
response include: (a) suitable strong motion records (digitized acceleration time histories); and
(b) representative dynamic properties for soils at the site. In addition to the unit weight (γ t),
which can be readily estimated, the two principal dynamic soil properties of interest in response
analyses are: (a) the dynamic shear modulus, G, which describes the stiffness of the soil; and (b)
some measure of dynamic material damping (i.e., the damping ratio, β, which is related to the
energy lost per cycle of shaking).

The shear wave velocity is a useful parameter for describing the small-strain (cyclic shear
strains � 1.0 x 10-4%), and the corresponding maximum stiffness of the soil. The shear wave
velocity can be measured in situ using common testing techniques, and it is now used as one of
the criteria for classifying soil deposits in seismic design codes, Table 1-2. The shear wave
velocity is related to the dynamic shear modulus of the soil by the simple formula:

maxG =
V

g
s
2

t
γ

where Gmax is the small strain dynamic shear modulus, Vs the shear wave velocity, γt the total
unit weight of the soil, and g is the acceleration of gravity. Despite recent advances in sampling
and laboratory testing techniques, the adverse effects of unavoidable sample disturbance on the
small strain dynamic modulus of a soil, as well as difficulties associated with small-strain
measurements, render in-situ seismic wave velocity measurements the currently preferred method
for determining Gmax.

Both dynamic shear modulus and damping are “nonlinear” properties of soils: both are
strongly dependent on shear strain levels. As shear strains increase the dynamic moduli decrease
and damping increases as shown in Figure 1-18. Computer programs that are most commonly
used in engineering practice for the development of a site-specific acceleration response
spectrum are based on the assumption of vertically propagating seismic waves through
horizontally layered soil deposits. These simplifications allow the response analysis to be
performed on the basis of one-dimensional (1-D) wave propagation. For most engineering work,
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the assumption of vertically propagating waves is not unreasonable, due to the refraction of
waves at layer interfaces as the waves travel from deep, dense material upward through soils
which are progressively less-dense and subjected to reduced confining stresses. The limitations
imposed by 1-D analyses include several effects that can influence site-specific ground motions.
Among these effects are two-dimensional  and three-dimensional (2-D and 3-D) bedrock
topography, basin effects, wave-scattering, horizontally propagating surface waves, and sloping
ground conditions.

Equivalent Linear Dynamic Soil Response Method The most commonly used equivalent
linear soil response model is incorporated in the program SHAKE which was originally
developed by Schnabel et al. (1972) and later updated by numerous individuals (e.g., Idriss and
Sun, 1992). The SHAKE program employs an equivalent linear total stress analysis to compute
the response of a horizontally layered visco-elastic system subjected to vertically propagating
shear waves. In this, an  exact continuum solution (“shear-beam”) to the wave equation is
adapted for use with transient motions, through the Fast Fourier Transform (FFT) algorithm. The
FFT essentially replaces the transient motion represented by the digitized acceleration time
history by a finite series of harmonic motions. The hysteretic stress-strain behavior of soils under
symmetrical cyclic loading is represented by an equivalent modulus, G, corresponding to the
secant modulus through the end points of the hysteresis loop and an equivalent damping ratio, �,
corresponding to the equivalent damping. The equivalent modulus and damping ratio are
equivalent-linear, strain-dependent properties. Modulus reduction and damping curves (such as
those shown in Figure 1-18) are incorporated into input files to model the nonlinear dynamic
properties of the soils.

The shear moduli and damping corresponding to the computed shear strains are determined
using an iterative procedure that is based on linear dynamic analysis. For all soil sublayers
estimates of the dynamic moduli (Gmax or Vs) and a damping ratio (β ≈ 1 - 5%)
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Figure 1-18: Relationships Between The Shear Strain And The Shear Modulus And
Damping Ratio For Normally And Overconsolidated Soils (Vucetic And Dobry, 1991)

are provided for the first iteration. The equivalent linear method incorporated in SHAKE then
approximates nonlinear soil behavior with an iterative method that uses a linear wave
propagation formulation with soil properties that are compatible with equivalent uniform, or
“effective”, shear strain levels which are assumed to exist within each of the soil sublayers for
the duration of the excitation. The ratio of this equivalent uniform shear strain to the calculated
maximum strain is specified as an input parameter (n) and the same value of this ratio is used for
all sublayers. The ratio n is computed using the simple formula proposed by Idriss (Idriss and
Sun, 1992); n = (M-1)/10 where M is the moment magnitude of the earthquake being modeled.
At each iteration, n% of the peak strains computed at the mid-point of each soil sublayer from
the previous iteration are used to obtain new values of strain-dependent modulus and damping
ratio. The program iterates until the modeled strain-dependent soil properties are compatible with
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the strain levels associated with the calculated response of the system. The final computed soil
properties are thus referred to as “strain-compatible” properties

The widespread use of SHAKE, and other similar equivalent linear methods in engineering
practice is due to its relative ease of use and the limited number of input parameters required for
each soil layer. In addition to the digitized acceleration time history and the strain-dependent
modulus and damping curves, each soil layer is completely described its thickness, unit weight,
low-strain modulus and damping. The simplicity of the SHAKE model results in an economy of
effort when preparing input files and interpreting computer-generated output.

Although the equivalent linear method of analysis has been found to provide acceptable
results for many engineering applications, a number of limitations have been noted in the
technical literature. In addition to the inherent limitations of 1-D response analyses previously
noted, practicing engineers should be aware of the following issues when performing equivalent
linear dynamic response analyses:

 The equivalent linear model is based on a linear elastic formulation. Because all hysteresis
loops are symmetric about the origin, permanent (plastic) deformations are not modeled.

 Once the strain-compatible soil properties have been obtained for each layer, single values of
G and � are used throughout the final analysis. Moduli and damping ratios are independent
of frequency. In addition, the soil properties associated with the largest strains are slightly
“under-softened” and under-damped, while those at lower strains are over-softened and over-
damped.

 The equivalent linear method employed in SHAKE performs a total stress analysis. Although
the output (uniform stresses or strains) can be used in a decoupled analysis of excess pore
pressure generation, the program does not perform an analysis wherein the stiffness of the
soil is modified at each iteration to account for generated excess pore pressures. The excess
pore pressures that can be generated in loose to medium dense sands and sensitive cohesive
soils are not accounted for. These excess pore pressures result in progressive softening of the
soil, a reduction in the high frequency components of the motions, and potentially large
permanent displacements.

 No upper limit is placed on the peak equivalent uniform shear stress that is computed in each
layer. In cases where moderate to strong levels of shaking are input at the base of a soil
profile which includes soft to medium stiff cohesive soils the computed shear stresses often
exceed the dynamic shear strength of the soil. The result is overprediction of peak ground
accelerations and high frequency motions. The strain dependent soil properties can be
modified to reduce the computed stresses.

Despite these limitations, numerous validation studies have demonstrated the accuracy of the
1-D, equivalent linear method to model the dynamic response of various soil profiles for which
ground surface and representative rock input motions are available (Seed et al., 1994; Idriss,
1993a).
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Fully Nonlinear Dynamic Soil Response Methods In order to overcome the deficiencies of
total stress equivalent linear soil response methods, fully nonlinear effective stress analyses have
been formulated. These numerical methods are based on a time-domain solution wherein the
response of the soil is evaluated in a stepwise manner at each point in the acceleration time
history. The fully nonlinear methods offer a number of improvements in the computation of
dynamic soil response in that the following effects can be accounted for: (a) strain- and
frequency-dependent soil properties; (b) more accurate modeling of the stress-strain response of
the soil; (c) specification of peak undrained shear strengths; and (d) the generation and
dissipation of excess pore pressures can be included in the analysis.

In order to model the dynamic behavior of the soil during loading, unloading, and reloading,
additional soil parameters are required for each layer. From a practical standpoint, the application
of these models is often precluded by the cost of obtaining representative soil properties required
as input information. This occasionally leads to the reliance on default values that may be
supported by relatively few laboratory investigations or well-documented case histories.

Among the more commonly used 1-D nonlinear programs are DESRA-2C (Lee and Finn,
1991) and SUMDES (Li et al., 1992). Although a complete description of the constitutive models
incorporated into these respective programs is beyond the scope of this summary, both of these
programs are capable of performing total stress, as well as coupled effective stress analyses. The
constitutive relationships utilized in DESRA-2C for an effective stress dynamic response analysis
with redistribution and dissipation of porewater pressure require 18 material constants for each
soil layer. The hyperbolic stress-strain relationship is used and these soil parameters describe the
unit weight, maximum shear strength, maximum shear modulus, stress-strain behavior,
volumetric strains, material hardening, permeability, and viscous damping. The computer
program SUMDES incorporates a sophisticated plasticity model (termed the bounding surface
hypoplasticity model) that is based on critical state soil mechanics. The program uses a multi-
directional formulation and plasticity models for soil behavior that facilitate the modeling of
shear waves and compression waves simultaneously. With this technique, horizontal motions,
vertical settlement, shaking induced lateral stress variations, soil compression and dilation,
liquefaction behavior of sandy soils, and rotational shear can be modeled. Five levels of analysis
are available with the two most complex models requiring 19 to 20 soil parameters for each
layer.

The dynamic modeling capabilities of these programs clearly exceeds that provided by the
equivalent linear methods. Potentially important dynamic soil behavior such as progressive
softening due to the generation of excess pore pressures, limiting shear strength and permanent
soil deformations can be evaluated with these fully nonlinear soil models.  However, in practice,
the advantages provided by the fully nonlinear soil response programs must be weighed against
the cost of laboratory testing programs required to obtain representative soil properties for the
analyses, as well as the engineering time necessary for the development of input files,
performance of parametric studies, and additional scrutiny of the analytical results. The engineer
must balance economy of use with usefulness of the output. For example, a response analysis of a
shallow, stiff clay deposit under moderate levels of shaking will likely not warrant a fully
nonlinear effective stress analysis. Conversely, the characterization of the dynamic response of an
extensive deposit of medium dense saturated sandy soil subjected to similar levels of shaking
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may require a coupled effective stress analysis. In either case the results of these analyses should
always be tempered with sound engineering judgment.

Ground Motion Time Histories

Requisite input for numerical seismic analyses of soil deposits and/or port facilities
include time-history representations of the site-specific ground motions. Digitized accelerograms
(i.e. acceleration time histories) are the most common form of seismic input employed in
numerical models. These accelerograms should be consistent with the design spectra developed
for the site, and should represent the anticipates shaking at the site due to all of the significant
potential earthquake sources in the vicinity of the site. The development of ground motion time
histories for numerical analyses, as well as for general seismic design applications, has been
based primarily on measured and processed accelerograms contained in the current strong motion
database. In addition, various types of synthetic accelerograms have been used for certain
applications.

Strong Motion Records A key source of motion-time histories for seismic design purposes is
the strong motion data base, which contains an extensive array of recorded and processed
accelerograms. Agencies such as the U.S. Geological Survey, NOAA National Geophysical Data
Center, and the California Division of Mines and Geology distribute digitized strong motion
records that can be used for seismic analyses and design. The various stations at which these
accelerograms were recorded represents a wide variety of geologic, tectonic, and subsurface soil
conditions -- all of which can influence the characteristics of the recorded motions. Differences
in the conditions at the instrument locations for the various accelerograms are undoubtedly the
source of the marked differences in the features of these recorded motions. Therefore, the
engineer must be aware of the significance of these conditions, and should judiciously select an
ensemble of accelerograms that collectively best represent the particular conditions at the project
site. In addition, such accelerograms may be adjusted, where appropriate, such that; (a) the
composite spectra from the accelerograms are reasonably consistent with the design spectra
developed for the structures; and (b) the composite characteristics of the accelerograms are
reasonably consistent with those indicated by applicable ground motion attenuation relationships.
In many regions of the United States, the lack of a robust collection of strong motion recordings
precludes the acquisition of a representative ensemble of natural time histories for seismic design
purposes. In addition, site-specific aspects of a particular project (i.e., location relative to the
seismic source, local geography and geologic setting) may eliminate the existing record from
consideration even in well-instrumented, seismically active portions of the country. In cases such
as these, synthetic earthquake ground motions can be generated.

Synthetic Accelerograms  The development of synthetic accelerograms was first motivated by
the need to partially fill important gaps in the current strong motion database. Toward this end,
various methods based on random vibration theory or on analytical wave propagation models
were used to develop synthetic accelerograms that embody the basic characteristics of strong
motion records, as indicated by available data and by engineering judgement regarding future
earthquakes (Silva and Lee, 1987).
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In practice, it is common for the design ground motions to be described in terms of a peak
acceleration and a specified target spectra or design response spectra. The design response
spectra may be established using empirical equations as described above. The spectral shapes
obtained using these equations are generally smooth and somewhat “broad band” in that they do
not exhibit the peaks and valleys characteristic of the response spectra computed from natural
ground motions. The corresponding synthetic motions are then produced so that their response
spectra closely matches the smooth design response spectra.

It should be noted that synthetic ground motions developed in this manner are often more
robust than actual ground motions, due to the fact that they are constructed to match a broad,
smooth spectrum and therefore contain significant seismic energy at all frequency contents. As a
result, such synthetic accelerograms may not be appropriate for use in analyzing the nonlinear
response of structures or soil deposits, which will be strongly dependent on the signature of the
input motions. Therefore, care and judgment should be exercised when identifying suitable
spectrum-compatible accelerograms for use in nonlinear structural analyses, and when
interpreting the results of such analyses.
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CHAPTER 2 COMPONENT DESIGN AND EVALUATION
CONSIDERATIONS

Introduction

Marine oil terminal components are quite broad and varied, and include a range of
earthen embankments and berthing structures.  The earthen embankments may be plain,
armored with rock rip rap or other materials, and may possibly be topped with a concrete
structure.  Berthing structures at ports may be massive concrete block gravity structures,
steel sheet-pile retained earth structures, pile supported marginal wharves, pile-supported
piers, or combinations of these.

This chapter provides guidelines to assist the engineer in addressing earthquake
engineering aspects of these components.  It is organized into subsections which cover the
most common waterfront components at ports. This material provides seismic guidelines
for  specific types of port waterfront components – examples include embankments, piles
(which are a common element for many types of waterfront and other types of port
components), marginal wharves, gravity retaining structures, and steel sheet-pile wharves.
For each of these components, these sections summarize general functional/operational
requirements, guidelines for establishing seismic performance requirements, performing
preliminary seismic evaluations, and for seismic analysis, seismic design of new
components, and seismic retrofit of existing components.

General Seismic Performance Issues for Waterfront Structures

As outlined in the seismic criteria a two-level design approach for port structures
has been widely adopted.  The Level 1 design considers a moderate level of ground shaking
that is likely to occur during the life of the structure (also often termed the Operating Level
Earthquake (OLE) ground motions).  Under this level of ground shaking, the structure is
designed so that its operations are not interrupted and any damage that occurs will be readily
repairable within a relatively short time. The Level 2 design considers much stronger
motions that are less likely to be exceeded during the life of the structure (commonly called
the Contingency Level Earthquake (CLE) ground motions).  Under these motions, the
structure is designed so that any damage that occurs is controlled and repairable (although
possibly over an extended time).  In this, the Level 1 design criteria address economic issues
associated with a loss of operations at the port and major repair costs, and the Level 2
design criteria address the same issues, and the additional considerations of life safety,
structure repairability, environment protection, and collapse avoidance.

Recent guidelines indicate that typical building codes are usually not appropriate for
port waterfront components, and recommends that such components be designed in
accordance with the specific seismic performance requirements for the component as well
as its physical attributes (Werner, 1998).  By including other design references, it is
recognized that this may develop a dual design criteria because of local building code
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authority jurisdiction over some waterfront structures. These seismic performance
requirements (and associated design criteria) should not only address life safety, but should
also consider the importance of the component to overall port operations as well as  any
special requirements of the component (such as special pollution control requirements), etc.
Likewise a reassessment may be required after the occurrence of an earthquake.

The development of more stringent seismic performance requirements and design
criteria for waterfront components is on an upswing in the United States.  This appears to be
due to an increased awareness of the lessons learned from past earthquakes regarding the
extent and consequences of inadequately designed waterfront components, and measures
that can be implemented to improve the seismic performance of these components.

Embankments

Embankment Types

Earth embankments are commonly the most prevalent waterfront components in
ports due to their widespread use as perimeter containment dikes during initial
reclamation operations and as breakwaters which protect the inner port from wave action
and current-induced scour.  This section identifies the most common embankment types
and focuses on the seismic performance criteria that are common to each.

Native Soils Natural soil deposits that form banks such as spits or levees can be loosely
categorized as embankments, since these natural barriers can provide protection for
harbors or river front ports, and these soils are commonly incorporated into engineered
earth structures.  It is common for engineered fills to be placed on existing rises of native
soil in order to minimize the volume of soil required during construction of earth
embankments. The heterogeneous and usually weak nature of these native deposits can
result in embankments that are marginally stable during an earthquake, and are also prone
to loss of strength due to groundwater seepage conditions during extreme high tides at
coastal ports or during flood stages along inland waterways.  The seismic performance of
embankments made of, or on, these deposits has generally been very poor.

Rock and Sand Dike with Backland Fills Rock and sand embankments have been used
extensively as perimeter dikes during the construction of offshore reclamation projects.
The costs associated with the excavation and transport of the materials will usually
determine the relative volumes of sand or rock used in construction of the embankment.
In many regions, the inherent benefits of using rock fill in construction are overshadowed
by the relatively high cost of transporting the material from distant quarries.  A multitude
of different embankment configurations have been employed at ports to optimize the use
of soil and rock fill.   Examples of these embankment types include single lift sand dikes
covered with rock armor for wave protection, single lift rock fill dikes, multiple lift rock
fill dikes and hybrid dike configurations (Figure 2-1).
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The addition of soil fill behind the dikes creates the backland areas of the port.
This fill can be placed either concurrently with the construction of the dikes or after
construction of the entire dike has been completed.  It is quite common for hydraulic
placement methods to be used for the fill behind the dikes.  In several instances (e.g., at
the Port of Osaka, Japan) fine-grained, bay floor sediments have been used as backland
fill.  This practice has led to long-term settlement problems associated with consolidation
of the fill soil.  In most cases however, sandy soils are used as backland fill.  When placed
through slurry pipes or end-dumped through standing water from barges, these sandy soils
are very loose and prone to earthquake-induced liquefaction.

Breakwaters Various types of breakwaters used for offshore wave protection at ports are
shown in Figure 2-2.  The most common types are rubble-mound sloping-type
breakwaters (Figure 2-2a), composite-type breakwaters (Figure 2-2b), and, to a lesser
degree, specialized breakwaters such as curtain walls, sheet-pile breakwaters, and floating
breakwaters.  This discussion focuses on rubble-mound and composite-type breakwaters
due to their common usage and similar foundation requirements.

Rubble-mound breakwaters, Figure 2-2a, are constructed in much the same
manner as sand- and rock-dikes.  Additional rock layers are placed on the breakwaters in
order to provide protection from the combined action of direct wave impact and littoral
currents.  These layers are often augmented with shape-designed concrete blocks for the
dissipation of  wave energy.  Composite-type breakwaters, Figure 2-2b, differ from
rubble-mound breakwaters in that a soil and rock berm serves as the foundation for a
gravity wall (usually a concrete caisson) which acts as the breakwater.  The foundation
requirements for these two types of breakwaters are similar, although the rubble-mound-
type are commonly wider at the base due to the slope angles used in construction.

Bulkheads and Sea Walls Bulkheads and sea walls are onshore structures that serve as
both earth retaining systems and wave protection structures.  These waterfront structures
include gravity walls, cellular sheet-pile bulkheads, anchored sheet-pile walls, and
composite concrete faced walls.   Seismic guidelines for these structures are provided in
subsequent sections.

Bulkheads are usually vertical in section to facilitate berthing for ships, while sea
walls are commonly tiered or sculpted to optimize the dissipation or redirection of wave
energy.  The techniques used for backfilling these structures are equivalent to the
hydraulic methods used for reclamation behind dikes.  For this reason, the seismic
performance of these structures has been similar to that of the other embankment types.

General Functional/Operational Requirements at Ports

As categorized in this subsection, embankments are earth structures, or composite
structures that function as either earth-retaining systems, shore-protection components, or
both.  Functional/operational requirements of the various embankment types are
summarized below.
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Sand and Rock Dikes with Backland Fills. These dikes are used as perimeter-retaining
structures around reclaimed land such as islands and marginal wharves, and also as
foundation pads for gravity structures such as caissons and embankments for ground
transportation systems. They form the interface between the marine and backland portions
of the port. Although these structures are used for earth retention, they are quite distinct
from other structural earth-retaining systems which are discussed in subsequent on
gravity-retaining structures and steel sheet-pile retaining structures.

Breakwaters.  Breakwaters protect the harbor and shore areas from the waves and
currents generated at sea.  This provides for calm water on the leeward side of the
breakwater within the harbor and reduces navigation hazards.  In addition, breakwaters
can be used to mitigate the migration of sediments into the harbor.  Breakwaters are most
commonly gravity structures and they can be isolated offshore or connected to land.  Both
the offshore and land-connected breakwaters are sometimes used as docks.

Sea Walls and Bulkheads.  Sea walls are also used as wave protection, although these
walls are located along the shoreline and  protect the shore from erosion due to wave
action and littoral currents.   Bulkheads  are waterfront retaining walls that include
gravity-type quay walls and sheet-pile structures.  These structures form the marginal
wharves and piers along which berthing and cargo handling operations take place. Their
primary function  is to maintain adequate freeboard  to preclude overtopping by waves.
This function is  impaired if the structure settles or topples during an earthquake.  These
potential failure modes are distinct in that settlement is due to densification or
deformations of the foundations soils, whereas toppling or sliding may be due to
inadequate dimensioning of the embankment.

As the primary waterfront components at most ports, earth retention embankments
(dikes and bulkheads) often provide foundation support for pile-supported structures,
utility lines, and cargo handling components , for loading and unloading of ships, such as
cranes, ramps, and conveyance systems.  Embankment failures are manifested as
excessive lateral and vertical deformations.  These deformations will, in turn, result in
damage to the port components located near the waterfront and the disruption of port
operations.  Given the importance of these components to port operations, the primary
requirement of the embankments is that ground deformations be minimized. These
include deformations of the foundation soils as well as the embankments themselves.
Localized failures such as slumping of the face of the embankment or sliding of armor
layers could affect embedded piles or expose the earth structure to wave induced scour.
The latter effect would be relatively easy to remedy and would be considered an
acceptable consequence of a design-level earthquake in most cases.

Guidelines for Developing Seismic Performance Requirements

The weak cohesive soils and potentially liquefiable sandy soils that are common
throughout the marine environment are primary factors in most embankment failures.
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This observation has been made for failures due to static and dynamic loading conditions.
The seismic performance requirements for embankments should reflect the sensitivity of
adjacent port components to ground deformations.  For example, acceptable deformation
limits for sand and rock dikes will vary, depending on whether the earth structure: (a) is
placed as a perimeter dike adjacent to a storage yard or a relatively undeveloped portion
of the waterfront; or (b) is incorporated in the development of a sensitive structure such
as a pile-supported wharf.  In the case of piles, pipelines, or utility lines embedded in the
embankment, the allowable deformation of these components will dictate the ground
movements that can be tolerated. Post-earthquake serviceability requirements of the
waterfront components that are founded on or near the embankments  should guide the
specification of seismic performance requirements of the embankments.

In addition to assessing the impact of embankment deformations on components
in immediate contact with the retaining structure, the influence of the associated ground
movements in the backland soils should also be considered.  In several ports, efforts have
been made to ensure that embankment deformations will remain small, although such
efforts have not been made during the design of the cargo storage areas behind the
embankments.  Here, the soils are allowed to remain unimproved and potentially
vulnerable to liquefaction.  This is because any liquefaction and associated differential
settlement and pavement damage that occurs in these backland areas would not suspend
port operations, and regrading could be carried out quickly and relatively inexpensively.

The design of gravity breakwaters includes the bearing capacity of the foundation
soils, settlement of the foundation soils due to consolidation, and stability due to wave
loading.  Experience at numerous ports around the world has demonstrated that the
primary modes of failure due to seismic loading are foundation failures and excessive
settlement.  When this occurs, composite breakwaters may retain their vertical
orientation, yet become submerged due to densification and deformations of the
foundation soils.  Given that the freeboard of a breakwater is the key issue, the
performance requirements should focus on the potential for deformations of the
foundation soils.

Guidelines for Preliminary Seismic Vulnerability Assessment

Preliminary seismic vulnerability assessment of existing embankments should be
based on visual observation in the field and review of relevant office documents.  Visual
observation of embankments, dikes, and bulkheads is difficult because of their limited
accessibility (i.e., they are buried or are commonly covered by soil layers or pavements).
Breakwaters pose additional difficulties, since their offshore location limits direct
viewing at the dredge line.  Nevertheless, visual observation is an important basis for
assessing the integrity of these embankments.  Visual evidence of foundation degradation,
excessive settlements, etc. often indicates conditions that decrease the seismic stability of
embankments.  In particular, the engineer performing the visual observation should be
aware of the following factors that could indicate a potential for poor seismic
performance of embankments:
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 Any observed undermining of foundation soils around breakwaters or bulkheads due
to scour represents a possible location of large deformations during an earthquake.
Inspection methods for scour include surveys by divers, or profiling techniques such
side-scan sonar.

 

 Slumping of earth embankments due to washing of soils from behind armor layers can
compromise the surficial layers of dikes and affect adjacent structures.  Ground cracks
caused by embankment settlements are evidence of weak, compressible foundation
soils.  Recurring tension cracks in backland areas indicate marginal static stability and
significant  vulnerability to earthquake-induced deformations.  This global type of
movement can also be indicated by deformations of the piles beneath wharf decks that
are embedded in the embankment, and the misalignment of crane rails.

 

 The office documents reviewed during a preliminary seismic vulnerability
assessment of an embankment should include geotechnical reports, construction
documents, as-built records, maintenance reports, etc.  This review should focus on the
seismic design provisions adopted, if any, and the construction methods used to place
backland fill soil.  Evaluations of the potential for liquefaction of the foundation soils and
backfill, as well as global stability of the embankment should be emphasized.
Maintenance reports for waterfront areas can provide evidence of  in-stability of
embankments, and may help to prioritize areas of the port for seismic retrofit.
 

      A notable example of the possible benefits of preliminary pre-earthquake seismic
vulnerability evaluation of embankments is the  Port of Valdez, Alaska.  In the two-to-
three decades preceding the 1964 Alaska earthquake, pile-supported wharves embedded
in gravel fill dikes suffered several failures under static loading conditions.  Some of the
failures were induced by cargo loads transmitted to weak foundation soils, while others
were due to unstable slopes which may have failed in response to uncommonly great tidal
fluctuations.  These factors may have contributed to the catastrophic flow slide that
occurred at the Port of Valdez during the 1964 Alaska Earthquake , which included
almost 1200 m of shoreline at the port and claimed 30 lives.  While this is an extreme
example of what can happen, the potential for poor seismic performance that may be
indicated by such pre-earthquake observations should be kept in mind during preliminary
seismic vulnerability evaluations of port waterfront embankments.
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Guidelines for Seismic Analysis
 

 A seismic analysis of a port waterfront embankment should  focus on two issues;
(a) the stability of the embankment itself, and (b) the global stability of the embankment,
backfill, and foundation soils.  In most cases, common pseudostatic rigid body methods
of evaluation will suffice for evaluating the stability of the embankment.  These methods
of evaluation are well established in the technical literature (e.g., Ebeling and Morrison,
1993; Kramer, 1996).  However, although pseudostatic methods are useful for
approximate analysis of seismic stability, they suffer from the following limitations: (a)
they do not indicate the range of embankment deformations that may be associated with
various factors of safety; (b) the influence of excess pore pressure generation on the
strength of the soils can only be approximated; and (c) coupled analyses that account for
such factors as the degradation of soil strength and soil-structure interaction are not
possible.  Therefore, for those embankments where damage could lead to unacceptable
risks to port operations, more refined analysis procedures that are summarized below
should be used.
 

 Enhancements to traditional pseudostatic limit equilibrium methods for estimating
embankment deformations and the degradation of soil strength due to liquefaction or
collapsible soil behavior have been proposed by numerous investigators (e.g., Makdisi
and Seed, 1978; Byrne et. al., 1994).  These methods are based largely on rigid sliding-
block methods, wherein a portion of the embankment slides in response to ground
motions that exceed a critical acceleration.
 

 In situations involving pile supported structures embedded in dikes, or other
embankment and structure deployment where soil-structure interaction effects could be
significant, it is becoming more common to rely on numerical modeling methods to
ascertain the likely range of embankment deformations during design-level earthquakes.
Two-dimensional numerical models such as FLUSH (Lysmer et. al., 1975), FLAC (Itasca,
1995), and DYSAC have been used to model the seismic performance of waterfront
components at ports (e.g., Werner and Hung, 1982; Roth and Inel, 1992; Dickenson and
McCullough, 1998).  These numerical analyses models differ primarily in the soil models
employed and in their ability to model permanent deformations.  Each has been useful in
evaluating various aspects of dynamic soil-structure interaction.

Guidelines for Seismic Design of New Embankments

The seismic design of new embankments structures should address: (a) static
stability issues (e.g., bearing capacity, sliding, forces due to wave loading, and (b)
dynamic loading considerations that include the influence of inertial body forces on
overall stability, the dynamic behavior of embankment and foundation soils, and soil-
structure interaction effects. Also, the heights of breakwaters must be specified to account
for consolidation settlements that may occur.  As previously discussed, these methods of
analysis include standard pseudostatic rigid-body analyses, non-coupled analyses (which
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account for the loss of soil strength and stiffness as well as permanent deformations), and
advanced numerical modeling techniques.  The allowable deformations of the
embankments and adjacent soils will reflect the importance of the components along the
waterfront, which may vary at specific sites within individual ports.

 

During the seismic design process, the presence of any potentially liquefiable
materials in backfill areas must be fully analyzed and expected settlements computed.
Specific attention should be paid to the acceptability of the amount of settlements which
can be tolerated, which will depend on the type and importance of the port operations in
the vicinity  Under a Level 1 seismic design, large deformations resulting in widespread
pavement disruption should be avoided where economically feasible.  In a Level 2 design,
larger deformations of the embankment may be permitted, as long as the duration and
costs of disruptions to the surrounding area are within acceptable limits and consistent
with performance goals.

For Level 1 seismic design, the Factor of Safety against liquefaction in the backfill
should be 1.5 or higher with settlements of about 1 inch or less and lateral deformations
of about 3 inches or less.)  For the Level 2 design, the Factor of Safety against
liquefaction in the backfill should ideally be 1.0 or higher with settlements of about 4
inches or less and lateral deformations of about 6 to 12 inches or less.  Where it may not
be possible to achieve a Factor of Safety greater than 1.0, a Factor of Safety greater than
0.9 may be considered as long as the computed deformation state is shown to have
limited controlled settlements and lateral spread equivalent to the values stated.

 If potentially unstable foundation soils are identified during the design phase of
development, remedial strategies such as soil replacement (key trenches with engineered
fill) or soil improvement may be used.  Ground treatment can be carried out concurrently
with reclamation and construction of the embankments, resulting in an expedient
construction sequence.
 

Guidelines for Seismic Retrofit of Existing Components
 

 Experience has demonstrated that, even at modern ports, embankments have been
susceptible to earthquake-induced damage.  Soil liquefaction and insufficient stability of
the underlying foundation soils repeatedly appear as the predominant causes of
earthquake-induced failures of existing embankments and associated damage to
waterfront components.  Seismic retrofit of embankments may include remedial measures
to the embankment, to the foundation soils, or both depending on the results of seismic
stability analyses.  In the case of a marginally stable embankment founded on competent
soils, remedial measures may include one or more of the following:
 

 Modifying the geometry of the embankment, either with berms or by reducing slope
angles.
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 Improving the strength of the soils by using mechanical densification, soil
replacement, or cementation techniques.

 

 Strengthening the embankment through the use of structural stabilization techniques
such as mixed in-place soil-cement walls, drilled piers, and driven displacement piles
adjacent to the toe of the embankment.  The latter method should be used with
caution, since construction-induced vibrations can lead to excessive deformations of
marginally stable embankments.

            In many instances the foundation soils beneath the embankment are unstable under
seismic loading.  Soil improvement techniques can be used to mitigate these hazards.
From a practical perspective, guidelines for specifying the volume of soil to be treated
and the degree of improvement required to insure that earthquake-induced embankment
deformations are held to within allowable limits have not been  well developed.
Recommendations have been provided (e.g., PHRI, 1997) but very few case histories
exist for evaluating the performance of embankments that have undergone soil treatment.
The limits of soil treatment are usually determined by performing a series of sensitivity
analyses wherein the width of the improved soil zone is related to either the computed
factor of safety against sliding or the estimated deformations.  The requisite volume of
soil improvement will reflect site specific factors such as the embankment type and
geometry, depth of weak soils, density of the backland soils adjacent to the structure, as
well as the characteristics of the design level ground motions.
 

 The constructability of these remedial strategies is complicated by the location of
preexisting port components such as piles, pipelines, above- and below-ground utility
conduits and overhead structures.   In addition to limiting access and constraining the
locations of work platforms, existing buried components can be adversely affected by
several of the ground treatment methods.  Soil densification techniques that rely on
vibration (e.g., vibro-compaction, deep dynamic compaction or soil displacement
(compaction grouting) increase lateral earth pressures.  The potential for this  increased
pressure should be acknowledged when improving soils in close proximity to buried
structures.

 

 It should be noted that there may be a need for a seismic reassessment following
an earthquake. This reassessment should be triggered when excessive deformations are
observed. The decision process depends on the specifics of the geometry and soils
present. Typical soil limit deformations are given in following sections.
 

 

 Gravity Retaining Structures
 

 Types of Gravity Retaining Structures
 

 Gravity earth-retaining structures are widely used along the waterfront for quay
walls, sea walls, and lock and dam structures  Numerous wall types and wall geometries
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have been employed at ports (Figure 2-3).  A broad categorization of the most common
retaining structures is provided below.

 

Concrete Block Walls These structures are composed of smooth or interlocking blocks
that are stacked one on top of another to the design height.  Pile foundations are used in
regions with weak foundation soils or other areas with  a limited supply of suitable fill for
key trenches.   These walls can be either vertically faced or stepped to slope at specified
angles.  The primary advantages of these walls include: (a) durability to environmental
agents and impact by vessels; (b) good quality control achieved during fabrication; (c)
simple construction; and (d) adaptability to a variety of foundation conditions.

The basic design of block-work walls can be generally classified as follows: (a)
bonded construction using solid concrete blocks; and (b) walls formed with hollow or
special concrete blocks (Tsinker, 1997).  The type of bonding between the blocks will
influence the seismic performance of the walls, since sliding may tend to occur at the
interface between adjacent blocks during shaking.

Concrete Caissons The two most predominant types of concrete caissons used at ports
are “box-type” cassions and counterfort caisson walls.  These structures are built onshore,
transported to the waterfront and sunk into position.  Box-type caissons can be floated
into place.  Pile foundations are often used in weak soils when suitable replacement soils
are not readily available.  In the case of box-type caissons, internal walls in the caisson
form cells that are filled with granular material (e.g., soil, slag, concrete construction
debris) or water, depending on the lateral earth pressures that must be resisted and the
allowable bearing pressures on foundation soils.  The caissons are usually placed on a
prepared foundation pad of granular fill and backfilled with sand or rubble. The density of
the foundation and backfill soils will have a significant effect on the seismic performance
of the caisson.

Cellular Sheet Pile Structures Cellular steel sheet pile bulkheads are usually constructed
from flat web sheet piles that are driven with vibratory equipment.  The shape of the cell
is maintained during the construction process with the use a of template for guiding the
sheet piles during placement. Arc sections are driven on one or both sides of the
bulkhead, and granular soils are used to fill the cells.  The fill soil is often densified to
increase the lateral stability of the cellular bulkhead.  This is advantageous for the seismic
performance of the bulkhead and the densification also reduces the liquefaction
susceptibility of the fill.
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 These earth retaining structures differ from the others listed in this section in that
they are flexible. This flexibility provides some reduction in the dynamic earth pressures
experienced during earthquakes, although progressive permanent deformations can occur.
Excessive deformations can lead to high interlock tension and potential failure.
Liquefaction of the interior fill will also result in excessive interlock tension.  The failure
of a 45-year-old sheet pile cellular bulkhead occurred due to liquefaction generated by
ground motions of moderate intensity (PGA approx. 0.15 g to 0.20 g).  Post-earthquake
investigations of this facility revealed that corrosion of the sheet piles and improper
placement of the sheet piles had contributed to the failure.  Standard methods of analysis,
including pseudostatic seismic design, are presented by Schroeder (1990).
 

Steel Plate Cylindrical Caisson. Large diameter cylindrical caissons have been used in
numerous ports.  The primary advantages of this caisson type over comparable sheet pile
structures are: (a) the cell is fabricated onshore; and (b) placement is much faster than
with cellular sheetpile bulkheads.  However, the  cylindrical caisson does require the
preparation of a reasonably flat bedding pad.  The steel cell is placed by sinking it into
place and embedding it into the soil through driving with vibratory hammers.  In most
cases, steel arc sections are then placed on both sides of the wall and joined to the
cylindrical caisson by interlocks.
 

Cribwork Quay Walls Crib walls at ports have been constructed from timber cribwork
and concrete cribwork. Cribs are rather labor intensive, and they must be constructed
onshore and launched and sunk into position.  They are then filled with gravel or rock fill
to form a gravity structure.  The crib wall can either be full height or provide a supporting
base for mass concrete superstructure walls which are placed on the cribwork (Tsinker,
1997).

General Functional/Operational Requirements at Ports

The primary operational requirement of gravity retaining structures is to resist lateral
earth pressures with minimal deformation.  These structures resist the lateral earth
pressures by virtue of their body weight and the resulting frictional resistance mobilized
between the structure and the foundation soil.  These massive structures require strong
foundation soils and it has often been necessary to enhance the bearing capacity of the
foundation by excavating trenches and replacing the weak soils with cohesionless fill, or
by supporting the structures on piles or pile supported relieving platforms. Specifications
for allowable wall-backfill deformations will be based on the sensitivity of the structures
located in close proximity to the retaining structures.

Guidelines for Developing Seismic Performance Requirements

Where gravity retaining structures are deployed alongside key waterfront cargo handling
operations, the seismic stability of such structures is a major concern.    Permanent
deformations of the retaining structures and surrounding soils must be minimized to
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ensure serviceability following design-level earthquake motions.  Therefore, it follows
that the seismic performance requirements for gravity should focus establishment of
allowable wall deformations under the design-level earthquake motions such that: (a) the
operations of key components that are supported on the retaining structures will not be
adversely affected; and (b)  associated ground movements in the backland soils will lead
to acceptable levels of damage to the structures and cargo storage facilities in those areas.

In general, waterfront retaining walls should perform to the following standards;

1. To resist earthquakes of moderate size, Level 1, which can be
expected to occur one or more times during the life of the structure
without significant damage (i.e. displacement). As a general guideline, the
deformations associated with this performance requirement are roughly 1
inch or less of settlement and lateral deformations of about 3 inches or
less.

2. To resist major earthquakes, Level 2, which are considered
infrequent rare events maintaining life safety and precluding total collapse,
but allowing a measure of controlled inelastic behavior which will require
repair.  The allowable deformations for Level 2 earthquakes are a
maximum of 4 inches of settlement and lateral deformations of about 6 to
12 inches or less.

In order to ensure that the approximate deformation limits are not exceeded,
liquefaction hazards must be fully evaluated. Specific attention is to be paid to the
acceptability of the amount of settlements. Under Level 1 earthquake motions, large
deformations resulting in widespread pavement disruption should be avoided where
economically feasible.  At several ports, liquefaction mitigation efforts have focused on
limiting earthquake-induced wall deformations and applying only nominal soil
improvement in backland areas such as cargo storage yards located well behind the walls.
Although liquefaction in these areas would result in differential settlements and damage
to pavements, these effects would not suspend port operations and regrading could be
carried out quickly.

Guidelines for Preliminary Seismic Vulnerability Assessment

Preliminary assessment of the seismic vulnerability of existing gravity retaining
structures should be based on field inspections and a review of design and construction
documents.  Field inspections of retaining walls are onerous due to the development of
the waterfront around the structure. The waterfront location of the walls and their partial
burial with backfill will conceal them from direct view.  In addition, retaining walls are
commonly covered with pavements and structures. However, inspections can provide
evidence for of existing conditions that could lead to poor seismic performance during
future earthquakes such as degradation of the structure, evidence of ground movement
under static conditions, and other adverse conditions such as excessive scour beneath the
gravity wall.  This is especially true for steel sheet pile bulkheads which are prone to
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corrosion.  Evidence of foundation degradation, excessive settlements, etc. is often
indicative of conditions that decrease the seismic performance of retaining structures.
The following is a partial list of potential factors that could adversely affect the seismic
performance of waterfront gravity walls, the following have been observed at ports:

 Undermining of foundation soils around quay walls due to scour. Inspection methods
for scour include surveys by divers or profiling techniques such side-scan sonar.

 

Slow, yet continuous deep-seated rotation due to the marginal bearing capacity of
foundation soils. This global type movement can also be indicated by rotation of the
gravity walls, deformations of relieving platforms, persistent tension cracks in backland
pavements, and the misalignment of crane rails or utility lines that are supported on the
gravity wall. These observations provide evidence low static stability and significant
vulnerability to earthquake-induced deformations.

An important aspect of the vulnerability assessment should also include a
thorough review of office documents (e.g., geotechnical reports, construction documents,
as-built records, and maintenance reports).  This review should focus on the seismic
design provisions adopted, if any, and the construction methods used to place backland
fill soil.  Evaluations of the liquefaction susceptibility of foundation soils and backfill, as
well as global stability of the retaining wall should be emphasized.  Maintenance reports
for waterfront areas can provide evidence for marginal stability of retaining walls and
may help to prioritize areas of the port for retrofit strategies.

Guidelines for Seismic Analysis

Seismic analyses for new and existing retaining structures must focus on the
dynamic behavior of the foundation and backfill soils, as well as the overall stability of
the walls.  Potential failure modes include: sliding, overturning (for rigid walls only),
bearing capacity failure, and deep seated  instability.

The most commonly used seismic design methods for gravity structures are based
on standard pseudostatic limit equilibrium methods of analysis wherein a static horizontal
seismic coefficient is applied as an additional body force (Ebeling and Morrison, 1993).
The pseudostatic method of analysis suffers from two significant deficiencies when
applied to waterfront retaining structures: (a) the loss of soil strength associated with the
generation of excess pore pressures during earthquakes can only be approximately
accounted for using post-liquefaction residual undrained strengths for the sandy soils; and
(b) the deformations of the wall and adjacent soil can not be evaluated.  The limitations
imposed by these design methods can be significant in light of the role that liquefaction
plays in the seismic performance of waterfront retaining structures.

As a means of estimating earthquake-induced deformations of gravity walls, limit
equilibrium analyses can be supplemented with rigid body, sliding block-type
displacement analyses which are used to estimate the seismically induced movement of
retaining walls acceleration. This method of analysis is similar to the procedures for
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analysis of earthquake-induced deformations of slopes previously summarized. In this
method, the lateral acceleration that yields a factor of safety against sliding equal to unity
is defined as the critical (or yield) acceleration.  A suite of appropriate acceleration time
histories is then used in conjunction with the critical acceleration and the permanent
displacements calculated.  This technique has been used as the basis for several common
methods that have been developed for the estimation of gravity wall displacements (e.g.,
Richards and Elms, 1979; Elms and Richards, 1990; Whitman and Liao, 1985).

The allowable deformations of the retaining structure should reflect the impact
that the deformations have on the stability of the wall, and as well as the sensitivity of
nearby waterfront components to lateral and vertical deformations of the retaining
structure.  Key considerations pertinent to the specification of allowable deformations
may include: (a) whether the crane rails are tied together; (b) whether utility conduits are
rigidly fastened to or pass between construction joint in the retaining structures; (c)
whether pile supported structures are connected to the retaining structure and, if so, the
ductility of these connections.

In projects involving displacement-sensitive retaining walls, advanced numerical
modeling techniques are recommended for estimating permanent displacements due to
earthquakes.  The primary advantages of these models include: (a) complex wall
geometries can be evaluated; (b) sensitivity studies can be readily performed to estimate
the influence of various parameters on the seismic stability of the retaining structure; (c)
dynamic soil behavior is much more realistically reproduced; (d) coupled analyses can be
used that account for such factors as excess pore pressure generation in contractive soils
during ground shaking and the associated reduction of soil stiffness and strength; (e) soil-
structure interaction effects and permanent deformations can be evaluated.

Despite the above advantages of numerical modeling, several practical issues may
limit the utilization of this analysis tool. These concerns include; (a) the engineering time
required to construct the numerical model can be extensive for complex geometries; (b)
numerous soil parameters are often required, thereby increasing the cost of geotechnical
investigations; and (c) because very few of the available models have been validated with
well-documented case studies of the seismic performance of actual retaining structures,
the level of uncertainty in the analysis is often difficult to assess.

Experience demonstrates that the primary source of damage to waterfront
retaining structures is liquefaction of sandy soils in the backfill, foundation, and below
the dredgeline in front of the walls.  Therefore, the presence of any potentially liquefiable
soils should be fully analyzed and expected settlements should be computed. In many
cases, remedial ground treatment will be required to increase the liquefaction resistance
of the soils.  Along these lines, it is noted that an important benefit of the advanced
numerical modeling tools discussed above is their ability to assess the relative
effectiveness of alternative methods and extents of soil improvement in reducing the
potential for liquefaction and improving the seismic performance of the retaining
structure.
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Guidelines for Seismic Design of New Components

Current standards of practice for the seismic design of gravity retaining structures
are well documented in a number of very useful and up-to-date manuals and textbooks -
(e.g., Ebeling and Morrison, 1993; Kramer, 1996).  These methods commonly use rigid-
body limit-equilibrium methods of analysis which offer the following practical
advantages: (a) the techniques are familiar to most engineers; (b) requisite input includes
standard geotechnical parameters that are obtained during routine foundation
investigations; and (c) the methods have been coded in very straight-forward and efficient
computer programs that facilitate the performance of sensitivity studies for various design
options.

Widely-used limit equilibrium methods of analysis require that potential
seismically-induced movement of the wall be estimated in order to evaluate the state of
stress in backfill soils (i.e., yielding versus non-yielding backfills).  Determining the
lateral earth pressures acting on the retaining structure is a necessary first step in the
stability analyses.  To estimate the dynamic lateral earth pressures, a static body force
representing the inertial effects imposed by the ground motions must be added to the wall
and backfill soil. Seismic design factors in the form of the pseudostatic seismic
coefficients (kh and kv) are determined as a fraction of the maximum peak accelerations
generated by the design earthquake motions.  For retaining structure design, the seismic
coefficients are commonly specified as one-third to one-half of the peak horizontal
ground surface acceleration (pga). The standard that has been adopted in Japanese
practice relates the horizontal seismic coefficient to the peak surface acceleration in the
following relationship:

kh = (pga/g) for pga < 0.2 g

kh = 1/3 (pga/g)0.3 for pga > 0.2 g

Limit equilibrium analyses can be performed as standard pseudostatic analysis
(e.g., Mononobe-Okabe method as described by Whitman and Christian, 1990), or in
rigid body, "sliding-block" type displacement analyses (e.g., Elms and Richards, 1990 or
Whitman and Liao, 1985) which are used to estimate the seismically induced movement
of the retaining structure.  The specification of allowable wall deformations should take
into consideration the displacement sensitivity of appurtenant structures and adjacent
components.

Guidelines for Seismic Retrofit of Existing Components

In seismically active regions of the world, one the most pressing issues at ports is
the anticipated seismic performance of existing gravity retaining structures.  In many
cases, existing structures have performed poorly for one or more of the following reasons:
(a) inadequate height-to-width ratios due to the use of low seismic coefficients in original
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design; (b) the presence of weak foundation soils which could lead to deep-seated
foundation failures;  and (c) use of fill placement methods during initial construction that
have resulted in loose soils that are prone to liquefaction.

Assessment of this seismic performance of existing gravity retaining structures
subjected to their design-level ground motions should be evaluated using appropriate
seismic analysis procedures, together with liquefaction hazard analysis procedures.
Depending on the results of these analyses, appropriate seismic retrofit methods may be
implemented.  The most common retrofit methods include: (a) implementation of anchor
systems for the gravity structure; (b) augmentation of the wall to increase its cross
sectional area; (b) construction of a new wall outboard of the existing structure; or (c)
replacement of the wall.  Any of these methods should be supplemented with soil
improvement of the surrounding fills, because of the demonstrated effectiveness of soil
improvement methods in improving the seismic performance of gravity retaining walls
during past earthquakes.

Soil improvement techniques have been used to mitigate liquefaction hazards to
waterfront retaining walls at numerous ports throughout the world (e.g., Iai et. al., 1994).
All other factors being equal, the effectiveness of the soil improvement is a function of
the level of densification and the volume of soil that is treated. Although few case
histories exist for the performance of improved soils subjected to design-level earthquake
motions, experience has shown that caissons in improved soils have performed much
more favorably than have adjacent caissons at unimproved sites which experienced
widespread damage (e.g., Iai et. al., 1994).

The Japan Port and Harbour Research Institute (PHRI, 1997) has produced one of
the few design guidelines that exist for specifying the extent of soil improvement adjacent
to waterfront retaining structures. The recommended extent of ground treatment is shown
in Figure 2-4. The stability of the caisson is evaluated using standard limit equilibrium
methods in which a dynamic pressure and a static pressure corresponding to an earth
pressure coefficient K=1.0 are applied along plane CD due to liquefaction of the
unimproved soil. These guidelines for establishing the soil improvement area and
evaluating caisson stability are valuable design tools, however, they do not address the
seismically-induced deformation of the caisson and backfill soils.

In order to develop a simplified technique for estimating seismically-induced
deformations of gravity caissons Dickenson and Yang (1998) have developed simplified
design charts for the application of soil improvement adjacent to gravity retaining walls.
The authors utilized a numerical model, validated with well-documented case histories,
for parametric studies of caisson performance. The results of the study have been
synthesized into practice oriented design charts for estimating the lateral deformations of
gravity quay walls.
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Figure 2-4: Schematic diagram for investigation of stability with
respect to pressures applied from the liquefied sand layer (PHRI, 1997)

The results of the parametric study demonstrate the influence of ground motion
characteristics, geotechnical parameters, and caisson geometry on the deformations of the
retaining walls. These results have been synthesized into normalized parameters, where
possible, to incorporate the key variables into straightforward design parameters. For
example, the wall geometry has been expressed by W/H ratios as previously mentioned,
the width of the zone of soil improvement is given as a function of the height of the wall
(L/H). In order to account for the duration of the earthquake motions a normalized ground
motion intensity has been used. This parameter is defined as the maximum horizontal
acceleration at the top of the dense soil (Amax)D divided by the appropriate magnitude
scaling factor (Arango, 1996). The magnitude scaling factors are provided in Table 2-1. It
is recommended that if a site specific seismic study is not performed to determine (Amax)D,
then the peak ground surface acceleration can be reduced using the reduction factor (rd)
developed for estimating the variation of cyclic shear stress (or acceleration) with depth
(Seed and De Alba, 1983). The values of rd for 15 and 7.5 meter walls are approximately
0.78 and 0.95, respectively. It should be noted that the reduction factor was developed
using one-dimensional dynamic soil response methods and this will yield approximate
acceleration values for the two-dimensional soil-structure interaction applications
discussed herein.

              Table 2 –1. Magnitude Scaling Factors Derived by Arango (1996)

Earthquake Magnitude 8.25 8 7.5 7 6 5.5
MSF 0.63 0.75 1 1.25 2 3

The results of the parametric study are shown in Figure 2-5. The normalized lateral
deformations at the top of the wall, Xd/H, are plotted versus the normalized width of the
improved soil, L/H, and as functions of backfill density and the W/H ratios of the
caissons. The numbered triangles superimposed on the charts correspond to field case
histories. In this figure, the rubble fill adjacent to the caissons has been treated as non-
liquefiable soil, thereby contributing to the “effect” width of the improved (i.e., non-
liquefiable) soil. In the case of triangular, single-lift sections of rock fill the width of the
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rubble fill has been approximated as one half of the width of this fill at its base. The
relationships provided in Figure 2-5 clearly demonstrate the benefit of ground treatment
on the seismic performance of the caissons. It is also evident that the incremental benefit
of a wider zone of ground treatment begins to decline once the soil improvement extends
more than about 2.0 to 3.5 times the total height of the wall. At this point the cost of
additional soil improvement may outweigh the benefits. It is interesting to note that the
soil improvement guidelines prepared by the PHRI (1997) correspond to a normalized
width of soil improvement of roughly 1.3 to 1.6, as supported by the work of Iai (1992).

As a screening tool for estimating the seismically-induced displacements of
caissons, the recommended procedures for utilizing the results of the parametric study
include:
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2-20

1. Design the wall using standard pseudostatic limit equilibrium methods to determine
the wall geometry (W/H).

2. Determine (Amax)D based on a site response analysis or approximate with empirical
soil amplification factors to yield the peak ground surface acceleration and the
reduction factor (rd).

3. Select the magnitude scaling factor (MSF) for the specified earthquake magnitude,
and compute the ground motion intensity factor as (Amax)D/MSF.

4. Given the standard penetration resistance of the backfill soils, the width of the ground
treatment behind the caisson, and the ground motion intensity factor, enter Figure 2-
5a or 2-5b and obtain the normalized lateral displacement. From this, the deformation
at the top of the wall (Xd) can be estimated.

When it is shown to be impossible to or uneconomical to achieve the levels of
performance associated with new components, an acceptable risk assessment (including
economic life cycle cost analysis) should be performed to establish the most appropriate
performance level form a cost-benefit standpoint.

The critical role of soil liquefaction in most earthquake-induced waterfront
retaining wall failures requires that this seismic hazard be evaluated for the backfill and
foundation soils. Under Level 1 earthquakes large deformations resulting in widespread
pavement disruption should be avoided where economically feasible. The following
guidelines for both new and existing facilities have been recommended for use at U.S.
Navy facilities (Ferritto, 1997a):

 For a Level 1 earthquake the Factor of Safety against liquefaction in the backfill
should be 1.5 or higher with settlements of about 1 inch or less and lateral
deformations of about 3 inches or less.

 For a Level 2 earthquake the Factor of Safety against liquefaction in the backfill
should be 1.0 or higher with settlements of about 4 inches or less and lateral
deformations of about 6 to 12 inches or less.  Where it may not be possible to achieve
a Factor of Safety greater than 1.0, a Factor of Safety greater than 0.9 may be
considered as long as the computed deformation state is shown to have limited
controlled settlements and lateral spread equivalent to the values stated.

Steel Sheetpile Wharves

Types of Anchored Steel Sheet Pile Bulkheads

Steel sheet piles bulkheads function as earth retention systems, berthing
structures, flood walls, and sea walls. These structures have been used where soil
conditions permit driving of these relatively flexible piles. Common configurations
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include: (a) relatively short cantilever sheet pile walls, which derive support solely
through pile stiffness and passive soil resistance beneath the dredge line; and (b) taller
anchored sheet pile structures, which are supported by tie rods (at one or more elevations)
fixed to mechanical anchors. The combination of weak soils commonly found in the
marine environment and the wall heights required at berths precludes the use of cantilever
walls in most waterfront applications.  This subsection addresses seismic performance
issues specifically associated with anchored sheet pile bulkheads.

A variety of anchored wall configurations have been used in the development of
marginal wharves at ports (Figure 2-6).  The more common configurations are briefly
summarized below.

Sheet Pile Wall with Deadman Wall Anchorage. As shown in Figure 2-6, lateral
support for the sheet pile wall can be provided by tie rods that extend to concrete blocks
(deadman) or a continuous wall.  Tie rod spacing will reflect factors such as wall height,
soils in the backfill and foundation below the dredge line, and wall stiffness.
 

Sheet Pile Wall with Batter Pile Anchorage.  In situations where adequate lateral
restraint cannot be provided by a deadman, an anchor system made up of piles can be
used.  This is common for tall walls in relatively weak soils where the lateral earth
pressures that must be resisted by the bulkhead would exceed the passive resistance
provided by shallow anchor blocks.  Single vertical piles, small pile groups, and batter
piles have been used as effective anchors.  Batter piles offer the advantage of increased
lateral resistance due to their orientation relative to the wall, although their very stiff
connection at the pile cap lead to problems during an earthquake.

Double (Paired) Sheet Pile Walls In regions where steel sheet piles are readily
available, it is often beneficial to forego batter pile anchorages for a sheet pile wall
support system.  The sheet pile anchor wall is usually constructed with the same materials
and geometry as the bulkhead, but is usually much shorter. The paired walls are
connected with same wale and tie rod arrangement used for other anchored walls.

General Functional/Operational Requirements at Ports

The primary operational requirement of sheet pile bulkheads is that they resist
lateral earth pressures with minimal deformation. These requirements are the same as
those for gravity retaining structures.

Guidelines for Seismic Performance Requirements

The seismic performance requirements for anchored sheet pile bulkheads are
essentially the same as the requirements for gravity retaining structures previously
discussed. Briefly summarized, the design of anchored sheet pile bulkheads should limit
permanent lateral displacement at the top of the sheet pile to values that are based on the
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displacement tolerances of the key port components in the vicinity of the sheet pile
structure.  For example, the limiting displacement criteria for sheet pile bulkheads at U.S.
Navy ports is as follows (Ferritto, 1997a):    (a) under the Level 1 ground motions, the
permanent lateral displacement at the top of the bulkhead must be less than 1 in.; and (b)
under the Level 2 ground motions this permanent lateral displacement must be less than 4
in.  These values are presented as examples only, and different displacement values may
be selected at a port, depending on the port’s overall seismic performance requirements
and those of the port components located near the bulkhead. The results of advanced
numerical modeling of anchored sheet pile bulkheads  commonly indicate that the 4-inch
displacement limit used by the Navy for Level 2 earthquake motions cannot be met by
standard bulkheads.  In addition, in cases where the anchor does not experience
catastrophic failure, the maximum displacements during the stronger earthquake motions
do not occur at the top of the bulkhead wall, but instead occur  between the elevation of
the anchor and the dredge line.  These lower displacements  will still yield excessive
ground surface deformations.   These factors should be considered when establishing
seismic performance requirements for sheet pile bulkheads.

Guidelines for Preliminary Seismic Vulnerability Assessment

Review of Design and Construction Documents  As for other port waterfront
structures, preliminary assessment of the seismic vulnerability of existing sheet pile
bulkheads should be based on visual inspections and review of design and construction
documents.  Because of the lack of accessibility to underwater or underground elements
of the bulkhead, many aspects of its seismic vulnerability can only be assessed through
review of its design and construction documents.  Documents that should be reviewed for
sheet pile bulkheads are design drawings and calculations, soils reports, and construction
documents.

The review of design and construction documents should focus on: (a) review of
pertinent geotechnical reports and construction documents to identify the existence of if
the soils below the dredge line, in the backfill, or in the foundation are potentially
unstable; and (b) the review of the seismic design procedures (if any) that were employed
during the design of the sheet pile bulkhead, to check whether the original design
assumptions are consistent with current knowledge and practice.  In this, special attention
should be paid to the type of tie-rod\anchor system (e.g., tie rods and deadman, tie-rods
and anchor wall, tiebacks with grouted anchor, tie-rods and pile anchors) and the location
of the anchor.  Field experience, supplemented by numerical analyses, demonstrate that
the anchor must be located further behind the wall than that specified for static design.
Also, tie-rod failures constitute one of the most common failure modes of sheetpile
bulkheads during earthquakes; therefore reevaluations should focus on the dynamic forces
expected during the design level earthquakes.  As-built construction data should be
reviewed to determine the capacity of the tie rods and the connections between the tie
rods and the bulkhead.
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 Field Inspection  Despite the above-indicated accessibility problems, visual inspection
can still provide important information for assessing the seismic vulnerability of existing
sheet pile bulkheads.  For example, such assessments may uncover evidence of ground
movement  under static conditions in the vicinity of the bulkhead that could indicate a
potential for poor performance during future earthquakes.  They can also serve as a means
for documenting the existence of any visible corrosion of the sheet piles, as well as the
types of port components and utilities in the vicinity of the sheet pile structures.  This can
provide a basis for assessing whether the allowable ground displacement criteria
previously established for the sheet pile bulkhead are consistent with the limiting
displacement and deformation tolerances of these other components.

In cases where serious corrosion has been observed, it may be necessary to
remove specimens of the sheet piles for inspection and testing to insure the integrity of
the corroded sections.  In some cases, evidence of severe corrosion of sheet piles beneath
the waterline has been manifested as sinkholes at the ground surface adjacent to the
structure, due to the loss of backfill soil through holes in the sheet piles.  Divers and/or
side-scan sonar techniques should also be used to facilitate underwater inspection of the
sheet piles and the depth of potential scour along their face.  Additional evaluation may
involve excavating along selected portions of the bulkhead to reveal the integrity of the
tie rod-wale connections.

Guidelines for Seismic Analysis

Seismic analyses for new and existing bulkheads must focus on the dynamic behavior of
the foundation and backfill soils, as well as the overall stability of the walls. Again,
potential failure modes include: excessive deformation of the bulkhead, passive failure of
soil in front of anchors, tie rod failure, wale system failure, loss of passive soil resistance
beneath the dredge line, interlock failure between sheet piles, and global stability when
founded on weak soils, and potential damage to very stiff batter pile supported anchors at
the connection of the piles to the anchor.

Widely used limit equilibrium methods require that potential seismically-induced
movement of the wall be estimated in order to evaluate the state of stress in backfill soils
(i.e., yielding versus non-yielding backfills).  It should be noted that the nonuniform
deformations typical of flexible sheet pile structures are not strictly accounted for in
standard rigid body, limit equilibrium analyses.  This variation in soil deformation over
the height of the wall results in a statically indeterminant problem.  Approximate methods
are nonetheless used to evaluate the static and dynamic performance of these structures
(e.g., free-earth support and fixed-earth support methods of analysis).  Recommended
references for seismic analysis and design of sheet pile bulkheads are provided by;
Ebeling and Morrison (1993), USACOE (1994), and Kramer (1996).

As with the gravity retaining walls, determining the lateral earth pressures acting
on the retaining structure is a necessary first step in the seismic analysis of sheet pile
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bulkheads.  In order to estimate the dynamic lateral earth pressures, a static body force
representing the inertial effects imposed by the backfill soil during the ground shaking
must be applied to the bulkhead wall.   and backfill soil. (Since the mass of the bulkhead
is very small, the resulting inertia forces due to structure weight will be small when
compared to the effective soil mass.)   Seismic design factors in the form of the
pseudostatic seismic coefficients (kh and kv) are determined as a fraction of the maximum
peak accelerations generated by the design earthquakes. As for gravity retaining wall
design, the seismic coefficients established for design of sheet pile bulkheads are
commonly specified as one-third to one-half of the peak horizontal ground surface
acceleration (pga). The appropriate ratio to use will reflect the specified factor of safety
for stability and the allowable deformations (i.e., the smaller the allowable deformations
the larger the lateral seismic coefficient). The pseudostatic forces computed using these
seismic coefficients are applied to the body of soil behind the sheet pile bulkhead
structure.  Japanese standards for establishing these seismic coefficients are the same as
previously described for gravity retaining structures.

There is extensive experience on the performance of anchored sheetpile walls.
Extensive liquefaction of loose saturated cohesionless soils in the backfill have caused
major failures. Typical failures take the form of excessive permanent seaward tilting with
associated movement of the anchor block. Associated with this is the settlement and
cracking of the backfill soil. Gazetas and others (1990) review procedures used to analyze
quaywalls. Pseudostatic procedures are used to determine lateral earth pressures after the
well known Mononobe-Okabe approach. Statistics show that performance of quaywalls
over the last 45 years has not improved despite increases in the seismic coefficients and
refinements in the design methods. The dominant factor in failures of these walls is the
loss of strength of the backfill and foundation soils. The pseudo static method of analysis
suffers from three significant deficiencies: the failure to account for the loss of strength
associated with the generation of excess pore pressure, the overestimation of the passive
soil resistance of the anchor, and the inability to include the deformation and movement
of the wall and soil. Many designs underestimated the level of seismic exposure and the
design procedure ignores the vertical component of acceleration. which can increase the
effective acceleration relating to active and passive earth pressures.

Gazetas and others (1990) developed an empirical design chart based on
numerous case studies of sheetpile walls at sites where liquefaction was not observed at
the ground surface. This chart based screening tool can be used to enhance conventional
pseudostatic procedures.  A horizontal acceleration factor is defines as:
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A vertical acceleration factor may be assumed as two-thirds of the horizontal.

kv = 2/3 ( kh) 2-2
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An effective acceleration coefficient is defined as:

ke = kh/ (1 – kv) 2-3

For cohesionless soils under water, the value of ke may be increased by 1.5 to
account for the potential of strength degradation from porewater pressure buildup.  Figure
2-7 shows the nomenclature used.   Figure 2-8 shows relationships for the active failure
surface inclination, α ae , and the active and passive seismic pressure coefficients as
functions of the effective acceleration. The effective anchor distance, EAI is defined as

EAI = d / H 2-4

Having the effective acceleration coefficient one may determine the failure surface
inclination and the seismic pressure coefficients. A trial value of EAI may be selected and
the anchor length determined using Figure 2-9 and:

KPE

EPI ≈      (r2 (r+1))    2-5
KAE

where

r =  f  / ( f + H ) 2-6

L  ≥  ( H + f  ) Cot (α ae)  +  (EAIc)  H 2-7
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d

active failure surface

effective "point"
of rotation

Figure 2-7: Definition of Effective Ancho Index : EAI = d/H
(Gazetas et. al., 1990).



Figure 2-8: Effect of Horizontal and Vertical Seismic Coefficients on the
Angle of the Active and Passive Sliding Wedges

(Gazetas et. Al, 1990).
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Figure 2-9: The Seismic Design Chart of Gazetas et. al. (1990).

The procedure developed by Gazetas and his coworkers (Dennehy, 1985; Gazetas et.
al., 1990)  establishes a minimum anchorage length for safe performance based on field
observations of damaged structures at sites where surface evidence of liquefaction was
lacking. In a recent study, the results of recent parametric studies (McCullough and
Dickenson, 1998) which included non-liquefiable soils were compared to the design chart
in Figure 2-9.. Figure 2-10 presents the comparison between the parametric study (for
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non-liquefiable soils) plotted as solid stars (with the calculated displacements in
parenthesis) and the design chart presented by  Gazetas and others. One point (center-
right) is a standard 7.5 m wall. Two points (top-right and bottom-right) are from the
parametric study varying the length of the tie rod anchor, and the last point (left-center)
comes from the parametric study varying the depth of embedment.

It is evident from Figure 2-10 that the computed deformations vary significantly at
each data point, and that some of the plotted points have calculated displacements that
both fit, and do not fit the proposed design chart (especially the point on the center-right).
The variations in the displacement values for each of the plotted parametric study points
can be attributed to variations in the earthquake motions. Larger earthquake motions
produced larger displacements, whereas the method proposed by Dennehy and Gazetas
does not directly include any earthquake motion parameters (intensity, frequency or
duration). It is significant to note that many of the computed deformations that fall in
Zone I (deformations approximately less than 10 cm) would be considered unacceptable
by many port engineers for an operating or contingency level earthquake motion (Ferritto,
1997).

A comparison can also be made between the parametric study on the depth of sheet
pile embedment and the proposed chart by Dennehy and Gazetas. It was noted from the
parametric study that the depth of embedment had very little effect on the performance of
the bulkhead over the range of the modeled values, but the contour lines constructed by
Dennehy and Gazetas show a clear variation in performance over the range of interest
(EPI = 0.25 to 0.75).



2-29

(48, 69, 119 cm)

(5, 14, 22, 31,
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(31, 59 cm)

(7, 13 cm)

Figure 2-10: Including Data from the Parametric Study
for Models with Improved Soils (solid stars)

As previously discussed for gravity retaining structures, advanced numerical
modeling techniques are recommended for estimating earthquake-induced permanent
displacements in displacement-sensitive sheet pile bulkheads.  The applicability and
benefits of advanced numerical procedures seismic analysis of sheet pile bulkheads are
the same as previously discussed for gravity retaining structures.

An example of an extensive parametric study of anchored sheetpile bulkheads using a
dynamic effective stress numerical model is provided by  McCullough and Dickenson
(1998). The evaluation of five design parameters were examined in the parametric runs,
including: (a) depth of embedment of the sheetpile wall (D), (b) stiffness of the sheetpile
wall (EI), (c) length of the tie rod, (d) density of the backfill soil, and (e) extent of soil
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improvement (SI). A definition sketch of the modeled geometry is provided in Figure 2-
11.

To increase the applicability of this study, normalized dimensionless factors were
developed. A normalized displacement factor (Equation 3) was developed by normalizing
the displacements at the top of the wall (∆X) by the wall stiffness (EI),
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Figure 2-11:  Definition Sketch Of An Anchored Sheetpile Bulkhead
With Soil improvement

total wall height (H+D), and the buoyant unit weight of the backland soil adjacent to the
sheet pile wall.
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A normalized soil improvement factor (n) was also developed by dividing the
extent of soil improvement (SI) by the total wall height (H+D).

The normalized earthquake intensity was developed by normalizing the maximum
backland acceleration at the elevation of the dredge line (Amax@dredge)  the magnitude
scaling factor (MSF) (Arango, 1996). The MSF factors are listed in Table 2-2. In the
absence of a site specific seismic study, it is recommended that the reduction factor (rd)
from Seed and Idriss (1982) be used to approximate Amax@dredge from the maximum
ground surface acceleration. The values of rd for 15 and 7.5 meter walls are
approximately 0.78 and 0.95, respectively. It should be noted that this is a one-
dimensional approximation for the two-dimensional soil-structure interaction.

Table 2-2:  Magnitude Scaling Factors (Arango, 1996)

Magnitude
5.50 6.00 7.00 7.50 8.00 8.25

3.00 2.00 1.25 1.00 0.75 0.63
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The results of the parametric study are presented in Figure 2-12. The contour lines
indicate various levels of earthquake intensity for backfill soils with blowcounts of 10
and 20 blows/30 cm. The effectiveness of soil improvement for minimizing bulkhead
deformations is clearly demonstrated by the design chart. It is also noted that incremental
benefit of soil improvement beyond n values of approximately 2.0 decreases
considerably. In comparison, the n values as determined from the PHRI (1997)
recommendations for the parametric study sheetpile bulkheads are approximately 1.9 to
2.5.

There are fourteen case histories plotted on the chart, which are arranged
according to the blowcounts of the backfill soils. Table 2-3 presents pertinent data from
the case histories. It should be noted that seven case histories are closely predicted by the
chart, five case histories are significantly over-predicted and only two of the case histories
are significantly under-predicted. These results indicate that the design chart can be
conservatively used as a preliminary design chart or screening tool.

The results of the study indicate that it would be very difficult to limit the
deformations to 10 cm utilizing only densification methods of soil improvement for
moderate to high max ≥ 0.3g). In cases such as these, it may be earthquake motions (A
necessary to consider soil-cement techniques and/or structural improvements. The results
of this study have been synthesized into a simplified design chart for use in estimating
permanent lateral displacements for sheetpile bulkheads with or without soil
improvement. This design chart is applicable for the preliminary design of new bulkheads
and as a screening tool for existing bulkheads.
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Figure 2-12:  Permanent Horizontal Displacements at the
Top of Anchored Bulkheads

Table 2-3:  Plotted Case Histories

Earthquake (N1)60
Amax@dredge/MSF

(g)
Displacement

(cm)

Normalized
Displacement

�X EI/((H+D)5 �b

)
1968 Tokachi-Oki 6 0.26 12 to 23 0.0120
1993 Kushiro-Oki 6 0.20 19 0.0020
1964 Niigita 10 0.14 100 0.0031
1983 Nihonkai-Chubu 10 0.10 110 to 160 0.0066
1968 Tokachi-Oki 15 0.23 16 to 57 0.0090
1968 Tokachi-Oki 15 0.23 12 to 19 0.0029
1968 Tokachi-Oki 15 0.12 30 0.0077
1973 Nemuro-Hanto 15 0.16 30 0.0031
1978 Miyagi-Ken-Oki 15 0.10 87 to 116 0.0129
1968 Tokachi-Oki 20 0.26 ~60 0.0049
1983 Nihonkai-Chubu 20 0.09 ~5 0.0006
1993 Kushiro-Oki 20 0.16 50 to 70 0.0044
1993 Guam 20 0.18 61 0.0019
1993 Kushiro-Oki 30 0.21 no damage (~5) 0.0004
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The recommended procedures for utilizing the results of the parametric study to
estimate the permanent displacement at the top of sheetpile walls, include;

1) Design the wall using current pseudo-static methods to determine the wall
geometry (H, D, EI, and anchor length).

3) Determine Amax@dredge from a site-specific seismic study or an approximate
empirical relationship.

4) Determine the earthquake intensity factor for the specific earthquake by dividing
the magnitude scaling factor into Amax@dredge.

5) Based on the density of the backfill and the extent of soil improvement, estimate
the permanent lateral displacement at the top of the sheetpile wall (∆X) using
Figure 2-12 and the normalized displacement equation (Equation 2-8).

Current pseudo-static design methods allow for determination of the sheetpile
wall section, tie rod length, and depth of embedment, but since they are limit-equilibrium
based, it is not possible to estimate lateral deformations using these methods.

Guidelines for Seismic Design of New Components

As previously mentioned regarding the seismic design of gravity retaining
structures, the seismic design of steel sheet pile bulkheads  must focus on the dynamic
behavior of the foundation and backfill soils, as well as the overall stability of the
bulkhead wall retaining structure.  Widely used limit equilibrium methods require that
potential seismically-induced movement of the walls be estimated in order to evaluate the
state of stress in backfill soils (i.e., yielding versus non-yielding backfills).  The flexibility
of anchored sheet pile bulkheads has led designers to assume yielding backfill and
employ the dynamic earth pressure method of Mononobe and Okabe (as outlined by
Ebeling and Morrison, 1993).  Enhancements to the standard pseudostatic methods of
analysis have been made by numerous investigators (e.g., Neelakantan et. al., 1992;
Power et. al., 1986; Steedman and Zeng, 1990).  It is noted that these methods do not
indicate the lateral deformations of the bulkhead that would likely occur during the design
earthquake.

Based on an extensive review of seismic performance data for anchored sheet pile
bulkheads, Kitijima and Uwabe  (1979) concluded that the level of damage to these
structures is related to the permanent deformations of the top of the bulkhead wall during
the earthquake.  Their general observations are summarized  in Table 2-4, and underscore
the importance of the structure deformations and the associated lateral ground movement
for the establishment of seismic design criteria for anchored sheet pile bulkheads.  Rigid
body, "sliding-block" type displacement analyses have been used as the basis for
estimating the seismically-induced movement of anchored retaining structures (Towata
and Islam, 1987). In addition, a semi-empirical method based on the performance of
anchored bulkheads at sites which did not exhibit significant liquefaction has been
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developed by Gazetas et. al. (1990) for estimating the deformations of anchored
bulkheads based on dynamic earth pressures and the bulkhead-to-anchor spacing.  These
techniques are recommended as initial screening methods for evaluating the seismic
performance of anchored bulkheads.

Table 2-4
Relationship Between The Deformation Of Anchored Sheet

Pile Retaining Walls And Observed Damage
(Kitijima And Uwabe, 1979)

Description of Damage Permanent Displacement at
Top of Sheet Pile

cm inches

No Damage <2 <1

Negligible Damage to Wall itself, and
Noticeable Damage to Appurtenant

Structures

10 4

Noticeable Damage to Wall 30 12

General Shape of Anchored Sheet Pile
Preserved, but Significantly Damaged

60 24

Complete Destruction.  No Recognizable
Shape of Wall

120 48

As with all marginal wharf structures, seismic hazards associated with soil
liquefaction must be mitigated in order to reduce earthquake-induced deformations to
within allowable limits.  Soil improvement techniques have been used at ports throughout
the world to increase the liquefaction resistance of soils adjacent to waterfront retaining
structures.  Although ground treatment is applicable adjacent to anchored sheet pile
bulkheads, the flexible nature of the bulkhead walls is such that lateral deformations
should be expected even in competent, non-liquefiable soils subjected to high intensity
shaking.  As mentioned in previous sections of this chapter, the allowable deformations
will reflect the sensitivity of appurtenant structures.   It should also be noted that several



2-35

of the soil improvement techniques may not be applicable in close proximity to the sheet
pile bulkhead (within 20 ft. or less).  In several documented case studies, lateral
deformations of the backfill soils adjacent to the bulkhead during densification or
grouting have resulted in increased loads in the tie rods and wales, and increased bending
stresses in the piles (PHRI, 1997).  Finally, structural measures may be required to
restrengthen anchor systems.  Retrofit strategies could include a second row of anchors
tied to the first, the construction of more robust anchors (i.e., larger deadman, larger piles,
etc.), reconstructed tie rod-wale connections.

The advantages and disadvantages of the various analytical procedures for
analyzing the seismic performance of sheet pile structures (e.g., pseudostatic limit
equilibrium, sliding block type analyses, advanced numerical modeling) limit are similar
to those outlined for gravity retaining structures.

Guidelines for Seismic Retrofit of Existing Components

Experience during past earthquakes demonstrates that liquefaction-related
phenomena constitute the primary seismic hazard to sheet pile bulkheads. Therefore, one
of the most effective measures that can be used to reduce the seismic risk due to failure of
such structures is the use of soil improvement adjacent to the bulkhead wall and anchor
system (e.g., vibro-techniques, stone columns, gravel drains, grouting).  Soil
improvement may also be required in front of wall to ensure adequate passive resistance
below the dredge line. Guidelines for the utilization of soil improvement for sheet pile
bulkheads have been presented PHRI (1997).  Figures 2-13 and 2-14 show their
recommended layout for the volume and extent of soil improvement that is required to
minimize the bulkhead deformations to allowable levels under various levels of ground
shaking.  Again, as previously noted, design engineers should keep in mind that several of
the soil improvement techniques may not be applicable in close proximity to the
bulkhead.  Lateral deformations of the backfill soils adjacent to the bulkhead during
densification or grouting have been observed to increase loads in the tie rods and wales.

Re-evaluation of the bulkheads may indicate that anchor systems should be further
strengthened.  In these situations, retrofit strategies could include a second row of anchors
tied to the first, and the construction of more robust anchors (i.e., larger deadman, larger
piles, etc.), reconstructed tie-rod\wale connections.
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CHAPTER 3 STRUCTURAL CRITERIA FOR PIERS AND WHARVES

Introduction

Piles are a common element to much of the waterfront construction and recent
experience has shown them vulnerable to damage.  It is very difficult to inspect and repair
damage which occurs to piles underground or under water; therefore, it is desirable to
design piles to limit damage under the range of possible earthquakes.  For the design
earthquake, Level 1, which is expected to occur one or more times during the life of the
structure, the piles should be undamaged. For the upper bound earthquake, Level 2, which
is a rare event, the structure must sustain limited controlled damage; under such
conditions it is desirable that the seismic energy be dissipated by ductile yielding at
plastic hinge regions.

General Waterfront Damage Mechanisms

Werner and Hung (1982) gives an excellent compilation of case studies mostly
recounting Japanese experiences from the 1920’s to 1980. They conclude that “By far the
most significant source of earthquake-induced damage to port and harbor facilities has
been porewater pressure buildup... which has led to excessive lateral pressures applied to
quay walls and bulkheads.” They cite the 1964 Niigata and 1964 Alaska earthquake
where “porewater pressures buildup has resulted in complete destruction of entire port
and harbor areas” They note that direct effects of earthquake induced vibrations on
waterfront structures is minimal and overshadowed by liquefaction induced damage.
Failure of bulkhead anchorage systems  is a common significant damage inducing
mechanism. Liquefaction also causes damage to piles.  The Anchorage City Dock was a
reinforced concrete structure supported on pipe pile with diameters from 16 to 42 inches.
Some of the piles were batter piles and filled with concrete.  The piles were supported on
clay which consolidated and  settled 4 feet. This movement resulted in deck
displacements from 8 to 17 inches buckling the batter piles (Tudor/PMP, 1976)
Experience from Niigata and Alaska suggests that piles deform with the soil.  In the 1970
Peru earthquake, magnitude 7.8, the Sogesa Wharf suffered severe damage when the
inboard piles restrained by the dike structure could not tolerate high displacements,
Tudor/PMP (1976).

Table 3-1 from Werner and Hung (1982) and updated in Werner (1998) gives case
studies. The first paper warns of the vulnerability of batter piles as would be observed
seven years later in the Port of Oakland.   Gazetas and Dakoulas (1991) evaluate
numerous waterfront case histories including the performance of sheetpile bulkheads in
which the major failures have resulted from large-scale liquefaction in the backfill or
supporting base. Frequently the anchored bulkhead damage takes the form of excessive
outward movement and tilt caused by excessive movement of the anchor.  They show that
Japanese code procedures were inadequate because the accelerations values are often
exceeded and the vertical component is omitted, they neglect ground motion
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amplification, and they do not take into account lateral soil spreading caused by a loss of
stiffness. They note limitations in traditional pseudostatic sheetpile procedures  to
properly define the location of the active sliding surface. They develop an empirical
seismic design chart based on the observed case histories. Other works of significance
include Swanson (1996) which summarizes observed damage in the Kobe earthquake,
Harn and Malick (1992) which gives design guidance, and Erickson and Fotinos (1995)
which summarizes various code requirements.

The 1978 magnitude 7.4 earthquake Miyagi-Ken-Oki earthquake caused severe
damage to gravity quay walls, piers and sheet pile bulkheads. The Sendai Port area has a
soil profile composed of a sand layer 3 to 20 meters thick underlain by layers of medium
coarse sand and silty loam. Dense sand and bedrock underlie the silty loam layer.  Two
nearby bulkheads serve as a comparison study, Figure 3-1.  A seismic lateral coefficient
of 0.1 g was used in the design. Bulkhead No. 4 was anchored with vertical H-beam.  The
area behind this bulkhead experienced cracking and settlement.. Bulkhead No. 5 was
constructed in a similar manner except that it used batter piles to restrain the anchor. This
bulkhead withstood the earthquake without damage.  Note as shown in Figure 3-1 the
near surface soil behind Bulkhead No. 4 had lower blowcounts which when combined
with reduced anchorage could have caused the increased lateral spread and associated
damage.

Damage To Waterfront Structures Having Piles

The 1989  Loma Prieta Earthquake caused major port damage to the Port Of
Oakland, Table 3-1. Soil liquefaction caused damage to the terminal facilities much of
which is filled land composed of loose dumped or hydraulically placed sand underlain by
soft normally consolidated Bay Mud. There were four areas damaged: the 7th Street
Terminal, the Matson Terminal, the APL Terminal and the Howard Terminal. All of these
terminals had pile supported wharves typically represented by Figure 3-2. The piles
extended through the rock dike which served as containment for the fill composed of fine
dredged sands and silty sands. The most severe damage occurred at the 7th Street
Terminal where liquefaction of the fill resulted in settlements and lateral soil spreading,
cracking the pavement over a wide area. Maximum settlements of the paved yard area
were up to  12 inches. The inboard crane rail was supported on the fill directly which
settled; the outboard crane rail was supported on the wharf piles and did not settle. As a
result of this differential movement the cranes were inoperable.  Damage occurred to the
tops of the batter piles,  Figure 3-2, through shear, compression, and tension. The vertical
piles were largely undamaged with a few exceptions. The stiff batter piles absorbed much
of the loading among the other more flexible elements. Seed et al. (1990) suggests “the
mode of failure was predominantly tensile failure driven by outward thrust of the fill,
suggesting that liquefaction and associated spreading were important factors”. As a result
of this damage the port of Oakland is replacing all the 7th Street Terminal batter piles
with vertical piles designed to resist lateral forces.  The pile-wharf deck is being extended
inboard to provide support for the crane rails.  The Howard Terminal and the APL
Terminal  which had vertical or near vertical piles instead of batter piles did not sustain
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Figure 3-1. Bulkheads 4 and 5 at Nakano wharf, Sendai Port.



3-12



3-13

pile damage although liquefaction caused comparable settlements in the filled areas. Both
crane rails were also pile supported.

On August 8, 1993 a magnitude 8.1 earthquake occurred offshore 50 miles from
Guam and caused over $125 million in damages to Naval facilities on Guam, Table 3-1.
Nearly all of Guam is firm soil or rock except for the region containing the Navy port
which had soft soil composed of natural alluvium and artificial fill.  It is estimated the
peak horizontal ground accelerations were about 0.25g. Liquefaction was a major
problem and lateral spreading of 1 to 2 feet was observed at wharf areas. It also resulted
in settlements, backfill collapse and bulkhead movements. Buried water and power lines
were fractured. Sheet piles failed in shear and deadman anchors pulled out. Batter piles
failed in shear at the pile cap.  Other Navy damage consisted of fuel tank leaks, sloughing
of a dam, damage to masonry housing units and major damage to the power plant which
supplied 20 percent of the island’s power capacity.

In January 1995, the Hyogo-ken Nambu (Great Hanshin Kobe) earthquake,
Japanese magnitude 7.2 (about 6.9 moment magnitude), occurred in Kobe Japan.  This
event produced major damage to Japan’s second busiest port.  Liquefaction was a major
contributor to the extent of the damage producing typical subsidence of a half meter. Piles
were used extensively in this area. They were designed to account for the negative skin
friction and additional ground improvement was also performed.  Structures on such piles
performed well even though major subsidence occurred in surrounding areas.  Other
structures not on piles suffered differential settlement and tilting and significant damage.
Liquefaction caused up to 3 meters of lateral spread displacement, sunk quay walls, broke
utility lines, and shut down 179 out of 186 berths at the port.  It was responsible for major
damage to crane foundations.  Hydraulic fill behind  concrete caisson perimeter walls fill
liquefied causing the caissons to move outward rotating up to 3 degrees and settling from
0.7 to 3.0 meters. The caissons were designed for a lateral coefficient of 0.1g.  A seismic
coefficient of 0.2g was normally specified for dockside cranes.  Peak accelerations of
0.8g in the NS direction, 0.6g in the EW direction and 0.3g vertical were noted from
accelerograph recordings.  The event had a duration of about 20 seconds.  The outboard
crane rails which were supported on the caisson also spread outward, Figure 3-3.  The
middle crane rails which were supported on piles did not move. The inboard crane rails
settled between 1 and 2 meters.  The increase in distance between crane rails resulting
from lateral spreading was from 1 to 5 meters. Both old and new caisson construction
faired equally poorly. The resulting deformation disabled all the dockside container
cranes collapsing one and shutting down all port operations.  Damage is attributed to
liquefaction since structures supported on pile suffered much less damage, Liftech (1995).
It should be noted that caissons designed for 0.25g sustained lower levels of damage.

Pile designs must be checked for the location of the maximum moment, generally
at the pile cap. The second highest point is within the support soil. Damage below the soil
line cannot be seen and easily repaired; thus, consideration of this must be included in the
design. POLA provides for decreased ductility for wharf pile sections below the soil line.
It is important to note that the pile curvatures are influenced by the stiffness of the
supporting soil.  Soil movement may be concentrated at interfaces between stiff and soft
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soils causing local increases in curvature, overstressing the pile. Soil layers and their
associated stiffness must be accurately modeled in a pile analysis.

During the 1995 earthquake in Kobe Japan damage occurred to precast concrete
piles on Port Island, Matso, K. (1995).  Typically the failure mode consisted of anchor
reinforcing bars pulling out of the pile caps producing separation between the piles and
the pile cap.   The Hanshin Expressway which collapsed was an elevated roadway
supported on a series of single concrete pier. The failure of the pier was associated with
failure of the transverse shear reinforcement and premature termination of longitudinal
reinforcement. This reinforcement consisted of perimeter ties lapped at the ends and was
spaced 30 cm on center.  The inadequate shear reinforcement resulted in non-ductile
behavior.  Additionally gas-pressure weld splices of reinforcing bars failed.

Most pile failures are associated with liquefaction of soil which can result in
buckling of the pile, loss of pile friction capacity, or development of pile cracking and
hinging. Hinging may be at the cap location or at an interface between soil layers of
differing lateral stiffness, Figure 3-4. Damage to piles in the soil may also occur about 1 –
3 pile diameters below grade in non-liquefying soils due to vibrational response of the
wharf, Priestley et al (1998). Meyerson et al. (1992) present a state-of-the-art approach for
evaluating pile buckling capacity for conditions of liquefaction of a soil layer and  also
determining allowable lateral deformation capacity. Most buckling occurs when the zone
of liquefaction extends to the surface with the water table at the surface producing a large
unsupported length. An axial transition load exists such that at less than that load the pile
will not buckle.. Typically the transition load is at one-fourth to one-third of the ultimate
bearing capacity. Flexible piles will tend to try to conform to soil movement and will
have large curvatures at the interface between liquefied and non-liquefied material.
Meyerson et al. present dimensionless curves relating pile lateral displacement capacity
before formation of a hinge as a function of pile characteristic length.  Yoshida and
Hamada report on 2 case studies of piles beneath buildings which were damaged by
liquefaction during the 1964 Niigata Earthquake.  The first building, Building A, was a
three-story reinforced concrete building  and is shown in Figure 3-5. The piles in this case
were end-bearing piles. The piles exhibited tensile cracks and concrete crushing. Pile
number 2 exhibited a total disintegration of concrete probably from a lack of adequate
confining steel.  The second building designated as Building S is also a three-story
reinforced concrete building and is shown in Figure 3-6. The piles in this case were
friction piles. All piles in both buildings were damaged by the lateral deformation
associated with the liquefaction. Generally pier piles will develop hinges first at the pile
cap; however this may not be the case for wharves having piles with much shorter
freestanding lengths.

Priestley et al. (1996) contains an extensive report on the causes of bridge damage
much of which is relevant to piers.  In discussing damage to existing older bridges they
note “ All  deficiencies tend to be a natural consequence of the elastic design philosophy
almost uniformly adopted for seismic design of bridges prior to 1970, and still used in
some countries notably Japan.”  Seismic deflections were underestimated in part by use of
gross rather than cracked member stiffness.  Seismic design forces were low and the ratio
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Figure 3-4.  Typical pile damage in liquefaction zone.
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Figure 3-5. Building A pile damage, Niigata Earthquake.
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Figure 3-6. Building S pile damage, Niigata Earthquake
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of seismic to static loads was incorrect resulting in erroneous moment patterns. Points of
contraflexure were mislocated resulting in premature termination of reinforcement.
Adjacent frames of bridges experienced out-of-phase-motion, with displacements often
exceeding member supports. Soft soils amplified motion and liquefaction caused loss of
pile support. Pounding of bridge members can impart high impact forces.  Column
longitudinal reinforcement was often lap-spliced immediately above the foundation with
an inadequate development length of 20 bar diameters. “ Displacement ductility factors as
high as µ = 6 to 8 may be needed in some cases. At ductility levels of 2-3, concrete
compression strains in the plastic hinge regions exceed the unconfined strain capacity and
spalling of the cover concrete occurs. Unless the core concrete is well confined by closely
spaced transverse hoops or spirals, the crushing rapidly extends into the core, the
longitudinal reinforcement buckles, and rapid strength degradation occurs..”  Cap beam
failures were attributed to low shear capacity, early cutoff of negative top beam
reinforcement, and insufficient anchorage of large diameter cap reinforcement in the
column. Development lengths of 3 to 5 feet for #18 bars was shown to be inadequate in
the Loma Prieta earthquake resulting in large flexural cap beam cracks.  Rupture of #18
bars bent on a 18-inch radius. “Problems  can be expected for columns with longitudinal
reinforcement anchorage provided by 90 degree hooks bent away from the column axis,
creating an unfavorable tension field in the joint region.. ... Current analysis indicates that
considerable amount of vertical and horizontal shear reinforcement is required in the joint
region, but are commonly omitted in older designs.

Priestley and Seible (1997) discuss aspects of analysis and design of piles for
bridge structures, much of which is directly relevant to wharves and piers. Japanese
research, Kubo, 1969 and Hayashi, 1974  reports that piles move with the soil during
elastic portions of motion. Locations of potential failure occur at the point of sharpest
curvature in the pile top, at just below the mud line, and at a depth in the soil profile at
high curvature.  Piles tend to move with the soil such that the region of maximum
displacement slope variation in the soil field controls the pile response. The extent of this
action depends on the soil stiffness and the pile stiffness. Batter piles exert large reactions
on the pier structure which may have detrimental effect on the pile cap. The pier should
be structurally separated from the abutment to provide isolation.

Characterization Of Soil Forces Acting On Piles

Novak (1991) gives a state-of the-art paper on pile dynamics in which he
discusses causes of damage to piles such as liquefaction and earth movement. He
discusses theoretical studies which develop dynamic soil-pile interaction; he shows that
there is a cylindrical boundary zone around a pile which undergoes nonlinear behavior.
Pile soil separation is possible under lateral load, Figure 3-7.  The length of the pile
separation, Ls, is a function of the lateral deformation:

Ls / d =  260 ∆/d (3-1)
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Figure 3-7. Pile separation and zone of plastic behavior.
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where

 the amount of lateral deformation ,  0.001 ≤ ∆/d  0.005
d Pile diameter

Wolf and Weber (1986) show the difference in horizontal stiffness and damping for
alternative modeling assumptions. Figure 3-8a shows a linear model with soil tension.
Figure 3-8b allows soil separation which is seen to reduce damping. Figure 3-8c allows
soil separation and slipping of the pile in the soil which reduces both horizontal stiffness
and damping.  Large displacements require nonlinear representation of the soil around the
pile. To account for gapping, slippage and friction lumped mass finite element models
evolved as the most often used approach.   Soil resistance deflection relationships known
as p-y curves were developed. Figure 3-9 is a typical p-y curve. To account for pile
separation the soil reaction displacement curve shown in Figure 3-10 has been used.
Figure 3-11 shows cyclic loading p-y curves for sand and clay.

Yoshida and Hamada (1991) report on the Japanese Highway Bridge Code which
establishes the subgrade modulus reaction k for use with piles:

k = 0.2 * 28N * D -0.35  (kgf/cm3) (3-2)

where

D  the diameter of the pile in cm
N Japanese penetration test N value of blowcounts

The spring constant is found by multiplying the diameter of the pile times k times the pile
length between springs.

Martin and Lam (1995) present a recent state-of-the-art summary of the design of
pile foundations. They show that a nonlinear soil model is required to capture the lateral
behavior of a pile. A Winkler Spring Beam-Column representation with nonlinear springs
is shown to be an acceptable method for computing pile behavior to lateral loads.  They
have reviewed procedures for computing the required soil load-deformation relationship
to characterize the spring properties and found the American Petroleum Institute (1994)
procedure to be the accepted common practice.  This procedure is found in a recent
recommended practice and is approved by the American National Standards Institute.

The origin of the API equation for sand evolved from work by Reese, Cox, and
Koop (1974) who established a  set of equations based on the forces associated
deformation of a soil wedge and the lateral deformation of  a rigid cylinder into soil. They
established the early shape of the soil load deflection p-y curve based on the soil subgrade
modulus.  The procedure was modified by Bogard and Matlock (1980) principally as a
simplification by consolidation of terms.  The shape of the p-y curve was finally based on
work by Parker and Reese (1970).  O’Niell and Murtcheson (1983) wrote an excellent
summary of the development of the procedure for constructing p-y curves and performed



3-22

Figure 3-8. Influence of model on behavior.
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Figure 3-9. Typical p-y curve.



3-24

Figure 3-10. Gapping and hysteretic behavior.
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Figure 3-11. Cyclic behavior for sand and clay.
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a comparison study showing the API equation as having least cumulative error in
comparison with experimental data from full scale pile tests, although one must consider
that this is still a very approximate procedure.

The American Petroleum Institute (1994) recommended practice for offshore
platforms gives guidance in determining p-y curves.  That information is reported
verbatim in the following sections:

Lateral Bearing Capacity for Soft Clay. For static lateral loads the
ultimate unit lateral bearing capacity of soft clay pu has been found to vary
between 8c and 12c except at shallow depths where failure occurs in a
different mode due to minimum overburden pressure.  Cyclic loads cause
deterioration of lateral bearing capacity below that for static loads. In the
absence of more definitive criteria, the following is recommended. The
value of pu increases from 3c to 9c as X increases from 0 to XR according
to:

                                             pu = 3c + γ’ X   +   J c X / D              (3-3)

and

                                              pu  = 9 c for   X ≥ XR                         (3-4)

where:

pu ultimate resistance, in stress units
c undrained shear strength of undisturbed clay soil samples, in stress

units
D pile diameter
γ’          buoyant unit weight of soil, in weight density units
J dimensionless empirical constant with values ranging from

0.25 to 0.5 having been determined by field testing. A value of 0.5
is appropriate for Gulf of Mexico clays.

X depth below soil surface
XR depth below soil surface to bottom of reduced resistance zone. For

a condition of constant strength with depth, Equations 3-3 and 3-4
are solved simultaneously to give:

XR= 6D / ( (γ ’  D /  c) + J )             (3-5)

Where the strength varies with depth, Equations 3-3 and 3-4 may be
solved by plotting the two equations, i.e., pu vs. depth. The point of first
intersection of two equations is taken to be XR. These empirical relation-
ships may not apply where strength variations are erratic. In general,
minimum values of XR should be about 2.5 pile diameters.

Lateral soil resistance-deflection relationships for piles in soft clay
are generally nonlinear, Figure 3-12. The p-y curves for the short-term
static load case may be generated from the following table:

  p/pu y/yc
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0.00 0.0
0.50 1.0
0.72 3.0
1.00 8.0
1.00

where:

 p       actual lateral resistance, in stress units
 y       actual lateral deflection
 yc      2.5 c D
 c      strain which occurs at one-half the maximum
          stress on laboratory undrained compression

                                 tests of undisturbed soil samples

For the case where equilibrium has been reached under cyclic loading, the
p-y curves may be generated from the following table:

                               X>XR                            X XR

p/pu y/yc p/ pu y/yc

0.5 1.0 0.5 1.0
0.72 3.0 0.72 3.0
0.72 0.72X/XR  15.0

0.72X/XR

Lateral Bearing Capacity for Stiff Clay. For static lateral loads, the
ultimate bearing capacity, pu, of stiff clay (c > 96 kPa or 1 Tsf) as for soft
clay would vary between 8c and 12c. Due to rapid deterioration under
cyclic loadings, the ultimate static resistance should be reduced for cyclic
design considerations. While stiff clays also have nonlinear stress-strain
relationships, they are generally more brittle than soft clays. In developing
stress-strain curves and subsequent p-y curves for cyclic loads,
consideration should be given to the possible rapid deterioration of load
capacity at large deflections for stiff clays.

Lateral Bearing Capacity for Sand. The ultimate lateral bearing capacity
for sand has been found to vary from a value at shallow depths determined
by Equation 3-6 to a value at deep depths determined by  Equation 3-7. At
a given depth the equation giving the smallest value of Pu should be used
as the ultimate bearing capacity.

                                               Pus = (ClX  +  C2D) γ'X                 (3-6)

                                               Pud = C3 D  γ'  X                            (3-7)

where

Pu       ultimate resistance (force/unit length) (s=shallow, d=deep)
γ'          buoyant soil weight, in weight density units

X  depth
γ'         angle of internal friction in sand
Cl Coefficient determined from Figure 3-13 as a function of φ'
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Figure 3-12. Shape of p-y curves for soft clay
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C2 Coefficient determined from Figure 3-13 as a function of φ'
C3 Coefficient determined from Figure 3-13 as a function of φ'
D average pile diameter from surface to depth

The lateral soil resistance-deflection (p-y) relationship for sand is also
nonlinear and in the absence of more definitive information may be
approximated at any specific depth X, by the following expression.

P = A pu tanh [ (k X y )/(A pu)]                    (3-8)

where

A factor to account for cyclic or static loading continued.

A = 0.9 for cyclic loading.

A = (3.0 - 0.8X/D) ≥ 0.9   for static loading.

pu ultimate bearing capacity at depth X in units of force per unit
length
k initial modulus of subgrade reaction in force per volume units. 

Determine from Figure 3-14 function of angle of internal friction.
y lateral deflection
X depth

Pile group.  Consideration should be given to the effects of closely spaced
adjacent piles on the load and deflection characteristics of the pile group.
Generally, for pile spacing less than eight diameters, group effects may
have to be evaluated.

For piles embedded in clays. the group capacity may be less than a
single isolated pile capacity multiplied by the number of piles in the group;
conversely, for piles embedded in sands, the group capacity may be higher
than the sum of the capacities of the isolated piles. The group settlement in
either clay or sand would normally be larger than that of a single pile
subjected to the average pile load of the pile group.

For piles with the same pile head fixity conditions and embedded
in either cohesive or cohesionless soils, the pile group would normally
experience greater lateral deflection than that of a single pile under the
average pile load of the corresponding group. The major factors
influencing the group deflections and load distribution among the piles are
the pile spacing, the ratio of pile penetration to the diameter, the pile
flexibility relative to the soil, the dimensions of the group, and the
variations in the shear strength and stiffness modulus of the soil with
depth.

It has been noted that piles spaced 5 pile diameters apart do not exhibit a significant
group effect.
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Figure 3-13.  API Coefficients for sand.
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Figure 3-14. API initial modulus of subgrade reaction.
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Soil Properties

The soil properties which influence the pile lateral deflection and are required for
definition of a spring model are as follows:

Cohesionless Soils

γ' buoyant soil weight, in weight density units

φ' angle of internal friction in sand

Cohesive Soils

εc      strain which occurs at one-half the maximum  stress on laboratory 
undrained compression tests of undisturbed soil samples

γ' buoyant unit weight of soil, in weight density units

c undrained shear strength of undisturbed clay soil samples, in stress
units

J dimensionless empirical constant with values ranging from 0.25 to
0.5 having been determined by field testing. A value of 0.5 is
appropriate for Gulf of Mexico clays.

The following soil properties are taken from the NCEL Handbook for Marine
Geotechnical Engineering (1985).

Properties for Cohesionless Soil
Type Standard

Penetration
Blow Count, N

φ
(Degrees)

Relative
Density, Dr

(%)

Effective
Unit Weight, γb

(lb/cu ft)
Very Loose to

loose
<10 28-30 0-35 45-55

Medium Dense 10-30 30-36 35-65 55-65
Dense 30-50 35-42 65-85 60-70

Very Dense 50 + 40-45 85-100 60-70
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Properties of Cohesive Soils
Type Undrained Shear

Strength,
(Lb/sq in)

Strain at 50%
maximum stress

εc

Effective
Unit Weight, γb

(lb/cu ft)
Unconsolidated

clays
0.35-1.0 2 20-25

Normally
consolidated soils at

depth z , inches.

1.0 + 0.0033z 2-1 25-50

Overconsolidated
soils based on
consistency:
medium stiff 3.5-7 1.0 50-65

stiff 7-14 0.7 50-65
very stiff 14-28 0.5 50-65

hard over 28 0.4 50-65

Values of  εc  can be estimated from the following table when other data is not available:

Shear
Strength
lb/sq ft

 εc

%

250-500 2.0
500-1000 1.0
1000-2000 0.7
2000-4000 0.5
4000-8000 0.4

Pier Analysis

A typical pier was studied, Ferritto (1997). The pier was 80 feet across and a
typical bent is illustrated in Figure 3-15. The 9 piles are 24-inch octagonal prestressed
piles discussed in the previous section.  The pier was modeled by a 2-dimensional
analysis.  A static lateral force push over analysis was applied in conjunction with the
standard vertical dead and live loads.  It was found that the pier resisted 261 kips applied
horizontally before collapse began. Yielding of the piles at the deck level with the
formation of the first hinge; a second hinge developed at the mud line depth which
produced a collapse mechanism. The structure underwent large gradual deformation near
failure.  The structure was analyzed using the El Centro earthquake record as a dynamic
lateral load function. The structure was able to undergo large deflection without the
occurrence of a computational instability indicating collapse. As a practical limit, a 10-
inch displacement was set as an effective limit. This occurred at a lateral load of about
0.75g.



3-34



3-35

The pier was modified by the inclusion of two  24-inch octagonal prestressed
concrete batter piles  as shown in Figure 3-16.  The extent of restraint provided by the
batter piles is a function of soil restraining the piles.  Modeling of batter piles involves
not only the horizontal py soil resistance but also the tz vertical soil resistance and the
amount of q-w end-bearing.  These will be discussed in the next section.  For this case,
the batter piles had a significant stiffening effect on the structure.  A static lateral force
push over analysis was performed and a lateral force of 648 kips was found to cause. As
loading increased the batter pile in tension reached its failure capacity first. When this
pile failed load was transferred to the remaining batter pile which failed causing failure of
all the remaining piles. The structure performed in a brittle manner such that collapse
occurred immediately after the first pile failed.  This structure was also analyzed using the
El Centro earthquake record as a dynamic lateral load function. Collapse occurred at a
peak horizontal acceleration of about 0.9g.  The structure had substantially reduced lateral
displacements compared to the pier without batter piles. Again the onset of batter pile
failure resulted in the rapid collapse of the structure and was initiated by exceeding pile
tensile limits.

Batter Piles

Previous sections focused on the lateral resistance of vertical; to fully understand
the behavior of a batter pile it is necessary to review the axial pile soil skin friction (tz
component) and the pile end bearing (qw component).  For a vertical pile the axial and
end bearing components are also vertical.  Figure 3-17 shows the force components acting
on a vertical pile.  The spring elements are intended as visual aids to represent the forces
acting along the entire length of the pile. Ultimate capacity of a vertical pile is given by:

Q = f As  + qAp (3-9)

where

f Unit skin friction, tz
 As Area side surface of pile
q Unit end bearing capacity, qw
Ap Area of end of pile

For cohesive soils the skin friction is

f = a c (3-10)

where

a = 0.5  -0.5    1.0
 (3-11)

a = 0.5  -0.25   > 1.0
and
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Figure 3-17. Vertical pile in soil showing restraints.
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c Undrained shear strength
ψ c/po’
po’ Effective overburden at point in question

For cohesive soils the end bearing unit stress of piles is:

q = 9 c (3-12)

For cohesionless soils the unit skin friction is:

    f = K po' tan  δ (3-13)

where

K dimensionless coefficient of lateral earth pressure, usually = 1
δ friction angle between the soil and pile

For cohesionless soils the unit end bearing stress is:

q = po’Nq (3-14)

API (1994) gives procedures for computing tz axial force-deflection curves and qw end
bearing-deflection curves which define the soil resistance pictured in Figure 3-17.  For
comparison consider the following for cohesionless soils:

Lateral                                              Vertical

pu/D = (c1 X + C2 D) γ‘ X/D              f   = K po’tan δ D

for a depth of 10 feet, 18-inch pile diameter

pu/D  (14) γ‘ X                              f    (.7) γ‘ X

For cohesive soils

Lateral                                                  Vertical

pu ≅ 10 c                                             q  ≅ 1 c

From the above it may be seen that the py lateral resistance is much greater than the tz
axial skin friction.  For this reason it is logical that most of the lateral resistance of a pile
is mobilized in the near surface region of a pile to a depth of 5 to 10  pile diameters.  To
resist vertical loads without end bearing requires long pile development lengths.  End
bearing is a significant component in pile capacity.  The magnitude of the end bearing
resistance is on the same order as the lateral resistance.  The capacity of a pile in tension
is less than in compression and less than in lateral resistance. The above are general
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observations and the ratio of lateral capacity to tension or compression capacity depends
on a number of factors:

· Length of the pile
· Flexural and shear strength of the pile
· Vertical distribution of soil strength
· Acceptable lateral displacement limits.

 Having reviewed the fundamentals of vertical pile behavior, it is now possible to discuss
batter piles.

Figure 3-18 illustrates a batter pile based rotation of a vertical pile. For simplicity
the forces are kept normal and axial to the pile.  Consider as the tz axial resistance of the
soil goes to zero the pile would tend to slip out of the ground with minimal axial loading
in tension.  The modeling of a pile by finite element representation must accurately
capture this interaction.  In a finite element model, it is possible to use spring/truss
elements to model the soil resistance.  Use of horizontal and vertical springs to model the
components of py and tz resistance would introduce a major problem of how to combine
these elements.  The axial tz acts independent of the normal py and must allow pile
slippage. End bearing is an axial component.  After a number of trial iterations of various
models, it was found that the most accurate and easiest to use is one with spring elements
axial and normal to the batter pile.  Additionally the end bearing must be an axial spring.
All py, tz and qw load deflection curves are based on the depth of the element below the
ground surface.

An analysis was performed on a batter pile with a 1 horizontal to 2 vertical slope
driven to a depth of 50 feet and loaded laterally at a height of 3 feet above the ground.
The pile was a 24-inch circular pipe pile in medium sand. The soil py and tz curves were
calculated at intervals of 1 foot using the equations in API (1994).  Normal and axial soil
springs were spaced at 1-foot intervals for the first 20 feet and then at 2-foot intervals.
The soil springs utilized bilinear material properties.  A vertical load of 20 kips was used.
The lateral capacity of the batter pile when pulled horizontally in a direction away from
the batter was 12 kips compared to 36 kips when pulled horizontally in the direction of
the batter. The lateral capacity of an equivalent vertical pile was 20 kips.

From a series of studies of a batter pile it is concluded that the lateral load
capacity of the batter pile is dependent upon the vertical load of the pile. When the lateral
load acts horizontally opposite to the direction of the batter, a component of this load acts
on the pile axially in tension. The vertical load offsets this effect and can increase pile
capacity up to a limit.   This is generally the direction of lower pile capacity.  When the
lateral load acts horizontally toward the direction of the batter the vertical load resists the
moment caused by the lateral load and reduces deflection.

The vertical distribution of pile soil reaction is a function of pile length. The
longer the pile the greater the friction along the pile and the less in end bearing. Since
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Figure 3-18. Batter pile in soil showing restraints.
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stiffness increases with depth more force is transferred into the soil at deeper depths
(assuming pile compression is not significant).

It should be noted that connections to adjacent piles in group should be capable of
developing the calculated tension including earthquake forces, but not less than a tension
equal to one-half the compression load less the dead weight in the pile.  Unless special
provisions are made for the difficulties of installation and the effects of diminution of the
hammer blow on the capacity, keep the slope of the batter piles to one horizontal to two
vertical or steeper (preferably 1 horizontal to 2.5 vertical).

P - Delta Effect

One element of structural analysis should be noted- that of the P - delta effect
associated with columns in frames. This is usually thought of as a secondary effect
composed of the additional moment which is imposed on a column by the axial load
acting on a moment arm caused by the lateral deflection of the top of the column.  For
piers and bridge structures this can be significant. Duan and Cooper, 1995 discuss this
extensively and conclude that the effect should be included in seismic analysis. Note that
the peak lateral resisting force is reduced.

Use of Elastic Response Spectra Techniques

The above sections have illustrated the need for nonlinear representation of the soil-
pile interface and the p-  effects.  Use of linear response spectra and force reduction factors
in building codes has been common practice.  The use of linear techniques should be
applied rationally. In pier design, such linear techniques should be used when appropriate
and avoided  where there is significant nonlinear yielding such as where soft soils are
present. The engineer has a variety of tools which are tailored to the complexity of the
problem.
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Design Performance And Earthquake Levels

Performance Goal

The  goal of this criteria is to standardize the seismic design of   piers and wharves
providing an acceptable uniform level of seismic safety for all waterfront locations. This
criteria is intended to produce a level of design in   piers and wharves such that there is a
high probability the structures will perform at satisfactory levels throughout their design
life. Waterfront structures have been classified as essential structures.  Although the
criteria focus on the regions where seismicity is highest  such as on the West Coast, it is
applicable to other areas as well.   Structures located in areas of high seismicity shall be
designed:

 To resist earthquakes of moderate size which can be expected to occur one or more
times during the life of the structure without structural damage of significance. This
represents a condition of expected repeated loading.

 

 To resist major earthquakes which are considered as infrequent events maintaining
environmental protection and life safety, precluding total collapse but allowing a
measure of controlled inelastic behavior which will require repair. . This represents a
condition of expected loading to occur at least once during the design life of the
structure. In reality most structures end up being used well beyond their design life.

 

 To preclude major spills of hazardous and polluting materials for very rare
earthquakes The intention is to prevent spills on fuel piers. This may be accomplished
by installation of cutoff valves, and containment to limit the size of the spill and
prevent its spread. It may also be accomplished by increased strengthening of
components.

 

 To utilize economic/risk analysis where necessary. This is intended to allow the
designer freedom to consider economic analysis of alternative load conditions in the
infrequent case where a local fault dominates a site and is capable of very high ground
motions. Such a condition requires specialized extensive evaluation of the site hazard.

 

 To consider liquefaction as a major waterfront problem. The designer shall consider
liquefaction factors of safety in design of remedial measures of backfill. Rigid
adherence to developing fixed factors of safety may not be economically achievable.
The intent is to place more credence in the expected deformations and consequences
of liquefaction which will occur rather than the simple factor of safety. Assurance of
limited deformations shall be given precedence over a factor of safety. The designer
shall have the option of using current technology to demonstrate that settlements and
lateral deformations are sufficiently limited to insure structural performance and
factors of safety lower than limit values may be used. The term current technology
refers to the use of procedures for the computation of vertical and lateral
deformations.
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In general all waterfront construction which supports fuel transfer operations
(excluding piers and wharves) falls within the category of essential construction. The
policy is to minimize downtime for these facilities. Determination of essential
construction shall be determined by the user in conjunction with the California State
Lands Commission, Marine Facilities  Division.  Piers and wharves shall be considered
essential construction. Emphasis shall be placed on minimizing downtime and
interruption to essential functions.

Limit States

Level 1 Earthquake; Serviceability Limit State  Two levels of design earthquake are
considered.  Level 1, has a high probability of occurrence during the life of the pier or
wharf.  Under this level of excitation the structure should satisfy the serviceability
criterion of continued functionality immediately after the Level 1 earthquake.   Any
repairs required should be essentially cosmetic.  Structural damage requiring repair is not
permitted.   Note that this does not imply a requirement for elastic response, which would
limit concrete strains to about 0.001, and steel strains to yield strain.  Concrete structures
may be considered serviceable, without any significant decrement to structural integrity,
provided concrete strains reached during maximum seismic response to the Level 1
earthquake do not cause incipient spalling of concrete cover, and if residual crack widths
after the earthquake has ceased are sufficiently small to negate the need for special
corrosion protection measures, such as crack grouting.  Note that this latter requirement
implies that significantly larger crack widths might momentarily exist during seismic
response, since these have no effect on corrosion potential.

Thus the performance of potential plastic hinges should be checked under Level 1
earthquake to ensure that maximum material strains do not exceed the limits defined for
Structural Performance Limit States.

Note that this check will normally only be required at the pile/deck interface, since
curvatures will be higher there than in any potential in-ground hinges.  Also, confinement
of the cover concrete of potential in-ground plastic hinges by the lateral pressure
developed in the soil increases the concrete strain at which spalling initiates, Budek et al
(1997), increasing the corresponding serviceability curvatures, particularly for prestressed
piles, where steel strains are unlikely to be critical.

Level 2 Earthquake; Damage-control Limit State  Level 2 earthquake represents an
earthquake with a low probability of occurring during the design life of the structure.
Repairable damage to structure and/or foundation, and limited permanent deformation are
acceptable under this level of earthquake

Since the design philosophy ( discussed subsequently) is to restrict inelastic action
to careful defined and detailed plastic hinges in piles, strain limits may again be used to
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define acceptable response.  Distinction needs to be made between the pile/deck hinge
and the in-ground hinge locations, since access to the latter will frequently be impractical
after an earthquake.   As a consequence the in-ground hinge should satisfy
serviceability criteria even under Level 2 earthquake. Thus the steel strain should
not exceed 0.01.  However, as noted above, passive confinement by the soil increases the
spalling strain, and a concrete strain of 0.008 may be adopted.  The pile/deck connection
hinge will have allowable concrete strains dependent on the amount of transverse
reinforcement provided.  As a consequence of these actions, the maximum strains
calculated under a Level 2 earthquake must not exceed the strain capacities defined below
under Structural Criteria  For Piers and Wharves.

Level 4 Earthquake; Prevent Major Spill Wharves and piers on which hazardous
materials are stored or used shall be capable of resisting a Level 4 earthquake without
release of a major spill of hazardous materials.

Load Combinations

Two load combinations are to be considered.

(1 + k)(D + rL) +E     (3-15)

      (1 -  k) D +E (3-16)

where D = Dead Load
           L = Design Live Load
           r = Live Load reduction factor(depends on expected L present in actual case

typically 0.2 but could be higher)
           E= Level 1 or Level 2 earthquake, as appropriate.
           k= 0.5 * (PGA), where PGA is the effective peak horizontal ground acceleration.

The first equation, Equation 3-15, includes maximum gravity load effects and
incorporates a realistic assessment of probable live load, while the second, Equation 3-16,
includes minimum gravity loads.   Influences of vertical acceleration are considered
through the factor k which increases gravity load effects in Equation 3-15, but reduces the
effects of gravity in Equation 3-16.   The value of k is taken as 0.5 times the effective
peak horizontal ground acceleration.  This is based on the observation that peak vertical
accelerations are generally less than peak horizontal accelerations.  A typical value of
67% is often assumed.  Further, peak vertical response is likely to be of very short
duration and unlikely to coincide with peak horizontal response.  The simplified approach
suggested has been proposed for bridge design, Priestley et al (1996), and will be
adequately conservative in most cases.  An exception may occur when a large proportion
of the seismic risk at the site comes from a fault closer than 10km from the site.  In this
case special studies should be undertaken to determine the peak vertical acceleration, and
a value of 75% of effective peak vertical acceleration adopted for k.   Alternatively
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inelastic analysis incorporating simultaneous excitation by vertical and horizontal
acceleration records may be carried out.

Note that the main influence of the combination of gravity and seismic effects
will be on the design of deck members, where the combined forces (moment, shear, etc.)
from gravity and seismic effects must remain below the dependable strength, in
accordance with capacity design principles.   For the primary seismic resisting elements,
which are typically the wharf or pier piles, gravity effects have comparatively little
influence.  Even at the serviceability limit state, the deformations corresponding to
gravity loads will be small compared with those due to the Level 1 earthquake.   Also, the
variation in gravity axial load on piles implied by the difference between Equations 3-15
and 3-16 will not generally result in significant differences in lateral displacement
capacity.  As discussed in the section on pier and wharf response, seismic performance is
judged primarily in terms of displacement capacity and demand, with force levels being
of only secondary significance.

Note further that earlier seismic design procedures, where seismic forces
calculated by elastic analysis procedures were reduced by a force reduction factor R, and
were then added to the corresponding forces resulting from gravity effects, are
fundamentally in error, since they grossly exaggerate the importance of the gravity effect,
Priestley et al. (1996).

Combination of Orthogonal Effects

The traditional 100% X + 30%Y;  30% X + 100% Y combinations of orthogonal
effects is retained.  In this context the principal actions referred to are the displacements
in the horizontal plane.   This is clarified in Figure 3-19, where a plane view of a wharf is
analyzed under both X and Y direction actions, resulting in the deflected shapes of Figure
3-19(a) and 3-19(b) respectively.  Considering only the corner pile 1, the design
displacements ∆ d  corresponding to Equations 3-17 and 3-18 are given by:

  ∆ X = ∆XX +0.3∆XY

∆ Y = ∆YX  +0.3∆YY                                                                                      (3-17)

d∆ = 22
YX ∆+∆

 
∆ X = 0.3∆XX +∆XY

∆ Y = 0.3∆YX +∆YY                                            (3-18)
22
YXd ∆+∆=∆                           
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The displacements ∆ d  corresponding to Equations 3-17 and 3-18 are then compared with
the displacement capacities  at the relevant performance limit state.

Methods Of Analysis For Seismic Response

In comparison with many other structures such as multistory buildings, or
multispan bridges, wharves and piers are frequently structurally rather simple.  As such,
analyses to determine seismic response can often utilize comparatively simple analysis
procedures, as discussed below, without significant loss of accuracy.  Complexity tends
to come more from the high significance of soil-structure interaction, from significant
torsional response resulting from the typical increase in effective pile lengths from
landward to seaward sides (or ends) of the wharf (or pier), and from interaction between
adjacent wharf or pier segments separated by movement joints with shear keys, rather
than from structural configuration.

Analytical effort must be placed into the best possible modeling of these effects,
and of the influence of cracking on member stiffness in the elastic range of response.
Effort placed into the accurate modeling of member stiffness and soil-structure interaction
effects will have a greater significance on the accurate prediction of peak response than
will the choice of analytical procedure (e.g. Methods A, B, or D below).  Indeed there is
no point in carrying out a sophisticated time-history analysis unless detailed and accurate
simulation of member stiffness and strength has preceded the analysis.

Modeling Aspects

 Soil-Structure Interaction

Figure  3-20(a) represents a typical transverse section through a wharf supported
on a soil foundation comprised of different materials (insitu sand and gravel, perhaps
with clay lenses; rip-rap and other foundation improvement materials etc.).  The most
precise modeling of this situation would involve inelastic finite element modeling of the
foundation material to a sufficient depth below, and to a sufficient distance on each side,
such that strains in the foundation material at the boundaries would not be influenced  by
the response of the wharf structure.  The foundation would be connected to the piles by
inelastic Winkler springs at sufficiently close spacing so that adequate representation of
the pile deformation relative to the foundation material, and precise definition of the in-
ground plastic hinging would be provided.  Close to the ground surface, where soil
spring stiffness has the greatest influence on structural response, the springs should have
different stiffnesses and strengths in the seaward, landward, and longitudinal (parallel to
shore) directions, as a consequence of the dyke slope.

The pile elements would be represented by inelastic properties based on moment-
curvature analyses.  Since the key properties of piles (namely strength and stiffness)
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depend on the axial load level, which varies during seismic response, sophisticated
interaction modeling would be necessary.

It is apparent that structural modeling of the accuracy and detail suggested above,
though possible, is at the upper limit of engineering practice, and may be incompatible
with the very considerable uncertainty associated with the seismic input.  In many cases
it is thus appropriate to adopt simplified modeling techniques.  Two possibilities are
illustrated in Figure 3-20.  In Figure 3-20(a), the complexity may be reduced by
assuming that the piles are fixed at their bases with the seismic input applied
simultaneously and coherently to each pile base.  The soil springs also connect the piles
to the rigid boundary.  Thus the assumption is made that the deformations within the soil
are small compared with those of the wharf or pier.

In Figure 3-20(b), the complexity is further reduced by replacing the soil spring
systems by shortening the piles to “equivalent fixity” piles, where the soil is not
explicitly modeled, and the piles are considered to be fixed at a depth which results in
the correct overall stiffness and displacement for the wharf or pier. Where different soil
stiffnesses are appropriate for opposite directions of response, average values will be
used, or two analyses carried out, based on the two different stiffnesses respectively.   It
should be noted that though this modeling can correctly predict stiffness, displacements
and elastic periods,  it will over-predict maximum pile in-ground moments.  The model
will also require adjustment for inelastic analyses, since in-ground hinges will form
higher in the pile than the depth of equivalent fixity for displacements.

 Geotechnical guidance will be needed to determine the appropriate depth to
fixity (e.g. l3 in Figure 3-20(b)), but an approximate value may be determined from the
dimensionless charts of Figure 3-21.  A typical value of l3 = 5Dp where Dp is the pile
diameter, may be used as a starting point for design

Movement Joints

Long wharf structures, and less commonly piers, may be divided into segments
by movement joints to facilitate thermal, creep and shrinkage  movements.  Typically the
joints allow free longitudinal opening, but restrain transverse displacement by the
incorporation of shear keys.   Modeling these posses problems, particularly when elastic
analysis methods are used.  Under relative longitudinal displacement, the segments can
open freely, but under closing displacements, high axial stiffness between the segments
develops after the initial gap is closed. Relative transverse rotations are initially
unrestrained, but after rotations are sufficient to close one side of the joint, further
rotation implies relative axial displacement, resulting in axial compression between the
segments.   The behavior can be modeled with a central shear spring allowing
longitudinal displacement but restraining transverse displacements, and two axial
springs, one at each end of the joint, as suggested in Figure  3-22.  These two springs
have zero stiffness under relative opening displacement, but have a very high
compression stiffness after the initial gap �g  is closed.
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Figure 3-21. Equivalent depth to fixity for CLDH piles.
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Figure 3-22. Modeling of movement joints.
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Clearly it is not feasible to represent this nonlinear response in an elastic modal
analysis.  Even in an inelastic analysis accurate modeling is difficult because of the need
to consider different possible initial gaps, and difficulty in modeling energy dissipation
by plastic impact as the joint closes.

Method A:  Equivalent Single Mode Analysis

Long wharves on regular ground tend to behave as simple one-degree-of-freedom
structures under transverse response.  The main complexity arises from torsional
displacements under longitudinal response, and from interaction across shear keys
between adjacent segments, as discussed above.   An individual segment, particularly,
will respond with significant torsional component when excited by motion parallel to the
shore, or length of the wharf.  Dynamic analyses, Priestley (1999) indicate that the
torsional response is reduced when segments are connected by shear keys, and with
multiple-segment wharves, the torsional response of the inner segments is negligible.   It
is thus conservative to estimate the displacement response based on the behavior of a
single wharf segment between movement joints, except when calculating shear key
forces.

Extensive inelastic time-history analyses of single and multi-segment wharves
have indicated that an approximate upper bound on displacement response of the piles
could be established by multiplying the displacement response calculated under pure
transverse (perpendicular to the shore) excitation by a factor taking into account the
orthogonal load combinations of Equations 3-17 and 3-18, including torsional
components of response.  For the critical shorter landward line of piles

2
max ))201(3.0(1

L
t L

e++∆=∆ (3-19)

where
    ∆�t  = displacement under pure translational response,
     e   = eccentricity between center of mass and center of rigidity
    LL  = longitudinal length of the wharf segment.

Note that the corner piles of the line of piles at the sea edge of the wharf will be
subjected to slightly higher than given by Equation 3-19, but these piles will not be
critical because of their greatly increased flexibility and hence increased displacement
capacity, compared with the landward piles.

The shear force across shear keys connecting adjacent wharf segments cannot be
directly estimated from a Method A analysis. However, time-history analysis of multiple
wharf segments indicates that the highest shear forces will occur across movement joints
in two-segment wharves, and that these forces decrease, relative to segment weight
approximately in inverse proportion to wharf segment aspect ratio LL/LT where LL and
LT where the longitudinal and transverse plan dimensions of the wharf segment pile
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group.  The following expression may be used as an approximate upper bound to the
shear key force Vsk:

     Vsk = 1.5 (e/LL) V∆T                     (3-20)

Where V∆T is the total segment lateral force found from a pushover analysis at the level
of displacement ∆ T calculated for pure translational response at the appropriate limit
state, LL is the segment length, and e is the eccentricity between the center of stiffness
and the center of mass.

Method A is of adequate accuracy for design of many simple structures when
supplemented by a Method C pushover analysis, and is particularly useful for the
preliminary stages of design, even of relatively important and complex structures.  Final
design verification may be made by one of the more sophisticated analysis methods.

The approximate lateral stiffness of a wharf structure analyzed using Method A
should be determined from a pushover analysis, as discussed below in relation to
Method C.

Method B Multi-Mode Spectral Analysis

Spectral modal analysis will be the most common method used for estimating
maximum displacement levels, particularly when deck flexibility is significant.
However, as noted above, when multiple segments of long wharves are connected by
movement joints with shear keys, it is difficult to model the interactions occurring at the
movement joints adequately, because of their non-linear nature.

It is thus doubtful if it is worth modeling the joint, particularly if conditions are
relatively uniform along the wharf.  It should also be recognized that it is unlikely that
there will be coherency of input motion for different segments of a long wharf.
Longitudinal motion of the wharf is likely to be reduced as a consequence of impact
across joints, and restriction of resonant build-up.

It is thus reasonable, for regular wharf conditions to consider an analysis of
single wharf segments between movement joints as “stand alone” elements.  It will also
be reasonable in most cases to lump several piles together along a given line parallel to
the shore an provide an analytical “super pile” with the composite properties of the
tributary piles, to reduce the number of structural elements, which can be excessive, in a
multi-mode analysis. Since the modal analysis will be used in conjunction with a
Pushover Analysis, it will be worth considering adopting further reduction in the number
of structural elements by representing the composite stiffness of a transverse line of
piles, found from the Pushover analysis, by a single pile, and using a damping level
appropriate to the expected displacement, is discussed in more detail in the following
section.
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In most stand-alone analyses of single wharf or pier segments, there will be only
three highly significant modes; two translational and one torsional.   These will generally
be closely coupled.  As a consequence it will not generally be difficult to satisfy the 95%
participating mass requirement, which is larger than commonly specified in design
codes.  Note that to correctly model the torsional response it is essential to model the
torsional inertia of the deck mass.  This can either be done by distributing the deck mass
to a sufficiently large number of uniformly distributed mass locations, (with a minimum
of 4 located at the radius of gyration of the deck area) or by use of a single mass point
with rotational inertia directly specified.   Deck mass should include a contribution for
the mass of the piles.  Typically adding 33% of the pile mass from deck level to point of
equivalent foundation fixity is appropriate.

Because of the typical close coupling of the key modes of vibration, the modal
responses should be combined using the Complete Quadratic Combination (CQC) rule,
Wilson et al (1981).

Method C: Pushover Analysis

Typically, as a result of large variations in effective depth to fixity of different
piles, in a given wharf or pier, the onset of inelastic response will occur at greatly
differing displacements for different piles.   This is illustrated in Figure  3-23,
representing the response of a 20-foot. segment of a typical wharf  loaded in the
transverse (perpendicular to shoreline) direction.  There are a number of important
consequences to this sequential hinging:

 It is difficult to adequately represent response by an elasto-plastic approximation,
which is the basis of the common force-reduction factor approach to design.

 The appropriate elastic stiffness to be used in analysis is not obvious.
 Different piles will have greatly different levels of ductility demand, with the shortest

piles being the most critical for design or assessment.
 The center of stiffness will move from a position close to the landward line of piles

to a position closer to the center of mass as inelasticity  starts to develop first in the
landward piles.

As a consequence it is not directly feasible to carry out an elastic analysis based on the
typically assumed 5% equivalent viscous damping, and then determine member forces
by reducing elastic force levels by a force-reduction factor.  Amongst other failings, this
will grossly underestimate the design forces for the longer piles.   It is thus strongly
recommended that a key aspect of the design or analysis process  be a series of inelastic
pushover analyses, in both transverse and longitudinal directions, where 2-D sections of
the wharf or pier are subjected to incremental increases in displacement, allowing the
inelastic force-displacement response (e.g. Figure 3-23(b)),  the sequence of hinge
formation, and the magnitude of inelastic rotation �p developing in each hinge to be
determined.  The results of such analyses can be used to
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 Determine an appropriate stiffness for a Method A or B analysis,
 Determine appropriate damping levels for elastic analyses, and
 Determine peak plastic rotations of critical hinges at the maximum displacements

predicted by the Method A or B analyses.

These aspects are discussed in more detail in the following sections.

Elastic Stiffness from Pushover Analysis

It is recommended that elastic analyses used for Method A or B analyses be
based on the substitute structure analysis approach, Gulkan and Sozen (1974), where the
elastic characteristics are based on the effective stiffness to maximum displacement
response anticipated for the given limit state, and a corresponding level of equivalent
viscous damping, based on the hysteretic characteristics of the force displacement
response (e.g. Figure 3-23(b).  Thus for the transverse response, the stiffness for a 20ft.
tributary length of wharf would be kS or kDC  for the Serviceability and Damage Control
limit states  respectively, based on the expected limit states displacements ∆ S and ∆DC

respectively.   Since these displacements will not be known prior to a Method A or B
analysis, some iteration will be required to determine the appropriate stiffnesses.

For a Method A analysis, the transverse period can then be directly calculated
from the stiffnesses and tributary mass, in the usual manner.  For a Method B analysis,
using a reduced number of piles as suggested above, longitudinal push analyses will be
required on characteristic sections of wharf or pile.  As suggested in Figure 3-23(c), the
characteristic element for a wharf may be taken as a pile plus deck section extending
midway to adjacent piles on either side.  A set of pushover analyses for each of the
characteristic piles A, B,…E, can then be carried out and plotted as shown in Figure 3-
23(d).   Again, based on the expected limit states displacements,  the total stiffness of the
tributary length of wharf considered  can be calculated as

KL = ∑ ∆ lsiiVn /    (3-21)

Where ni  is the number of piles in row i in the tributary width considered, and Vi  is the
pile shear force at the limit state deflection ∆ ls.

The center of rigidity, measured relative to the arbitrary datum shown in Figure
3-23(a) is given by

  
∑
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xVn
x (3-22)

Thus, for a Method B analysis, the complete longitudinal and transverse stiffness of a
given length of wharf may be represented by a single “super pile” located at the
longitudinal center of the length modeled by the pile, and located transversely  at the
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position defined by Equation  3-22, with stiffness values as defined above.  Note that
different stiffnesses and centers of rigidity will normally apply for the serviceability and
damage control limit states.

Damping

The substitute structure approach models the inelastic characteristics of structures
by elastic stiffness and damping levels appropriate for the maximum response
displacements, rather than using the initial elastic parameters.  The advantage is a more
realistic representation of peak response, and an elimination of the need to invoke force-
reduction factors to bring member force levels down from unrealistically high elastic
values to realistic levels.  The damping level is found from the shape of the complete
hysteresis  loop for a single cycle of displacement at maximum response as illustrated in
Figure  3-24. In this, the skeleton force-displacement curve for both directions of
response is calculated by a pushover analysis, as illustrated in Figure  3-23(b).  The
unloading curve is based on a modified Takeda approach where the unloading stiffness
ku is related to the structure ductility �, defined in Figure 3-24, and the initial stiffness kI

by

ku = kI   µ�
-1/2         (3-23)

The residual displacement ∆ r is thus given by

∆ r = (∆ls – Fm/ku) (3-24)

The remainder of the stabilized hysteresis loop is constructed as shown in Figure
3-24.  The equivalent viscous damping, as a percentage of critical damping, is then
given by

).2/( lsmh FA ∆= πη  100% (3-25)

where Ah is the area of the stabilized loop, shown shaded in Figure  3-24.

For initial analyses of wharves or piers supported on reinforced or prestressed
concrete piles, damping values of 10% and 20% at the serviceability and damage control
limit states will generally be appropriate.

Capacity Design Checks

When the pushover analyses are based on the dependable material propertied for
the wharf or pier elements, the member forces resulting from the analyses represent
lower bound estimates of the forces developed at the appropriate limit state.  Although
this may be appropriate for determining required strength of plastic hinge regions, and
for ensuring that calculated limit state displacements are not exceeded, the results will
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Figure 3-24. Equivalent viscous damping
 for substitute-structure analysis.
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not be appropriate for determining the required strength of members whose force levels
must not exceed there dependable capacities during seismic response.  It is clear that if
material strengths exceed the specified strength, then the flexural strength of plastic
hinges may significantly exceed the dependable strength, and as a consequence, the shear
forces in piles and deck members may be as much as 20-30% higher than predicted by
the pushover analysis.

In order to ensure that a conservative upper limit on the possible strength of
members or actions which are to be protected against inelastic response is achieved, a
second set of pushover analyses should be carried out, where the material strengths
adopted represent probable upper bounds.  This approach, based on Capacity Design
Principles, is discussed in detail in Priestley et al. (1996).

Iteration Considerations

When checking a completed design, iteration will be needed to ensure
compatibility between the Method A or B elastic analysis used to determine response
displacements, and the stiffness and damping values determined from the pushover
analysis. Typically the necessary adjustments to the substitute structure characteristics
take very few cycles to converge with adequate accuracy.

In the design process, the limit state displacements will generally be known
before the design strength is established, provided the type and diameter of pile is
known.  This is discussed further under structural response.   In this case the iteration
required will be centered on determining the correct number and location of piles to limit
the response displacements to the structural limit state displacements.

Method D :  Inelastic Time-History Analysis

Inelastic time-history analysis is potentially the most accurate method for
estimating the full seismic response of a wharf or pier. It has the capability of
determining the maximum displacements, and the inelastic rotations in plastic hinges,
from a single analysis.  However, to do this, it is necessary to model each pile
individually, and to simulate the pile/soil interaction by a series of Winkler springs as
discussed above.   This can result in unacceptable matrix sizes for analysis of wharves or
piers with very large numbers of piles.   An alternative is to combine the analysis with
inelastic push analyses, and represent groups of piles by equivalent “super piles” as
discussed above for modal analysis.  Although this somewhat reduces the attraction of
the time-history analysis, it makes the analysis more tractable, and still enables several
advantages of the method, not available with Methods A or B, to be retained.

A disadvantage of the method is that considerable variation in response can be
obtained between two different spectrum-compatible acceleration records.  As a
consequence it is essential to run an adequately large number of simulations using
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different acceleration records, and to average the results.   A minimum of five spectrum-
compatible records is recommended.

The following points need to be considered before undertaking a time-history
analysis:

1. A full simulation of the wharf or pier will require use of a computer program capable
of modeling 3-D response.   There are comparatively few 3D inelastic time-history
programs available at present (March 1999), and experience with them outside of
research applications is rather limited.   Frequently approximations must be made
relating to hysteresis rules and strength interactions in orthogonal directions which
make the added sophistication of time-history analysis of reduced utility.

2. If the deck has sufficient rigidity to justify its approximation as a rigid element both
in-plane and out-of-plane,  a 2-D plan simulation may provide adequate accuracy.
However, special multi-direction spring elements with realistic hysteresis rules are
required for such a simulation.

3. Time-history analysis enables different stiffnesses to be used for different directions
of response.  Thus, provided the necessary hysteresis rules are available, it will
generally be possible to model the higher stiffness for movement into the shore than
for movement away from the shore, and to have a separate stiffness for longitudinal
response.

4. It is comparatively straightforward to model the interactions across shear keys, using
inelastic time-history analysis.

5. When modeling reinforced or prestressed concrete  members, degrading stiffness
models such as the Modified Takeda rule should be adopted.   There is little point in
carrying out time history analyses if simplified rules, such as elasto-plastic, or even
bilinear stiffness rules are adopted.

6. Care needs to be exercised into how elastic damping is handled.  It is common to
specify 5% elastic initial stiffness related damping.  This can greatly overestimate the
damping at high ductilities.   In fact, since the hysteretic rules available in the
literature have generally been calibrated to experimental results, the justification for
adding elastic damping, which should be apparent in the experimental hysteresis
loops, is of doubtful validity.   There is thus a case for ignoring elastic damping, if
levels of inelastic response are high.   However, at low levels of displacement
response, the simplifications inherent  in the hysteresis rules generally mean that the
damping is underestimated for “elastic” or near-elastic response.

7. Results from a time-history analysis should always be compared with results from a
simplified approach (e.g. a Method A or B analysis) to ensure that reasonable results
are being obtained.

Method E: Gross Foundation Deformation Analysis

As discussed above, the assumption will normally be made that the foundation
material is competent when carrying out any of the analyses described above. However,
examination of the performance  of wharves and piers in past earthquakes reveals that
liquefaction and foundation sliding or slumping are common.   Analysis techniques to
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estimate the sensitivity of the foundation to such failures, and the extent of deformation
to be expected, are dealt with elsewhere in this document.   Where geotechnical analyses
indicate that moderate permanent deformations are to be expected, the structure should be
analyzed under the deformed soil profile to estimate the influence on the structure.   This
will generally require at least a 2-D analysis incorporating discrete modeling of piles and
soil springs, with foundation deformations applied at the boundary ends of the springs, as
appropriate.

Structural deformations resulting from dynamic vibratory response, and estimated
by any of methods A to D will generally occur much earlier in the response to an
earthquake than will gross soil deformations.  Indeed, liquefaction failure may well occur
some minutes after the ground motion has ceased.   Consequently it is not necessary to
combine the results from a method E analysis with the results of a method A to D
analysis.  It will be sufficient to confirm that response of each type is individually
satisfactory.

Structural Criteria For Piers And Wharves

Deformation Capacity Of Pile Plastic Hinges

The ability of wharves and piers to respond inelastically to seismic  excitation
depends on the displacement capacity of pile plastic hinges.  This displacement capacity
will depend on what type of piles are used in the structure, their length, cross-section
dimensions, axial load, and material properties. A brief discussion of the deformation
capacities of different pile types is included below.  This is based on an examination of
their moment-curvature characteristics.

Until recently, piles were designed neglecting the confinement effects of the
reinforcing on the concrete.  Work by Joen and Park (1990a) shows the significant
increase in moment capacity by considering the effect of spiral confinement on the
concrete.  This work uses the Mander et al (1988) concrete model for confined and
unconfined concrete.  Typically the ultimate compressive concrete strain of unconfined
concrete is about 0.003 for use in computing flexural strength as reported by Priestley et
al. (1992). For confined concrete the following may be used,  Priestley et al. (1992),

εcu   =        0.004 +  (1.4 ρs fyh  ε sm )/ f’cc    0.005 (3-26)

where

ρs effective volume ratio of confining steel
fyh yield stress of confining steel
ε sm Strain at peak stress of confining reinforcement, 0.15 for grade 40 and

0.12 for grade 60
f’cc  Confined strength of concrete approximated by 1.5 fc’
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Moment-Curvature Characteristics of Piles.

The key tool for investigating the deformation characteristics of piles is moment-
curvature analysis.   The analysis adopted must be capable on modeling the full stress
strain curves of reinforcement and concrete realistically.  For the concrete, this entails
discrimination between the behavior of unconfined cover concrete, if present, and that of
the confined core, which will have enhanced strength, and particularly enhanced
deformation capacity.    Elastic, yield plateau, and strain-hardening sections of the steel
stress-strain curve should be modeled separately; a simple elasto-plastic or bi-linear
representation will be inadequate for mild steel reinforcement, but may be adequate for
prestressing steel.   The computer code used should provide output of moment and
curvature at regular intervals of a sequential analysis to failure, and should identify the
peak values of extreme fiber concrete strain, and maximum reinforcement and/or
prestressing strain  at each increment of the analysis, so that curvatures corresponding to
the serviceability and damage-control limit state can be identified.

 A sample moment-curvature response, appropriate for a reinforcing steel dowel
connection between a prestressed pile and a reinforced concrete deck is shown in Figure
3-25. For structural analysis, it will often be adequate to represent the response by a bi-
linear approximation, as shown.  The initial elastic portion passes through the first yield
point (defined by mild steel yield strain, or an extreme fiber concrete compression strain
of 0.002, whichever occurs first), and is extrapolated to the nominal flexural strength.
This defines the nominal yield curvature, �y .  The second slope of the bi-linear
approximation joins the yield curvature and the point on the curve corresponding to the
damage-control limit-state strains.  As defined in the document, these are taken to be:

Concrete extreme fiber compression strain:

Pile/deck hinge: Value given by Equation 3-26, but <0.025

In-ground hinge: Value given by Equation 3-26, but <0.008

Reinforcing steel tension strain: 0.05

Structural Steel (pile and concrete filled pipe): 0.035
Prestressing strand:

Pile/deck hinge: 0.04
In-ground hinge: 0.015

Hollow steel pipe pile                                   0.025

Equation 3-26 defines a safe lower bound estimate of the ultimate compression
strain of  concrete confined by hoops or spirals, Priestley et al. (1996).  Actual
compression failure, initiated by fracture of spiral or hoop confinement will typically not
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occur until strains are on average 50% larger than the value given by Equation  3-26,
providing an adequate margin for uncertainty of input.

Curvatures at the serviceability limit state are based on strain limits sufficiently
low so that spalling of cover concrete will not occur under the Level 1 earthquake, and
any residual cracks will be fine enough so that remedial grouting will not be needed.  As
defined in the document, these are taken to be:

Concrete extreme fiber compression strain: 0.004

Reinforcing steel tension strain: 0.010

Prestressing strand incremental strain: 0.005

Structural steel (pile and concrete-filled pipe): 0.008

Hollow steel pipe pile: 0.008

The specified incremental strain for prestressing strand is less than for reinforcing steel
to ensure that no significant loss of effective prestress force occurs at the serviceability
limit state.  For steel shell piles, either hollow or concrete filled, it is recommended that
the maximum tension strain in the shell be also limited to 0.01 to ensure that residual
displacements are negligible.  Note that if the steel shell pile is connected to the deck by
a dowel reinforcing bar detail, the connection is essentially a reinforced concrete
connection confined by the steel shell.  As such the limit strains for reinforced concrete
apply.

Figure 3-26 shows examples of theoretical moment-curvature curves for different
types of piles, each with an outside diameter of 610mm, and each subjected to different
levels of axial load.  Comparison of the curves for the two reinforced concrete doweled
connections of Figures 3-26(a) and 3-26(b), show the significant influence of the
concrete cover on the moment-curvature characteristics.  Flexural strength is
significantly higher with the reduced concrete cover of Figure 3-26(b).   Sections with
high cover (102mm) show significant reductions in moment capacity when spalling
initiates, for all levels of axial load, while piles with 63.5mm cover exhibit much more
satisfactory response.    Similar behavior is apparent for circular or octagonal prestressed
piles, as shown for two different values for concrete cover in Figures. 3-26(c) and 3-
26(d).   Moment-curvature curves for hollow and concrete-filled steel shell piles are
shown in Figures  3-26(e) and 3-26(f).  For the hollow steel shell pile, the influence of
axial load is rather limited, with axial compression tending to reduce the flexural
strength.  The influence of internal concrete is to increase the moment capacity
significantly, particularly when axial load is high.   Another advantage of the concrete
infill is that it reduced the sensitivity of the steel shell to local buckling.

Rectangular section reinforced or prestressed concrete piles confined by square
spirals and a rectangular distribution of longitudinal reinforcing bars or prestressing
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Figure 3-26. Moment-curvature curves for 610 mm diameter piles.



3-65

Figure 3-26. Continued.
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Figure 26. Continued.
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strand should not be used for new construction, since the confinement provided to the
core concrete by the rectangular spirals is of very low efficiency.  For assessment of
existing structures, the concrete core maximum strain corresponding to the damage-
control limit state should not be taken larger than 0.007 at the pile/deck hinge.   Higher
maximum concrete strains , as given by Equation 3-26, are appropriate if the core of the
rectangular pile is confined by a circular spiral, and the longitudinal reinforcement or
prestressing is also circularly disposed.  However, such sections typically have low ratios
of concrete core area to gross section area, resulting in flexural strength of the confined
core being less than that of the unconfined gross section.

Hollow prestressed piles are sometimes used for marine structures.  These,
however, have a tendency to implode when longitudinal compression strains at the inside
surface exceed 0.005.  Consequently the damage control limit state should have an
additional requirement to the strain limits defined in the document, that inside surface
compression strains must not exceed 0.005.   Note that to check for this condition, the
moment-curvature analysis must be able to model spalling of the outside cover concrete
when strains exceed about 0.004 or 0.005.   The outside spalling can cause a sudden shift
of the neutral axis towards the center of the section, resulting in strains on the inside
surface reaching the critical level soon after initiation of outside surface spalling. More
information on piles is available in Priestley and Seible (1997).

Elastic Stiffness

The effective elastic stiffness may be calculated from the slope of the “elastic”
portion of the bi-linear approximation to the moment-curvature curve (e.g. Figure 3-25),
as

EIeff = MN /φy   (3-27)

The value of the yield curvature, φ y , for a reinforced concrete pile, or pile/deck
connection is rather  insensitive to axial load level or longitudinal reinforcement ratio.
Results of analyses of a large number of cases indicate that Equation 3-27 may be
approximately expressed as a fraction of the gross section stiffness as

EIeff /EIgross = 0.3 + N /(f'c.Agross) (3-28)

Where N is the axial load level, and Agross is the uncracked section area.

For prestressed piles the effective stiffness is higher than for reinforced concrete
piles, and values in the range 0.6 <  EIeff /EIgross  < 0.75are appropriate.  For prestressed
piles with reinforced dowel connections to the deck, the effective stiffness should be an
average of that for a reinforced and a prestressed connection, or a short length,
approximately 2Dp long of reduced stiffness appropriate for reinforced pile should be
located at the top of the prestressed  pile.
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Plastic rotation

The plastic rotation capacity of a plastic hinge at a given limit state depends on
the yield curvature, φ y,  the limit-state curvature,(φS or φLS) and the plastic hinge length
Lp, and is given by

Θp = φpLp  = ((φS or φLS) - φy) Lp (3-29)

Plastic Hinge Length

The plastic hinge length for piles depends on whether the hinge is located at the
pile/deck interface, or is an in-ground hinge.  Because of the reduced moment gradient in
the vicinity of the in-ground hinge, the plastic hinge length is significantly longer there.
For pile/deck hinge locations with reinforced concrete details, the plastic hinge length
can be approximated by

             SI units       LP = 0.08 L + 0.022fydb >0.044fydb    (Mpa, mm) (3-30a)

             US units     LP = 0.08 L + 0.15fydb >0.30fydb      (ksi, in.)                  (3-30b)

where fy is the yield strength of the dowel reinforcement, of diameter db, and L is the
distance from the pile/deck intersection to the point of contraflexure in the pile.

For prestressed piles where the solid pile is embedded in the deck (an unusual
detail in the USA), the plastic hinge length at the pile/deck interface can be taken as

Lp = 0.5Dp (3-31)

For in-ground hinges, the plastic hinge length depends on the relative stiffness of the pile
and the foundation material.   The curves of Figure 3-27 relate the plastic hinge length of
the in-ground hinge to the pile diameter, Dp ,  a reference diameter D* = 1.82m, and the
dimensionless soil lateral subgrade coefficient, k (N/m3).

For structural steel sections, and for hollow or concrete-filled steel pipe piles, the
plastic hinge length depends on the section shape, and the slope of the moment diagram
in the vicinity of the plastic hinge, and should be calibrated by integration of the section
moment-curvature curve. For plastic hinges forming in steel piles at the deck/pile
interface, and where the hinge forms in the steel section rather than in a special
connection detail (such as a reinforced concrete dowel connection), allowance should be
made for strain penetration into the pile cap. In the absence of experimental data, the
increase in plastic hinge length due to strain penetration may be taken as 0.25 Dp, where
Dp is the pile diameter or pile depth in the direction of the applied shear force.
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Figure 3-27. In-ground plastic hinge length
(H = height of contraflexure point above ground, D = pile diameter)
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In-Ground Hinge Location

The location of the in-ground plastic hinge for a pile may be found directly from
an analyses where the pile is modeled as a series of inelastic beam elements, and the soil
is modeled by inelastic Winkler springs.   When the pile/soil interaction is modeled by
equivalent-depth-to-fixity piles, the location of the in-ground hinge is significantly
higher than the depth to effective fixity, as illustrated in Figure 3-28 by the difference
between points A, at the effective fixity location, and B, the location of maximum
moment.   Note that when significant inelastic rotation is expected at the in-ground
hinge, the location of B tends to migrate upwards to a point somewhat higher than
predicted by a purely elastic analysis. It is thus important that its location, which is
typically about 1- 2 pile diameters below grade, should be determined by inelastic
analysis.  An alternative is to determine the depth of B using the dimensionless curves of
Figure  3-29, which uses the same dimensionless parameters as Figure 3-27.

Pile Force-Displacement Response

The information provided in the previous few section enables an inelastic force
displacement response to be developed individually for each pile.  This may be directly
carried out on a full 2-D section through the wharf, involving many piles, as part of a
push-over analysis, or it may be on a pile-by-pile basis, with the push-over  analysis
assembled from the combined response of the individual piles.  With respect to the
equivalent-depth-to-fixity model of Figure 3-28, the pile is initially represented by an
elastic member, length L, with stiffness EIeff given by Equation 3-27 or 3-28, as
appropriate, and the deck stiffness represented by a spring kd as shown.  Often it will be
sufficiently accurate to assume the deck to be flexurally rigid, particularly with longer
piles.

The deflection and force corresponding to development of nominal strength Mn

at the pile/deck hinge can then be calculated.  Note that for elastic deformation
calculations the interface between the deck and pile should not be considered rigid.  The
effective top of the pile should be located a distance 0.022fydb into the deck, to account
for strain penetration.  This is particularly important for short piles.  This additional
length applies only to displacements – maximum moment should still be considered to
develop at the soffit of the deck.

The elastic calculations above result in a pile displacement profile  marked 1 in
Figure  3-28(b), and the corresponding point on the force displacement curve of Figure
3-28(c). For the next step in the pile pushover analysis, an additional spring kpt must be
added at A, the deck/pile interface (i.e. the deck soffit) to represent the inelastic stiffness
of the top plastic hinge.  This stiffness can be determined from Figure  3-25  as

kp = 
pyLS

Nu

L

MM

)(

)(

φφ −
−

(3-32)
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Figure 3-28. Force - displacement response of an isolated pile.
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Figure 3-29. Load - displacement hysteresis loops for
prestressed piles tested by Falconer and Park.
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Essentially this spring is in series with the deck spring. Additional force can be applied
to the modified structure until the incremental moment at B is sufficient to develop the
nominal moment capacity at the in-ground hinge.   The deflection profiles and force-
displacement points marked 2 in Figures. 3-28 (b) and (c) refer to the status at the end of
this increment.   Finally the modified structure with plastic hinges at the deck/pile
interface, and B is subjected to additional displacement until the limit state curvature
φ LS is developed at the critical hinge, which will normally be the deck/pile hinge.   Note
that the inelastic spring stiffnesses at the two hinge locations will normally be different,
due to differences in the structural details between the in-ground and hinge locations,
and due to the different plastic hinge lengths.

The procedure outlined above is sufficiently simple to be carried out by
spreadsheet operations, and has the advantage that the post yield moment-rotation
stiffness of the hinges can be accurately modeled.  This function is not available in all
push-over codes.

Material Properties for Plastic Hinges

For both design of new structures, and the assessment of existing structures, it is
recommended that the moment-curvature characteristics of piles be determined based on
probable lower bound estimates of constituent material strengths.  This is because
strength is less important to successful seismic resistance than is displacement capacity.
For the same reason, there is little value in incorporating flexural strength reduction
factors in the  estimation of the strength of plastic hinges.   Flexural strength reduction
factors were developed for gravity load design, where it is essential to maintain a margin
of strength over loads to avoid catastrophic failure.  Inelastic seismic response, however,
requires that the flexural strength be developed in the design level earthquake.
Incorporation of a strength reduction factor will not change this, and at best may slightly
reduce the ductility demand.  In fact, it has been shown, Priestley (1997) that even this is
doubtful, and the provision of extra strength, resulting from the incorporation of strength
reduction factors in the design of plastic hinges, may reduce the ductility capacity
slightly, compensating for any benefits accruing from additional strength.

On the other hand, the use of nominal material strengths and strength reduction
factors in design or assessment will place a demand for corresponding increases in the
required strength of capacity protected actions, such as shear strength.  This is because
the maximum feasible flexural strength of plastic hinges, which dictates the required
dependable shear strength will be increased when design is based on conservatively low
estimates of material strength.  This will have an adverse economic impact on the design
of new structures, and may result in an unwarranted negative assessment of existing
structures.

As a consequence, the following recommendations Priestley et al. (1996) are
made for the determination of moment-curvature characteristics of piles.
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Concrete compression strength  f'ce = 1.3f'c

Reinforcement Yield strength     fye  = 1.1fy

Prestress strand ultimate strength fpue  =1.0fpu

Where f'c  is the specified 28 day compression strength for the concrete, and fy and fpu are
the nominal yield and ultimate strength of the mild steel reinforcement and prestressing
strand respectively.   For assessment of existing structures, higher concrete compression
strength will often be appropriate due to natural aging, but should be confirmed by in-
situ testing.

In both new design and assessment of existing structures, the flexural strength
reduction factor for pile plastic hinges should be taken as unity.

Confinement of Pile Plastic Hinges

Research by Budek et al (1997) has shown that lateral soil pressure at the in-
ground plastic hinge location helps to confine both core and cover concrete.  This
research found that as a consequence of this confinement, for both reinforced and
prestressed circular piles, the plastic rotation capacity of the in-ground hinge was
essentially independent of the volumetric ratio of confinement provided.  As a
consequence of this, and also as a result of the low material strains permitted in the in-
ground hinge at the damage-control limit state, much lower confinement ratios are
possible than those frequently provided for piles.  It is recommended that, unless higher
confinement ratios are required for pile-driving, the confinement ratio for the in-ground
portion of the pile need not exceed

scD
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where Asp = area of the spiral or hoop bar,
Dp = pile diameter
co  = concrete cover to center of hoop or spiral bar
s    = spacing of spiral or hoop along the pile axis.

In the vicinity of the potential plastic hinge at the top of the pile, the amount of
spiral or hoop reinforcement can be adjusted to ensure that the ultimate compression
strain given by Equation 3-26 is adequate to provide the required displacements at the
damage-control limit state.  Thus the designer has some ability to optimize the design of
pile confinement, dependent on the displacement requirement predicted under the lateral
response analysis. The calculated value should be supplied for at least 2 Dp from the
critical section.   Because of uncertainties associated with final position of the tip of a
driven pile prior to driving, a longer region of pile should have the increased
confinement determined from the above approach.   In many cases the full pile length
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will conservatively be confined with the volumetric ratio required at the deck/pile hinge
location.

As an alternative to the approach outlined above, a prescriptive requirement,
modified from bridge design, and defined by Equation 3-34 may be adopted:
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where Nu= axial compression load on pile, including seismic load,
Fp = axial prestress force in pile
ρ l = longitudinal reinforcement ratio, including prestressing steel.

The volumetric ratio of transverse reinforcement given by Equation 3-34 may be used as
a starting point, but the adequacy of the amount provided must always be checked by
comparing displacement demand with capacity.

The pitch of spiral reinforcement provided for confinement should not exceed
6db nor Dp/5, where db is the diameter of the dowel reinforcement.  For in-ground hinges
in prestressed piles, the pitch should not exceed 3.5dp where dp is the nominal diameter
of the prestressing strand.

Addition of Mild Steel Reinforcement to Prestressed Piles

The use of mild steel dowels to provide moment-resisting connections between
piles and decks is common.   It is also common to provide additional mild steel
reinforcement throughout the length of the pile in the belief that this will enhance the
performance of the in-ground hinge.   Tests by Falconer and Park have shown this
additional reinforcement to be unnecessary. Provided adequate confinement  is provided
at a pitch not greater than 3.5 times the prestress strand nominal diameter, dependable
ductile response can be assured.  Figure 3-29 compares lateral force-displacement
hysteresis loops of prestressed piles with and without additional longitudinal mild steel
reinforcement, and subjected to high axial load levels.   Both piles were able to sustain
displacement ductility levels of 10 without failure.  The pile with additional mild steel
reinforcement was, as expected stronger than the pile without additional reinforcement,
and the loops indicated somewhat enhanced energy dissipation.  However, in-ground
hinges will normally only be subjected to moderate levels of ductility demand, for which
the added damping provided by the mild steel reinforcement will be of only minor
benefit.

It is thus recommended that additional longitudinal mild steel reinforcement be
provided in piles only when there is a need to increase the flexural strength.

Capacity Protection of  Elastic Actions and Members.
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The essence of modern seismic design is the precise determination of where and
how inelastic actions may occur (i.e. by inelastic flexural rotations in specified plastic
hinge locations), and the protection of other locations (e.g. the deck) and other actions
(e.g. shear) to ensure these remain elastic.   This is termed Capacity Design, Priestley et
al (1996) and is done by ensuring that the  dependable strengths of the protected
locations and actions exceeds the maximum feasible demand based on high estimates of
the flexural strength of plastic hinges.  Since development of flexural plastic hinge
strength is certain at the design seismic input, the consequence of material strengths
significantly exceeding design values will be that corresponding increases will develop
in the forces of capacity protected members.

The most consistent method for determination of the required strength of
capacity protected actions and members is to carry out a second series of pushover
analyses, or dynamic time-history analyses, where the moment curvature characteristics
of the pile plastic hinges are based on realistic upper bound estimate of material
strengths. The following values are recommended:

Concrete compression strength f'cm = 1.7 f'c

Reinforcement yield strength fym = 1.3 fy

Prestress strand ultimate strength fpum= 1.1fpu

  The design required strength for the capacity protected members and actions should
then be determined from the pushover analyses at displacements corresponding to the
damage control limit state.  Since these force levels will be higher than those
corresponding to the serviceability limit state, there is no need to check capacity
protection at the serviceability limit state.

A simpler, conservative approach to the use of a second “upper bound” pushover
analyses is to multiply the force levels determined for capacity protected actions from
the initial design analysis by a constant factor, representing the maximum feasible ratio
of required strength based on upper bound and lower bound material strengths in plastic
hinges.  This ratio should be taken as 1.4, Priestley et al. (1996).

Shear Strength of Piles

The requirement for capacity protection is that the dependable strength exceeds
the maximum feasible demand.  Hence shear strength should be based on nominal
material strengths, and shear strength reduction factors should be employed.

Most existing code equations for shear strength of compression members,
including the ACI 318 equations which are widely used in the USA, tend to be
unreasonably conservative, but do not adequately represent the influence of reduction of
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the strength of concrete shear resisting mechanisms.  An alternative approach, Kowalski
et al (1998), which has been widely calibrated against experimental data and shown to
provide good agreement over a wide range of parameter variations is recommended for
assessing the strength of piles.  This approach  is based on a three parameter model, with
separate contributions to shear strength from concrete (Vc), transverse reinforcement
(Vs), and axial load (Vp):

VN = Vc +Vs + Vp (3-35)

A shear strength reduction factor of 0.85 should be applied to Equation  3-35 to
determine the dependable shear strength.

Concrete Mechanism Strength:  The strength of the concrete shear resisting
mechanisms, which include the effects of compression shear transfer, aggregate
interlock, and dowel action, is given by:

Vc = ec Afk .' (3-36)

Where k = factor dependent on the curvature ductility within the plastic hinge region,
given by Figure  3-30,

           f'c= concrete compression strength in MPa,
           Ae=0.8Agross is the effective shear area.

The reduction in k with increasing curvature ductility µφ�=φ�/φy occurs as a
result of reduced aggregate interlock effectiveness as wide cracks develop in the plastic
hinge region.  For regions further than 2Dp from the plastic hinge location, the flexural
cracks will be small, and the strength can be based on µφ = 1.0.��������

Different values of k are provided in Figure 3-30 for new design and for
assessment.  It is appropriate to be more conservative for new design than for
assessment, since the economic consequences of extra conservatism are insignificant
when new designs are considered, but can be substantial when  assessment of existing
structures are concerned.  Different values are also given depending on whether the pile
is likely  to be subjected to inelastic action in two orthogonal directions (biaxial
ductility) or just in one direction (uniaxial ductility).

Transverse Reinforcement (truss) Mechanism:  The strength of the truss mechanism
involving transverse spirals or hoops is given by:

Circular spirals or hoops:

)(.
2 opyhsps ccDfAV −−= π

 cot θ/s (3-37)

where Asp= spiral or hoop cross section area



3-78



3-79

fyh= yield strength of transverse spiral or hoop reinforcement
Dp= pile diameter or gross depth (in the case of a rectangular pile with
        Spiral confinement)
c = depth from extreme compression fiber to neutral axis at flexural strength
      (see Figure 3-31)
co= concrete cover to center of hoop or spiral (see Figure  3-31)
θ = angle of critical crack to the pile axis (see Figure 3-31) taken as 300  for
      assessment, and 350 for new design.
s = spacing of hoops or spiral along the pile axis.

Rectangular hoops  or spirals:

Vs = Ah.fyh(Dp – c – co) cot θ/s        (3-38)

Where Ah= total area of transverse reinforcement, parallel to direction of applied
       shear cut by an inclined shear crack.

Axial Load Mechanism:  The presence of axial compression enhances the shear
strength by development of an internal compression strut in the pile between the
compression zones of plastic hinges, whose horizontal component Vp opposes the
applied shear force.  Axial prestress also acts in similar fashion to enhance shear
strength.   Thus, with reference to Figure  3-32, the shear strength provided by axial
compression is

  Vp= Φ (Nu+Fp) tan α�            (3-39)

Where Nu = external axial compression on pile including load due to earthquake
        Action,
Fp = prestress compression force in pile,
α  = angle between line joining the centers of flexural compression in the
        deck/pile and in-ground hinges, and the pile axis (see Figure 3-32)
Φ = 1.0 for assessment, and 0.85 for new design.

Shear Strength of Concrete-filled Steel Shell Piles:

The flexural and shear strength of concrete-filled steel shell piles can be
determined assuming normal reinforced concrete theory, and full composite action
between the shell and the infill concrete.  Although some slip between the shell and
concrete may occur, it does not appear to significantly influence flexural strength or
displacement capacity.

Shear strength can be determined using the equations above, and considering the
steel shell as additional transverse hoop reinforcement, with area equal to the shell
thickness, and spacing along the pile axis of s=1.0.  The contribution of the shell to the
shear strength is thus
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Figure 3-31. Transverse shear mechanism.
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Vshell = (π /2) t.fyh(Dp – c – co) cot θ (3-40)

Design Strength for Deck Members

The required strength for deck members should be determined by adding the
actions resulting from the “upper  bound” pushover response, at the displacement levels
corresponding to the level 2 earthquake, to those resulting from gravity action.
Particularly in assessment of existing structures some redistribution of design actions is
appropriate, provided overall equilibrium between internal actions and external forces is
maintained.

Dependable strength for flexure and shear actions can be determined in
accordance with ACI 318 principles.

Assessment of Wharves and Piers with Batter Piles

Batter piles primarily respond to earthquakes by developing large axial compression or
tension forces.  Bending moments are generally of secondary importance.  The strength in
compression may be dictated by material compression failure, by buckling, or, more
commonly by failure of the deck/pile connection, or by excessive local shear in deck
members adjacent to the batter pile.  Strength in tension may be dictated by connection
strength or by pile pull out.  In assessing the seismic performance of wharves and piers
with batter piles the following additional items should be considered.

 Pile pull-out is ductile and has the potential to dissipate a considerable amount of
energy.  Displacement capacity is essentially unlimited.

 In compression, displacement capacity should consider the effect of reduction in pile
modulus of elasticity at high axial load levels, and the increase in effective length for
friction piles, resulting from local slip between pile and soil.  Typical calculations
indicate that displacement ductilities of 2 or more are possible.

 Where the prime concern is the prevention of oil spillage, t should be recognized that
failure of the batter piles does not necessarily constitute failure of the wharf or pier,
nor the initiation of oil spillage.   It is possible that after failure of the batter piles, the
wharf or pier may be capable of sustaining higher levels of seismic attack.  Although
the strength will be diminished as a consequence of the batter pile failure, the
displacement capacity of the wharf or pier will generally be greatly increased before
the secondary failure stage, involving the vertical piles, develops.  Consequently this
system, involving only the vertical piles should be checked independently of the batter
pile system.

Assessment of Wharves and Piers with Timber Piles
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Figure 3-32. Axial force shear mechanism.
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There is little reported evidence of damage to timber piles in earthquakes, despite their
wide spread usage for wharf and Pier supports for the past 150 years on the West Coast of
the USA.  This is due to their large displacement capacity, and the typically low mass of
the supported wharf, if also constructed of timber, though there are cases of timber piles
supporting concrete decks.

Extensive testing of timber piles, both new and used, in both dry and saturated conditions
has been carried out by British Columbia Hydro (B.C.Hydro, 1992). No significant
difference between results of new and old, wet and dry piles was found.   The tests were
carried out on nominal 12-inch (300mm) diameter. Peeled Douglas fir piles, though
actual dimensions were as large as 14 inches (350mm) at the butt end, and as small as 9
inches (225mm) at the tip end.  Three types of tests were carried out:

1. A simple bending test using a non-central lateral load on a pile simply supported over
a length of  27.2 feet (8.28m).

2. Cantilever bending tests on piles embedded in concrete pile caps, with a free length of
about 4 feet (1.2m)

3. In-situ testing of piles embedded in a firm silty-sand foundation, with a free length of
about 16.4 feet (5m).

In all cases the piles were subjected to cyclic loading, though in only the first series of
tests were  the displacements equal in the opposite loading directions.  All piles were
subjected to axial loads of about 20 kips (89kn) throughout the testing.

The results indicated that the piles typically exhibited ductile behavior.  Failure generally
initiated by compression wrinkling at the critical section, followed by a period of
essentially plastic deformation at approximately constant lateral load, terminated in a
tension fracture.   The first series of tests gave the lowest results in terms of displacement
capacity.  This may have been due to the steel loading collar, which applied lateral force
to the pile at the location of maximum moment, causing local distress because of the
sharp edges of the collar.   In fact, failure was not achieved in the other two test series
before actuator travel capacity was reached, despite displacement of 1.00m (40 in) for the
in-situ pile tests.

Back-analyses from the more conservative, (and more extensive) first series (simply
supported beams) indicated that the following data may conservatively be used for
checking the capacity of existing Douglas fir piles:

Modulus of Elasticity: 10 GPa   (1.5x106 psi)
Modulus of Rupture: 35 GPa    (5000 psi)
Serviceabilty limit strain: 0.004
Ultimate limit strain: 0.008
Damping at ultimate limit: 12 %
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The fracture strain has been back-calculated from the maximum displacements assuming
a linear curvature distribution along the pile.  This is because there is insufficient data to
define a true ultimate strain, and an effective plastic hinge length.   Thus displacement
capacity should be based on the same assumptions.  Note that this will result in the
ultimate displacement capacity of a 12-inch (300 mm) pile with an effective length of 25
feet being about 40 inches (1000 mm).

Since the effectiveness of lateral bracing in timber wharves will generally be at best
suspect, it is recommended that, as a first approximation, it conservatively be ignored
when assessing seismic performance.  This assumes that the bracing connections, or
members, will fail or soften to the extent that they will be ineffective after the initial
stages of lateral response.   Similarly, it may be sufficient to assume that the connections
between batter piles and the wharf fail, and to check the “worst case” condition without
the batter piles.  Generally, calculations based on these conservative assumptions will
still produce displacement demands that are significantly less than displacement capacity.

Deck/Pile Connection Details

Connection details between the pile and the deck depend on the type of pile used
to support the wharf or pier.  Although connection details for buildings and bridges are
often detailed to act as pinned connections, piles for wharves and piers are almost always
designed for moment resistance at the pile/deck connection.  Consequently only
moment-resisting connections will be considered in this document.

Steel-Shell Piles

Steel shell piles will normally be connected to the deck via reinforcing bars and a
concrete plug, even when the concrete infill is not continuous down the height of the pile.
If the concrete plug is only placed in the vicinity of the connection, care is needed to
ensure that shear transfer exists between the concrete and the steel shell.  Although this
may often be adequately provided by natural roughness of the inside surface of the   steel
shell, some more positive method of transfer should be considered.  One possibility is the
use of weld-metal laid on the inside surface of the steel shell in a continuous spiral in the
connection region, prior to placing the concrete plug.  Park et al (1983), investigating
concrete filled steel-shell piles showed that dependable flexural strength and extremely
large ductility capacity could be achieved when the steel shell was discontinuous 50mm
inside the deck concrete, and the connection was made by dowel reinforcement properly
anchored in the deck.  An example of the force-displacement hysteresis response is
shown in Figure 3-33.  It will be observed that the flexural strength considerably exceeds
the nominal strength, denoted HACI when P-∆ effects are included.  This is partly a result
of the enhanced concrete strength resulting from very effective concrete confinement by
the steel shell, and partly due to the steel shell acting as compression reinforcement, by
bearing against the deck concrete.   The remarkable ductility capacity of the pile apparent
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in Figure 3-33 has been duplicated in other tests with discontinuous casings at the
interface.  This pile, subsequent to two cycles at a displacement ductility of µ∆ =  18 was
subjected to 81 dynamic cycles at µ∆ = 20, and then a static half cycle to µ∆ = 40 without
significant strength degradation.

Prestressed Piles

 In the USA, prestressed piles are normally connected to the deck with mild-steel
dowel reinforcement, as discussed in the next section.  However, other details are
possible, and have been successfully tested under simulated seismic conditions.

Pam et al. (1988), tested a number of connection details appropriate for
prestressed solid piles.  The details were based on 400mm octagonal piles with 10-
12.5mm tendons, but the results can be safely extrapolated to the 600mm piles more
commonly used in wharf structures.  Two units were tested with the solid end of the pile
embedded 800mm into the deck, with a 10mm diameter spiral at 150mm pitch placed
around the embedded length of the pile.  Two further piles were tested with the strand
exposed, enclosed in a 12mm spiral at 47mm pitch, and embedded straight in the deck for
a distance of 600mm.  In each of the pairs of piles one pile contained only strand while
the other included 10-20mm diameter mild steel dowels, thus increasing the flexural
strength of the piles.   All pile units were subjected to an axial load ratio of Nu/f'cAgross =
0.2, in addition to the axial compression resulting from prestress.

Results for the force-displacement response of these four units are shown in
Figure 3-34.  In each case the piles were capable of developing the theoretical moment
capacity of the connection, and to maintain it to high ductility levels.  The apparent
strength degradation in Figure 3-34 is a result of P-∆ effects from the moderately  high
axial load.

First sign of crushing of the concrete in the plastic hinge region was noted at
displacement ductility factors of about 2.0 for the embedded pile and about 2.5 for the
embedded strand.  The difference was due to the higher total compression force at the
critical section (due to the pile prestress force) when the full pile section was embedded
in the pile cap. Since the piles were very slender, with an aspect ratio of 7, these values
might be considered as lower bound estimates for a serviceability criterion for the piles.
However, this would be compensated by increased yield displacements if the flexibility of
the deck had been included in the tests.

In all cases, the strand was fully developed, despite the rather short development
length of 48db in the exposed strand tests.  These results indicate that strand is sufficient
to develop moment capacity at the deck/pile interface, and that mild steel dowels are not
necessary.

The test units by Pam et al had rather light joint reinforcement surrounding the
pile reinforcement in the joint region.  However, it must be realized that the deck in these
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tests was rigidly connected to a reaction frame, which reduced stress levels in the joint
region. Practical details should thus not be based on the joint rebar in Pam’s tests.

Practical Connection Considerations.

The most common connection detail consists of dowel reinforcing bars, typically
of size #8, #9, or #10, inserted in ducts in the top of the pile after the pile has been
driven to the required level, and the top cut to the correct final elevation.  Typically the
dowel bars in the past have been bent outwards,  with the top of the bend below the level
of the top mat of  the deck reinforcement, as suggested in Figure 3-35(a).   In the past the
top of the bend has often been much lower than shown in this figure.

If hooks are provided on dowels, they must have the tails bent inwards, rather
than outwards.  The reason for this is that if significant tension force is transferred up to
the hook, which is bent outwards, it adds tension stress within the joint region which is
already subjected to high tension stress as a result of joint shear forces.  There is then a
tendency for the diagonal joint shear crack to propagate and bend horizontally outside
the hook, particularly if the hooks are below the top layer of deck reinforcement, as
illustrated in Figure 3-35(a).  The problem is compounded if the top of the dowel hooks
is lower in the deck than shown in Figure 3-35(a).  Proper force transfer between the pile
and deck becomes increasingly doubtful, and spalling of the soffit concrete may occur,
as has been observed in response to moderate earthquakes in Southern California.

If the hooks are high, and are bent inwards as shown in Figure 3-35(b), the bend
results in anchorage forces directed back towards the compression corner of the
deck/pile connection, resulting in a stable force-transfer mechanism.

Although satisfactory force transfer is expected with the detail of Figure 3-35(b),
it can be difficult to construct.  This is because tolerances in the final position in plan of
a driven pile may be as high as +/- 150mm.  In such cases interference between the bent
dowels and the deck reinforcement can cause excessive placing difficulties, which may
result in one or dowel bars being omitted.  Design details need to be developed that are
simple and insensitive to pile position.  This means that bent dowels should not
generally be used.

Two alternative details, developed for the Port of Los Angeles, Priestley (1998)
are shown for typical 600mm prestressed piles in Figure 3-36.  The first uses straight bar
development up as high as possible into the deck, but with bars not terminating more
than 100mm below the top surface.  This is combined with spiral reinforcement to
control the potential joint shear cracking.   The second uses reduced embedment  length
of the dowels, with partial anchorage provided by enlarged end upstands (end bulbs),
with bars lapped with headed vertical bond bars.  The lap and joint are again confined by
a spiral.
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Straight-bar Embedment Detail:  The straight bar embedment detail of Figure 3-36(a)
is directly analogous to details used for moment-resisting column/cap-beam connections
for seismic response of bridges, Priestley et al. (1996).   The required embedment length
is thus given by

                  SI units               
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where the dowel bar diameter le is in mm, and the material strengths are in MPa.

For typical concrete strengths of about f’c = 30MPa and dowel strength of fye =
450MPa, Equation 3-41 indicates that it is feasible to anchor #8 to #10 dowels by
straight embedment in a 900mm deep deck beam, allowing 100mm from the top of the
dowel to the deck surface.  Anchorage of a #11 bar in a 900mm deck would require a
somewhat higher deck compression strength.  Note that the use of the specified 28 day
concrete compression strength in Equation 3-41 is very conservative, given expected
conservatism in concrete batch design, and expected strength gain before occurrence of
the design earthquake, and it would be more realistic, particularly for assessment of
existing structures to use a more characteristic strength, say 1.2f’c.  This would still be
considerably less than the probable strength at the age of the concrete when subjected to
seismic loading.

Priestley (1998) requires that, if additional external joint reinforcement is not
provided, the anchored bars must be enclosed in spiral or hoop confinement in
accordance with
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where o
ycf  =1.4fy is the dowel overstrength bar capacity,

    fs = 0.0015Es,
    la =actual embedment length provided,
   Asc= total area of dowel bars in the connection
   Es = dowel modulus of elasticity
   D’= diameter of the connection core, measured to the centerline of the spiral
           confinement.

The detail shown in Figure 3-36(a) is adequate for embedment of 8 #11 dowels in a
900mm deck beam.

Headed Rebar Detail:    This detail, shown in Figure 3-36(b), is designed to allow the
dowels to terminate below the top layer of beam reinforcement.  Anchorage is improved
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Figure 3-35. Anchorage with hooked dowels.
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Figure 3-36. Anchorage details for dowels.
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by using an upstand on the end of the dowel.  In this design, 50% of the dowel anchorage
force is transferred by the upstand, and 50% by bond, using special headed
reinforcement bond bars.  This allows the minimum embedment length to be reduced to
50% of that given by Equation 3-41.  The top of the dowel should be as high as
practicable, but in this case may be below the top mat of reinforcement.  With this detail,
all bar sized up to #11 can safely be anchored in a 900mm deck beam, and all sizes up to
#10 can be anchored in a 600mm deep deck beam.

The total required area of the headed bond bars is At = 0.65Asc.  Spiral
confinement around the connection must be provided in accordance with Equation 3-42.

Details similar to those shown in Figure 3-36(a) have been tested for bridge
designs, Sritharan and Priestley (1998) and found to perform well, with displacement
ductilities typically exceeding µ∆ = 6.  The detail of Figure 3-36(b) was recently tested for
the Port of Los Angeles, and found to have excellent response (see Figure 3-37), with
failure finally occurring outside the connection at high displacement ductility.  Only
minor cracking developed in the joint region.

Steel H-Section Piles.  Connection of steel H-Piles to pile caps or decks is normally by
partial embedment in the deck.  Full moment-resisting connections are  rarely attempted
with this detail.  If moment-resistance is required of the connection, sufficient transverse
reinforcement must be placed around the pile head to enable the pile moment to be
transferred by bearing in opposite directions at the upper and lower regions of the pile
embedment.

Capacity of Existing Substandard Connection Details

Many existing piers and wharves will have connection details similar to that
shown in Figure 3-35a, where the dowels bend outwards from the pile centerline, and the
top of the 90 degree bend, hd above the soffit, is well below the deck surface. Typically,
the dowels will not be enclosed in a spiral within the joint region, and there is thus a
probability of joint shear failure.

There are no known test data related to the detail of Figure 3-35, but poor
performance of such details in the recent moderate Northridge earthquake, and similarity
to bridge T joints, which have been extensively tested,  leads to a need for conservative
assessment.

A relevant procedure is available in Priestley et al. (1996), and is adapted in the
following for wharves and piers with reinforced concrete decks.

1. Determine the nominal shear stress in the joint region corresponding to the pile
plastic moment capacity.
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 (3-43)

where Mo is determined as described in “Capacity Protection of Elastic Actions and
Members” above and hd is defined above and in Figure 3-35a.

2. Determine the nominal principal tension stress in the joint region:

        (3-44)
where

        (3-45)
is the average compression stress at the joint center, caused by the pile axial compression
force P. Note, if the pile is subjected to axial tension under the seismic load case
considered, then the value of P, and fa will be negative.

3. If  pt calculated from Equation 3-44 exceeds 0.42 √ fc’ Mpa, joint failure will occur at
a lower moment than the column plastic moment capacity Mo. in this case, the
maximum moment that can be developed at the pile/deck interface will be limited by
the joint principal tension stress capacity, which will continue to degrade  as the joint
rotation increases, in accordance with Figure 3-38. The moment capacity of the
connection at a given joint rotation can be found from the following steps.

4.  From Figure 3-38, determine the principal tension ratio pt / √ fc’ corresponding to the
given joint rotation, referring to the T-joint curve.

5.  Determine the corresponding joint shear stress force from:

(3-46)
where fa is determined from equation 3-45.

6. The moment at the pile/deck interface can be approximated by:
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Figure 3-37. Force - displacement response of pile connected to deck
with headed rebar (detail of Figure 3-36b.)
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This will result in a reduced strength and effective stiffness for the pile in a push-over
analysis. The maximum displacement capacity of the pile should be based on a drift
angle of 0.04.

Discussion Of Criteria

The criteria presented above are developed from a compilation of current practice
by many agencies combined with state-of-the-art technology for estimation of seismic
damage potential. It is not a revolutionary step forward but rather an evolution of  design.
This specification has developed a cohesive integrated criteria specifying:

1. The required pier performance under expected loads
2. Specification of the expected loads
3. Specification of strain limits to ensure structural response limits to achieve

performance requirements.

The overall effect on the design, selection of pile sizes and cost of the pier is not
expected to be great; however, the assurance in meeting performance goals is thought to
be substantially enhanced.

In the application of these criteria to existing construction, it is thought that the
objective of a uniform set of performance goals should be maintained across the
waterfront. Where adequate capacity is lacking in the existing system, it is thought better
to strive for the performance goal, develop several candidate upgrade alternatives, and
then perform  an economic/risk analysis to determine what is the most cost effective
solution considering the potential for a damaging earthquake and the existing lateral force
system.  This approach is preferred over any system which arbitrarily establishes some
percentage reduction of a new-construction criteria. Any single reduction coefficient is
probably not optimal over a range of structures and is at best arbitrary.

Strengthening of an Existing Structure

Various methods of strengthening existing structures are possible:

Plating.  Where the top of flange is not accessible for adding cover plates,
reinforcement can be added to the web plate.  The beam shall be relieved of load before
the reinforcement is added.  When cover plates are added, the flange to web connection
and the web plate stresses at the toe of the flange shall be investigated.

Composite Action.  Beam section properties can be materially increased by
causing the concrete slab to act as a composite with the beam.  The slab serves as a top
cover plate.
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Figure 3-38. Degradation of effective principal tension strength with
joint shear strain. (After Priestley, Seible, and Calvi, 1996)
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Prestressing  Jacks can be used effectively to reduce stresses in existing flanges.
Cover plates are welded before removing jacks.

Shear Reinforcement.  Vertical stirrups serve as hangers that support the beam
from the uncracked portion of concrete near the column.

Flexural Reinforcement.  Longitudinal reinforcement can be added effectively if
positive means for preventing separation and for transferring horizontal shear are used.
Composite materials can be glued to the underside of pier decks to increase section
capacity. Composite rods can be inserted and epoxied in groves cut in the topside of pier
decks to add reinforcement.

Pile/Column Reinforcement.  Pile/Column sections may be strengthened by
adding concrete with longitudinal and lateral reinforcement or by adding unreinforced
concrete restrained by hoop bars. Wrapping by composite materials has been used very
effectively for bridge columns. Mandrels have been applied to piles and filled with
concrete.

Compatibility  The design details shall encompass any inherent incompatibility
of old and new materials.  Provision shall be made to resist separation forces.  flew
concrete shall have a different modulus of elasticity, coefficient of thermal expansion,
and shrinkage than old concrete.  Consider differing expansion effects due to differing
absorption of moisture.  Provide resistance against "curling" due to thermal gradients.

Compatibility of connectors must be considered.  For example, rivets or bolts are
not compatible with welds.  Friction bolts are not compatible with rivets.  Creep is an
important factor.

Dead Load Versus Live Load Stresses.  Unless the load on a structure is
relieved (for example, by removal or by jacking), the existing framing will continue to
carry:

a) the full dead load of the construction,

b) any part of the live load which is in place when the new framing is connected,
and

c) a proportionate share of the live load subsequently added.

The new framing will carry only a part of the live load.  As a result, under the final
loading condition, the stresses in the new and existing material of the same or similar
members will be different, often radically so. For example, assuming a 1:1 ratio of dead
to live load and of new to existing material in the cross section of a given member and
disregarding plastic deformation, the stress in the existing material would be three times
the stress in the new.  As a result, the new material cannot be stressed up to allowable
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values without simultaneously overstressing the existing sections. It is necessary either to
provide an excess of new material or to relieve the load on the structure before
strengthening. This may not apply if plastic deformation of the structure (and its
associated, increased deflection) can be permitted.

Deterioration Of Waterfront Structures

The more common causes of deterioration associated with steel, concrete, and
timber waterfront structures are as follows.

Steel Structures.  For steel structures deterioration is caused by:

a) corrosion
b) abrasion
c) impact.

Concrete Structures.  In concrete structures deterioration is caused

a) corrosion of reinforcement,
b) chemical reactions
c) weathering
d) swelling of concrete, and
e) impact

Timber Structures.  In timber structures deterioration is caused by:

a) corrosion and abrasion of hardware
b) borer attack,
c) decay, and
d) impact.

Preventive Measures in Design and Construction

Steel Structures   All parts that will be subject to corrosion should be accessible for
inspection and repair.  If not accessible, encase with concrete or provide some other long-
life, high-resistance type of coating.  Shapes shall be selected that have a minimum of
exposed surface. Detailing shall be designed so that accumulations of dirt and debris will
be avoided.  Avoid narrow crevices that cannot be painted or sealed.  Draw faying
surfaces into tight contact by use of closely spaced stitch rivets, bolts, or welds.  Prime
faying surfaces before assembly. In general, detailing framing to shed water is the single
most important factor in inhibiting corrosion and deterioration of coatings.  If the
potential for ponding is unavoidable, provide drain holes.  Drain holes shall be a
minimum of 4-inch (101.6 mm) in diameter to inhibit clogging. The use of sacrificial
metal shall be avoided in favor of using protective coatings.
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 The thickness of metal and section properties shall be determined from
consideration of loss of section as established in MIL-HDBK-1003/3, Steel Structures,
unless corrosion protection is provided. Typical average corrosion rates for bare carbon
steel are as follows:

Zone Average Corrosion
Rate (mills per year)

Imbedded Zone
0 to 15 ft

2

Erosion Zone
15 to 21 ft

10

Immersed Zone
21 to 29 ft

8

Atmospheric Zone
29 to 35 ft

12

The minimum thickness shall not be less than 0.40 inches (10.55mm). When the
required minimum thickness is excessive, corrosion protection using approved products
or cathodic protection shall be used. When coatings are used care must be exercised in
driving the piles to preclude damage to the coatings. Additionally consideration must be
given to abrasion of the piles by contact with fendering. Tips of all steel H piles having a
thickness of metal less than 0.5 inches (12.7mm) and driven to end-bearing on sound rock
by an impact hammer shall be reinforced.

Concrete Structures   Good quality is the important factor in obtaining a dense concrete.
This, in turn, is the most important factor in preventing penetration of moisture, which is
the primary cause of deterioration of concrete.  Do not use poorly graded aggregate, or a
water-cement ratio greater than 6 gal (22.71 1)/sack of cement, reduced to 5 gal (18.92
1)/sack of cement for thinner sections such as slabs and wherever clear cover over
reinforcement is 2 in. (50.8 mm) or less.  Watertight concrete can be obtained by using air
entrainment (maximum 6 percent by volume) and a water-cement ratio not greater than 5
gal/sack of cement.   Type III (high early strength) cement is excessively susceptible to
sulfate attack, and shall not be used.  In general, avoid the use of Type I cement in a
saltwater environment.  Type IX (sulfate-resistant) cement shall be used.  The use of Type
V (high sulfate-resistant) cement is seldom required.  Provision shall be made for an
adequate number of expansion joints.  Use types of expansion joints such as double bents
with movement taken up by bending of the piles or elastomeric pads  with some form of
joint sealer.  In tropical climates and in areas subject to salt spray, consider the use of
galvanized or plastic coated reinforcing bars.  If plastic coated bars are used, attention
should be given to bond stresses.  Excessively rich mixes, over 6 bags per yd3 (0.764
m3), shall be avoided, as excess cement tends to enhance the potential chemical reaction
with seawater.   For most aggregates, alkali-aggregate reaction can be prevented by
specifying maximum alkali content of the cement (percent Na20, plus 0.658 times percent
K20) not to exceed 0.60 percent.   In a surf zone, the concrete cover and streamline



3-100

sections shall be increased to prevent abrasion. Calcium chloride (as an accelerator) shall
not be used in prestressed concrete and concrete exposed to seawater.  The use of calcium
nitrite or other chemicals as a deterrent to corrosion of embedded reinforcing steel is not
an adequate substitute for good quality concrete and adequate cover. This is not to say
that these additives do not have merit; however, use of coated reinforcing bars may be
required. Timber jackets for concrete piles and stone facing for concrete seawalls work
extremely well to prevent deterioration due to corrosion of reinforcement, weathering,
and chemical attack.  They tend to isolate the concrete from chemical constituents in the
environment, insulate against freezing, and keep free oxygen from the reinforcing bars.

Reinforced concrete has been used as one of the major construction materials at
the waterfront. Since concrete is much weaker in tension, cracking would be expected to
occur when the tensile stresses in the concrete were exceeded, typically at numerical level
equal to about 10 percent of the maximum compressive stress.  Cracking is a normal
occurrence in concrete members under flexural load. When the concrete cracks the
section moment of inertia is reduced; generally the cracked moment of inertia is about 30
to 60 percent of the gross moment of inertia depending on the axial load level and
reinforcement content.  In a marine environment it is desirous to control the cracking to
prevent corrosion of the reinforcing steel.  Confining steel is used to increase concrete
strength, ductility and shear strength.  An initial prestress force is used in piles as a
mechanism for improving concrete performance by keeping the cracks closed. It has been
noted that crack widths of 0.007 to 0.009 inches are sufficiently small to preclude
deterioration of the reinforcement so an allowable crack width may be approximated at
about 0.01 inches. It is not possible to directly equate the crack width to an allowable
tensile strain since crack spacing is not known; however, corrosion has not been a
problem when reinforcing stress has been restricted to a tension of 17 ksi or less under
service loads. At concrete compressive strains below 0.0021 in/in the compression
concrete does not evidence damage and crack widths under cyclic load should be
acceptable. Occasional larger loads may be sustained without deterioration as long as a
permanent offset does not occur and  the prestress forces can close the cracks.
Reinforcement deterioration is most pronounced in the presence of oxygen such as in a
pier pile where the pile is freestanding out of water or in the splash zone.  At deep-water
depths or in soil, the oxygen content is reduced such that pile reinforcement deterioration
is less.  Large loads causing loss of the concrete cover result in loss of pile capacity and
facilitate deterioration; such conditions can be repaired if accessible by jackets around the
pile.  Loss of concrete cover may begin at displacement ductilities of about 1.5 to 2.0.

Timber Structures.  Timber structures shall conform to the following criteria:

a) Design detail shall minimize cutting, especially that which must be done after
treatment.

b) Design detail shall provide for ventilation around timbers. Avoid multiple layers
of timbers as decay is enhanced by moist conditions at facing surfaces.  Curb logs shall be
set up on blocks.  Walers shall be blocked out from face of pier.  Thin spacers between
chocks and wales, and gaps between deck and tread planks shall be provided.
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CHAPTER 4 EVALUATION OF HAZARDS ASSOCIATED WITH SOIL
LIQUEFACTION AND GROUND FAILURES

Soil Liquefaction Hazards

Introduction

Experience from past earthquakes demonstrates the vulnerability of waterfront structures
and lifelines to seismically induced ground deformations. In an extensive review of the seismic
performance of ports, Werner and Hung (1982) concluded that by far the most significant source
of earthquake damage to waterfront structures has been pore pressure build-up in loose to
medium-dense, saturated cohesionless soils that prevail in coastal and river environments. This
observation has been supported by the occurrence of liquefaction-induced damage at numerous
ports in the past decade (e.g., Seed et al. 1990; Chung, 1995; Mejia et al., 1995; Werner and
Dickenson, 1996). Components of marine facilities conspicuous for poor performance due to
earthquake-induced liquefaction include pile supported structures, sheet-pile retaining walls and
bulkheads, and gravity retaining walls founded on or backfilled with loose sandy soils. The
observed damage patterns commonly reflect the deleterious effects of (a) poor foundation soils
which may have marginal static stability and which also tend to amplify the strong ground
motions at these sites, and (b) the combination of high ground water levels and the existence of
very loose to medium dense, sandy backfill and foundation soils. Saturated, sandy soils are
susceptible to earthquake-induced liquefaction, a state wherein excess pore water pressures
generated in the soil result in a temporary reduction, or complete loss, of strength and stiffness of
the soil.

The liquefaction of a loose, saturated granular soil occurs when the cyclic shear
stresses/strains passing through the soil deposit induce a progressive increase in the pore water
pressure in excess of hydrostatic. During an earthquake the cyclic shear waves that propagate
upward from the underlying bedrock induce the tendency for the loose sand layer to decrease in
volume. If undrained conditions during the seismic disturbance are assumed, an increase in pore
water pressure and resulting decrease of equal magnitude in the effective confining stress is
required to keep the loose sand at constant volume. The degree of excess pore water pressure
generation is largely a function of the initial density of the sand layer and the magnitude and
duration of seismic shaking. In loose to medium dense sands pore pressures can be generated
which are equal in magnitude to the confining stress. At this state, no effective (or intergranular)
stress exists between the sand grains, and a complete loss of shear strength is temporarily
experienced. The potential for the development of large strain (or flow) behavior is controlled by
the initial relative density of the soil. The phenomena associated with the loss of strength of the
sandy soils (e.g.; loss of bearing capacity, lateral spread, increase in active lateral earth pressures
against retaining walls, loss of passive soil resistance below the dredge line and/or adjacent to
anchor systems, and excessive settlements and lateral soil movements) contribute to the
excessive deformations of waterfront structures. The large deformations associated with the
failure of waterfront retaining walls can result in damage to wharf and backland, adversely
affecting the operation of marine oil terminals.
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One pertinent example, Figure 4-1, is provided by the observations made at the U.S.
Naval Station at Treasure Island after the 1989 Loma Prieta earthquake. Inspection of the
acceleration record obtained at the Treasure Island Fire Station shows that at about 15 seconds
after the start of recording, the ground motion was subdued; this was probably caused by the
occurrence of subsurface liquefaction.  Liquefaction occurred after about 4 or 5 “cycles” of
shaking,  about 5 seconds of strong motion.  Sand boils were observed at numerous location and
bayward lateral spreading occurred with associated settlements.  Ground cracking was visible
with individual cracks as wide as 6 inches.  Overall lateral spreading of 1 foot was estimated.
Ground survey measurements indicate that settlements of  2 to 6 inches occurred variably across
the island and that some areas had as much as 10 to 12 inches of settlement.  The liquefaction
related deformations resulted in damage to several structures and numerous broken underground
utility lines, Egan (1991).

Damping = 5%

Surface
Rock

Figure 4-1: Soil Response at Treasure Island During the 1989
Loma Prieta Earthquake (After Seed et al., 1990)

Evaluation of Liquefaction Susceptibility

Experience from liquefaction-induced damage to structures and lifelines during past
earthquakes shows that liquefaction hazards can be broadly classified into three general modes:
(a) global instability and lateral spreading; (b) localized liquefaction hazard; and (c) failure or
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excessive deformation of walls and retaining structures. These liquefaction hazards may vary
dramatically in scale, and the extent of each of these potential soil failure modes must be
evaluated for projects in seismically active regions. The scope of the investigation required will
reflect the nature and complexity of the geologic site conditions, the economics of the project,
and the level of risk acceptable for the proposed structure or existing facility.

The evaluation of liquefaction hazard is generally performed in several stages that include:
(a) preliminary geological/geotechnical site evaluation; (b) quantitative evaluation of liquefaction
potential and its potential consequences; and, if necessary (c) development of mitigation and
foundation remediation programs. A generalized flow chart for the evaluation of liquefaction
hazards to pile supported structures is presented in Figure 4-2. This simplified chart is intended
to illustrate the basic procedures involved in evaluating potential liquefaction hazards and
developing mitigation programs.

Preliminary Site Investigation A preliminary site evaluation may involve establishing the
topography, stratigraphy, and location of the ground water table at the project site. These
geologic site evaluations must address the following three basic questions:

a) Are potentially liquefiable soil types present?

b) Are they saturated, and/or may they become saturated at some future date?

c) Are they of sufficient thickness and/or lateral extent as to pose potential risk with respect to
major lateral spreading, foundation bearing failure or related settlements, overall site
settlements, localized lateral ground movements, or localized ground displacements due to
“ground loss”?
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NO NO

Figure 4-2: A Flow Chart For The Evaluation Of Liquefaction
Hazards To Pile Supported Structures

The general geologic information, combined with ground motion data related to the
design-level seismic events, can be used to provide a preliminary indication of the potential
liquefaction susceptibility of soils at the site. This methodology has been developed by Youd and
his co-workers, and is described in a recent state-of-the-art paper on the mapping of earthquake-
induced liquefaction (Youd, 1991). In addition, California Department of Conservation, Division
of Mines and Geology has established guidelines for mapping areas which might be susceptible
to the occurrence of liquefaction. These zones establish where site-specific geotechnical
investigations must be conducted to assess liquefaction potential and, if required, provide the
technical basis to mitigate the liquefaction hazard.  The following is taken directly from their
criteria:



4-5

Liquefaction Hazard Zones are areas meeting one or more of the following
criteria:

1. Areas known to have experienced liquefaction during historic earthquakes.
Field studies following past earthquakes indicate liquefaction tends to recur at
many sites during successive earthquakes

2. All areas of uncompacted fills containing liquefaction susceptible material that
are saturated, nearly saturated, or may be expected to become saturated.

3. Areas where sufficient existing geotechnical data and analyses indicate that the
soils are potentially liquefiable. The vast majority of liquefaction hazard areas are
underlain by recently deposited sand and/or silty sand. These deposits are not
randomly distributed, but occur within a narrow range of sedimentary and
hydrologic environments. Geologic criteria for assessing these environments are
commonly used to delineate bounds of susceptibility zones evaluated from other
criteria, such as geotechnical analysis (Youd, 1991) . Ground water data should be
compiled from well  logs and geotechnical borings. Analysis of aerial photographs
of various vintages may delineate zones of flooding, sediment accumulation, or
evidence of historic liquefaction. The Quaternary geology should be mapped and
age estimates assigned based on ages reported in the literature, stratigraphic
relationships and soil profile descriptions. In many areas of Holocene and
Pleistocene deposition, geotechnical and hydrologic data are compiled.
Geotechnical investigation reports with Standard Penetration Test (SPT) and/or
Cone Penetration Test (CPT) and grain size distribution data can be used for
liquefaction resistance evaluations.

4. Areas where geotechnical data are insufficient.  The correlation of Seed et al.
(1985) , and the (N1)60 data can be used to assess liquefaction susceptibility. Since
geotechnical analyses are usually made using limited available data the
susceptibly zones should be delineated by use of geologic criteria. Geologic cross
sections, tied to boreholes and/or trenches, should be constructed for correlation
purposes. The units characterized by geotechnical analyses are correlated with
surface and subsurface units and extrapolated for the mapping project.

CDMG criteria uses the minimum level of seismic excitation for liquefaction hazard zones to be
that level defined by a magnitude  7.5-weighted peak ground surface acceleration  for UBC S2
soil conditions with a 10 percent probability of exceedance over a 50-year period.

In areas of limited or no geotechnical data, susceptibility zones are identified by CDMG
geologic criteria as follows:

(a) Areas containing soil deposits of late Holocene age (current river channels and
their historic floodplains, marshes and estuaries), where the magnitude  7.5-
weighted peak acceleration that has a 10 percent probability of being exceeded in
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50 years is greater than or equal to 0.10 g and the water table is less than 40 feet
below the ground surface; or

(b) Areas containing soil deposits of Holocene age (less than 11,000 years), where
the magnitude 7.5-weighted peak acceleration that has a 10 percent probability of
being exceeded in 50 years is greater than or equal to 0.20 g and the historic high
water table is less than or equal to 30 feet below the ground surface; or

(c) Areas containing soil deposits of latest Pleistocene age (between 11,000 years
and 15,000 years), where the magnitude 7.5-weighted peak acceleration that has a
10 percent probability of being exceeded in 50 years is greater than or equal to
0.30 g and the historic high water table is less than or equal to 20 feet below the
ground surface.

According to CDMG, the Quaternary geology may be taken from existing maps,  and hydrologic
data should be compiled. Application of this criteria permits development of liquefaction hazard
maps which definite regions requiring detailed investigation, allowing concentration of sampling
and testing in areas requiring most delineation.

Quantitative Evaluation of Liquefaction Resistance  If the results of the preliminary site
evaluation indicate that more in-depth studies are warranted, then additional geotechnical
characterization of the soils will be necessary. Guidelines for the analysis and mitigation of
liquefaction hazards have been presented by the CDMG (Special Publication No. 117). In the
context of a factor of safety, the occurrence of liquefaction can be thought of as the capacity of
the soil to resist the development of excess pore pressures versus the demand imposed by the
seismic ground motions. In practice, the quantitative evaluation of liquefaction resistance is
usually based on in-situ Standard Penetration Test (SPT) data (Seed and Idriss, 1982; Seed and
De Alba, 1986) and/or Cone Penetration Test (CPT) data (Robertson et al., 1992). The
liquefaction resistance of a sand is related to the penetration resistance obtained by either the SPT
(N in blows/30 cm (or foot)) or CPT (qc in kg/cm2 (or tsf)). The penetration values measured in
the field are corrected to account for confining stresses and normalized to obtain a value which
corresponds to the N-value that would be measured if the soil was under a vertical effective
stress of 1 kg/cm2 (1 tsf). Additional corrections may be required for SPT N-values depending on
the type of drive hammer and release system, length of drill stem, and other factors as outlined by
Seed and Harder (1990). The corrected N-value used in the liquefaction analysis is designated
(N1)60.

The earthquake-induced cyclic stresses in the soil can be estimated by (a) the simplified
evaluation procedure developed by Seed and Idriss (1982), or (b) performing a dynamic soil
response analysis. The Seed and Idriss technique yields an estimate of the ratio of the average
cyclic shear stress on a horizontal plane in the soil to the initial vertical effective stress on that
plane. Correlations of the penetration resistance of soils and cyclic stress ratio (CSR) at sites
which did or did not liquefy during recent earthquakes have been established for level ground
conditions. In practice, the cyclic stress ratio (CSR) required for the “triggering” of liquefaction
can be determined once the penetration resistance of the soil has been obtained by the use of
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liquefaction boundary curves, Figure 4-3). The cyclic stress ratio developed during an earthquake
is given by the equation:

( ) 0.65 a
g

r rav

v

v

v
d MSF

τ
σ

σ
σ′ ′

≈ ⋅ ⋅ ⋅ ⋅max

where τ av is the average cyclic shear stress, σv' is the vertical effective stress, σv is the total
vertical stress, amax is the maximum horizontal ground surface acceleration, g is the acceleration
of gravity, rd is a stress reduction factor which accounts for the fact that the soil column above
the soil element behaves as a deformable body, and rMSF is the magnitude scaling factor which is
used to convert the CSR required for liquefaction due to a magnitude 7.5 earthquake (the basis
for the boundary curves in Figure 4-3 to the magnitude of interest.

a) b)

Figure 4-3:Liquefaction Boundary Curves;
A) Seed Et Al., 1975, B) After Mitchell And Tseng, 1990

B) 
Several practical points should be noted regarding these plots:

a) The N-values used in the development of the relationship were obtained using an ASTM
standard sampler driven by a 64 kg (140 lb) weight falling 76 cm (30 in). In light of the
variety of soil samplers and driving mechanisms (e.g.; safety hammers, donut hammers, slip-
jars, etc.) commonly used in practice, the engineer should realize that correlations between N-
values obtained by various methods are tenuous at best. Appropriate caution should be
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exercised when interpreting potential liquefaction behavior based on N-values from non-
standard techniques.

b) The boundaries between liquefaction and non-liquefaction are based on case histories for the
surface-evidence of liquefaction. It is possible that sites classified as not exhibiting
liquefaction experienced the development of significant excess pore pressures that were not
manifested at the surface. The boundaries are therefore not intended to delimit the definitive
occurrence or nonoccurrence of liquefaction, but rather an approximate indication of whether
ground failures may be experienced.

c) The intensity of the ground motions are accounted for in the formulation of the CSR. The
number of load cycles is also an important parameter.  To represent the effects of the number
of cycles, a magnitude scaling factor has been included. Recent studies have served to
enhance the magnitude scaling factors originally derived by Seed and Idriss (1982). The
results of these studies are presented in Figure 4-4 and indicate that the current scaling factors
are overconservative at earthquake magnitudes less than roughly 7.0 (Arango, 1996).

d) This plot is appropriate for horizontal sites only. Approximate corrections can be made to the
cyclic stress ratio required to cause liquefaction (CSRl) for sloping sites (Seed and Harder,
1990).

Figure 4-4: Comparison of Earthquake Magnitude Scaling Factors from
Various Sources (Arango, 1996)

e) The methods for evaluating the liquefaction resistance of soils have been developed for free-
field conditions at horizontal sites where there are no static shear stresses on horizontal
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planes. This technique is applicable for sites of new construction, yet liquefaction hazard
studies may also be warranted for existing facilities. Foundation loads imposed by structures
(particularly around the perimeter of the foundation) induce static shear stresses on horizontal
planes in the soil. These additional stresses will affect the liquefaction susceptibility of the
soil, increasing the hazard in loose soils (relative density ≤ 40%) and potentially decreasing
the liquefaction susceptibility in medium dense and dense soils (relative density ≥ 50%). The
influence of foundation stresses on the liquefaction behavior of soils has been investigated by
Rollins and Seed (1990).

The simplified N-based method of liquefaction hazard evaluation has been shown to
provide reasonable estimates for the occurrence of liquefaction during numerous recent
earthquakes. This agreement with the field case histories has led to its widespread use in
engineering practice.

If the Seed and Idriss method clearly demonstrates the absence of liquefaction hazard,
then this investigation may be sufficient. However, if the occurrence of liquefaction is predicted,
additional seismic hazards should be addressed. These include:

 Hazards associated with lenses of liquefiable soil or by potentially liquefiable layers which
underlie resistant, nonliquefiable capping layers. In situations where few, thin lenses of
liquefiable soil are identified, the interlayering of liquefiable and resistant soils may serve to
minimize structural damage to light, ductile structures. It may be determined that “life safety”
and/or “serviceability” requirements may be met despite the existence of potentially
liquefiable layers. Ishihara (1985) developed an empirical relation which provides
approximate boundaries for liquefaction-induced surface damage for soil profiles consisting
of a liquefiable layer overlain by a resistant, or protective, surface layer, Figure 4-5. This
relation has been validated by Youd and Garris (1995) for earthquakes with magnitudes
between 5.3 and 8. In light of the heterogeneous nature of most soil deposits and the
uncertainties inherent in the estimation of ground motion parameters, it is recommended that
this method of evaluation be considered for noncritical structures only.

 The potential for lateral ground movements and the effects on foundations and buried
structures (Bartlett and Youd, 1995).

 The effects of changes in lateral earth pressures on retaining structures (Ebeling and
Morrison, 1993; Power et al., 1986).

 Estimated total and differential settlements at the ground surface due to liquefaction and
subsequent densification of the soils (Ishihara and Yoshimine, 1992; Tokimatsu and Seed,
1987).

Several of these liquefaction hazards are addressed in the following section.
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Figure 4-5: (A) Relationship between thickness of liquefiable layer and
thickness of overlying layer at sites for which surface manifestation of

liquefaction has been observed, and (B) guides to evaluation of respective
layer thicknesses (after Ishihara, 1985)

Post-Liquefaction Behavior of Sandy Soils

Post-Liquefaction Volume Change of Sandy Soils  The densification of partially-saturated or
saturated loose sandy soils due to cyclic loading can result in damaging differential settlement.
This phenomena was graphically demonstrated at Port Island (Port of Kobe) after the 1995
Hyogoken Nanbu earthquake where settlements over much of the island averaged 50 cm, with
maximum settlements of over 1 m in many places. Several methods have been developed for
estimating the magnitude of earthquake-induced settlements in sandy soils (e.g., Ishihara and
Yoshimine, 1992; Tokimatsu and Seed, 1987). A simple chart for estimating the volumetric
strain in sandy soils during earthquakes is shown in Figure 4-6..
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Figure 4-6: Post Volumetric Shear Strain for Clean Sands
(Ishihara and Yoshimine, 1992)

Post-Liquefaction Shear Strength In order to evaluate the stability of slopes and embankments,
waterfront retaining structures, and other structures underlain by liquefied soils, the strength of
the liquefied material must be estimated. Although the condition of initial liquefaction is often
defined as the state at which the effective stress (and therefore the shear strength) is equal to zero,
the soil will mobilize a residual shear strength if it undergoes large shear strains. In two recent
studies, the undrained shear strength of the liquefied sand has been back-calculated from a
number of documented slope failures (Seed and Harder, 1990; Stark and Mesri, 1992). These
reports describe methods for estimating the residual undrained shear strength of sands based on
the SPT penetration resistance of the soil prior to the earthquake, Figure 4-7. The undrained
strength values obtained from these relations are used in standard total stress stability analyses
equivalent to those commonly performed when evaluating the short term stability of
embankments or foundations on saturated clayey soils.
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Figure 4-7. Relationship between Undrained Critical Strength Ratio and
Equivalent Clean Sand Blow Count (Stark and Mesri, 1992)

Liquefaction-Induced Ground Failures The use of the Seed and Idriss method of evaluating
liquefaction hazard constitutes what may be termed a “triggering” analysis. This term is used to
indicate that the method identifies the CSR required for the surface manifestation of liquefaction.
Soils beneath slopes of as little as 0.2% may experience flow failures subsequent to the onset of
initial liquefaction. In order to evaluate the seismic performance of pile supported structures,
breakwaters, pipelines and other structures near slopes, it is necessary to estimate the lateral
deformation that is likely to occur during the design level earthquakes. Both empirical and
numerical techniques have been developed for this analysis. Youd and his co-workers have
developed simplified procedures for estimating the magnitude of lateral displacements based on
data from numerous case histories (Youd and Perkins, 1987; Bartlett and Youd, 1995). A
regression analysis of field data has resulted in the development of an equation for predicting the
lateral deformation for free-field sites (i.e., in the absence of piles and structures) on gentle
slopes or adjacent to free-faces such as stream banks or dredged channels.

The empirical techniques have been augmented by the results of several numerical studies.
The numerical studies are largely based on the “sliding block” technique (described in Section
4.6) wherein coherent blocks of soil are modeled as moving over a liquefied layer. In this case
the undrained residual (or “steady state”) strength will control the behavior of the soil mass. The
seismic stability of slopes underlain by potentially liquefiable soils can be assessed using
estimated values for the undrained shear strength of the sandy soils.

The transition from the static shear strength to the undrained residual strength requires
several cycles of loading, and it would be advantageous to account for this progressive strength
loss in ground response analyses. Also, the flow behavior of the soil and subsequent
reconsolidation should, theoretically, be modeled in analyses involving soil liquefaction. In light
of this stress-strain-strength behavior, the phenomena of liquefaction-induced ground failure is
complex, and the numerical models used for the evaluation of this hazard have relied on
simplifying assumptions. The sliding block method has been used in conjunction with residual
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undrained strengths for sands to predict the seismic performance of slopes and earth structures
(Baziar et al., 1992; Byrne et al., 1994).

Code Provisions and Factors Of Safety Against Liquefaction

In general building codes do not give extensive guidance for liquefaction apart for the
need for investigating a site for geologic hazards.  The AASHTO Standard Specification For
Highway Bridges (1992) suggests the factor of safety of 1.5 is desirable to establish a reasonable
measure of safety against liquefaction in cases of important bridge sites.  While not specifically
stated it is presumed that this is to be used in conjunction with their acceleration maps which
give a 10 percent probability of exceedance in 50 years. Similar recommendations have been
provided in the CDMG Guidelines for Evaluation and Mitigating Seismic Hazards in California
(1997). The geotechnical panel assembled for the preparation of the CDMG report recommended
that “If the screening investigation does not conclusively eliminate the possibility of liquefaction
hazards at a proposed project site (a factor of safety of 1.5 or greater), then more extensive
studies are necessary.”

Techniques for Mitigating Liquefaction Hazards

If hazard evaluations indicate that there are potentially liquefiable soils of such extent and
location that an unacceptable level of risk is presented, then soil improvement methods should be
considered for the mitigation of these hazards. Mitigation must provide suitable levels of
protection with regard to the three general types of liquefaction hazard previously noted: (a)
potential global translational site instability; (b) more localized problems; and (c) failure of
retaining structures.

Liquefaction remediation must address the specifics of the problem on a case by case
basis. These specifics include the local site conditions,  the type of structure, and the potential for
flows and settlements.  When liquefaction occurs, there can be a potential for extensive lateral
flow slides which can affect a large area, a global site instability. Also there can be local soil
settlements and bearing failures which affect a structure on a local level.  Specific types of
structures can have specific associated problems. Buried structures can become buoyant.
Retaining structures where the backfill has liquefied can experience increased lateral loading and
deformation.

Potentially suitable methods of mitigation may include the following: removal and
replacement, dewatering, in-situ soil improvement, containment or encapsulation structures,
modification of site geometry, deep foundations, structural systems and, if possible, alternate site
selection. In general, soil improvement methods reduce the liquefaction susceptibility of sandy
soils by increasing the relative density, providing conduits for the dissipation of excess pore
pressures generated during earthquakes, and/or providing a cohesive strength to the soil. The
effectiveness and economy of any method, or combination of methods, will depend on geologic
and hydrologic factors (e.g.; soil stratigraphy, degree of saturation, location of ground water
table, depth of improvement, volume of soil to be improved, etc.) as well as site factors (e.g.;
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accessibility, proximity to existing structures, etc.). An overview of the available liquefaction
remediation measures is provided in Table 4-1.

Significant advances have been made in the field of soil improvement over the past
several decades. These developments have been made on two fronts: (a) an increased
understanding of geotechnical hazards; and (b) the development of innovative construction
techniques by specialty contractors. Practical information which addresses recent advances in the
mitigation of liquefaction hazards to foundations can be found in numerous recent publications
(Borden et al., 1992; Hryciw, 1995; Kramer and Siddharthan, 1995). Several techniques of
improvement for liquefiable soils referenced in the geotechnical literature include: (a)
densification (e.g.; vibro-methods, dynamic compaction, deep blast

Table 4-1. Liquefaction Remediation Measures (after Ferritto, 1997B)

Method Principle
Most Suitable

Soil Conditions
or Types

Maximum
Effective

Treatment Depth

Relative
Costs

1) Vibratory Probe
a) Terraprobe
b) Vibrorods
c) Vibrowing

Densification by vibration;
liquefaction-induced settlement
and settlement in dry soil under
overburden to produce a higher
density.

Saturated or dry
clean sand; sand.

20 m routinely
(ineffective above 3-
4 m depth); > 30 m
sometimes;
vibrowing, 40 m.

Moderate

2) Vibrocompaction
a) Vibrofloat
b) Vibro-Composer

system.

Densification by vibration and
compaction of backfill material
of sand or gravel.

Cohesionless
soils with less
than 20% fines.

> 20 m Low to
moderate

3) Compaction Piles Densification by displacement of
pile volume and by vibration
during driving, increase in
lateral effective earth pressure.

Loose sandy soil;
partly saturated
clayey soil; loess.

> 20 m Moderate
to high

4) Heavy tamping
(dynamic
compaction)

Repeated application of high-
intensity impacts at surface.

Cohesionless
soils best, other
types can also be
improved.

30 m (possibly
deeper)

Low

5) Displacement
(compaction grout)

Highly viscous grout acts as
radial hydraulic jack when
pumped in under high pressure.

All soils. Unlimited Low to
moderate

6) Surcharge/buttress The weight of a
surcharge/buttress increases the
liquefaction resistance by
increasing the effective
confining pressures in the
foundation.

Can be placed on
any soil surface.

Dependent on size
of
surcharge/buttress

Moderate
if vertical
drains are
used

7) Drains
a) Gravel
b) Sand
c) Wick
d) Wells (for

permanent
dewatering)

Relief of excess pore water
pressure to prevent liquefaction.
(Wick drains have comparable
permeability to sand drains).
Primarily gravel drains;
sand/wick may supplement
gravel drain or relieve existing
excess pore water pressure.
Permanent dewatering with
pumps.

Sand, silt, clay. Gravel and sand >
30 m; depth limited
by vibratory
equipment; wick, >
45 m

Moderate
to high

8) Particulate
grouting

Penetration grouting-fill soil
pores with soil, cement, and/or
clay.

Medium to coarse
sand and gravel.

Unlimited Lowest of
grout
methods
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Method Principle
Most Suitable

Soil Conditions
or Types

Maximum
Effective

Treatment Depth

Relative
Costs

9) Chemical grouting Solutions of two or more
chemicals react in soil pores to
form a gel or a solid precipitate.

Medium silts and
coarser.

Unlimited High

10) Pressure injected
lime

Penetration grouting-fill soil
pores with lime

Medium to coarse
sand and gravel.

Unlimited Low

11) Electrokinetic
injection

Stabilizing chemical moved into
and fills soil pores by electro-
osmosis or colloids in to pores
by electrphoresis.

Saturated sands,
silts, silty clays.

Unknown Expensive

12) Jet grouting High-speed jets at depth
excavate, inject, and mix a
stabilizer with soil to form
columns or panels.

Sands, silts, clays. Unknown High

13) Mix-in-place piles
and walls

Lime, cement or asphalt
introduced through rotating
auger or special in-place mixer.

Sand, silts, clays,
all soft or loose
inorganic soils.

> 20 m (60 m
obtained in Japan)

High

14) Vibro-replacement
stone and sand
columns

a) Grouted
b) Not grouted

Hole jetted into fine-grained soil
and backfilled with densely
compacted gravel or sand hole
formed in cohesionless soils by
vibro techniques and compaction
of backfilled gravel or sand. For
grouted columns, voids filled
with a grout.

Sands, silts, clays. > 30 m (limited by
vibratory
equipment)

Moderate

15) Root piles, soil
nailing

Small-diameter inclusions used
to carry tension, shear,
compression.

All soils. Unknown Moderate
to high

16) Blasting Shock waves an vibrations cause
limited liquefaction,
displacement, remolding, and
settlement to higher density.

Saturated, clean
sand; partly
saturated sands
and silts after
flooding.

> 40 m Low

densification, compaction grouting, and compaction piles); (b) drainage to allow rapid
dissipation of excess pore pressures (e.g.; vibro-replacement and stone columns); and (c)
chemical modification/cementation (e.g.; permeation grouting, jet grouting, and deep mixing).
Additional possible methods of increasing the liquefaction resistance of soils include permanent
dewatering, and removal of loose soils and replacement at a suitable compactive effort.

The most common methods for remediation of liquefaction hazards at open, undeveloped
sites include (in order of increasing  cost): (a) deep dynamic compaction; (b) vibro-compaction;
(c) vibro-replacement, excavation and replacement; and (c) grouting methods. Each of these
techniques results in a significant displacement of soil. On projects involving foundation
remediation adjacent to existing structures or buried utilities, ground movements must be
minimized to avoid architectural and structural damage. Several projects with these constraints
have utilized grouting techniques to stabilize potentially liquefiable soils.

Several methods of densification have been used including vibroprobe, vibro-compaction,
dynamic compaction, compaction grouting, and compaction piles.  Substitution or replacement of
soil to improve drainage has been used including vibro-replacement and stone columns.
Techniques like stone columns achieve their effectiveness by replacing liquefiable cohesionless
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soils with stiffer columns of gravel and rock which improves strength and promotes drainage.
Cement grouting, jet grouting and deep mixing have been used as chemical means of
eliminating/reducing liquefaction potential. Surcharging a site increases liquefaction resistance
by increasing the effective confining pressures. Table 4 presents a summary of methods used for
remediation and their relative cost as reported by Professor Whitman (NRC 1985).  Navy
facilities on Treasure Island during the 1989 Loma Prieta earthquake can attest to the
effectiveness of remediation. Areas where remediation was done performed well while other
areas suffered settlements of 6 to 8 inches and lateral spreads.  Observation of damage during the
1995 Hyogoken Nanbu (Kobe) Earthquake again confirmed the performance of improved sites.
Preloading, sand drains, sand compaction piles, and vibro-compaction were shown to be
effective.

Method Vertical Settlement

Range
(cm)

Average
(cm)

Untreated 25 to 95 42
Preloading 15 to 60 30
Sand drains 0 to 40 15

Sand drains & preloading 0 to 25 12
Vibro-compaction 0 to 5 near 0

Sand compaction piles 0 to 5 near 0

Generally costs increase from dynamic compaction to vibro-compaction to replacement  The
measure of effectiveness of a remediation undertaking is the increase in minimum soil density
and specifications usually measure this by the improvement in penetration resistance or
laboratory testing. Engineering practice tends to be conservative and factors of safety from 1.5 to
2.0 against liquefaction are often specified.  These values may be harder to achieve at the
waterfront in regions of high seismicity.

The contract specifications for ground improvement must include a program for the
verification of soil improvement. Ground improvement specifications typically require that a
minimum soil density (as related to a penetration resistance) be achieved. A level of risk can be
assessed by the factor of safety against liquefaction -- which is defined as the ratio of the CSR
required for liquefaction of the improved soil to the CSR induced by the design earthquake.
Factors of safety between 1.5 and 2.0 are commonly specified for non-critical structures. It
should be noted that the penetration resistance of recently deposited, or modified, soils increases
with time after treatment. This phenomena, termed “aging” must be accounted for when
specifying the time between soil improvement and the in-situ verification testing. There is also
evidence that the SPT and CPT tests are not sufficiently sensitive to detect the minor changes in
soil fabric that can significantly increase the liquefaction resistance of the soil. This has led to the
incorporation of lab testing programs in addition to field tests for verification of soil
improvement for liquefaction hazards.
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There are currently very few references on the volume of soil that should be improved to
mitigate liquefaction hazards to structures (JPHRI, 1997; Dickenson and McCullough, 1998). At
horizontal sites, general recommendations for buildings and pile-supported structures may call
for soil improvement to the base of the liquefiable deposit (or to a maximum depth of 15 to 18
meters) and over a lateral extent equal to the thickness of the layer, plus an additional increment
based on judgment. The uncertainty associated with general recommendations like these is
compounded for sloping sites and areas adjacent to waterfront retaining structures. In these
situations, the volume of soil that may be involved in a lateral spread is difficult to ascertain,
therefore existing recommendations tend to be very conservative. Based on shake table tests, Iai
(1992) has proposed tentative guidelines for the extent of soil improvement required to mitigate
liquefaction hazards behind caissons. These recommendations have been incorporated into the
guidelines for soil improvement adjacent to waterfront retaining structures developed by the
Japan Port and Harbor Research Institute (JPHRI, 1997). Several examples for soil improvement
adjacent to waterfront retaining structures are contained in Figure 4-8.

Very few case studies exist for the seismic performance of improved soil sites. The
effectiveness of the soil improvement at limiting deformations adjacent to foundations and
retaining structures will be a function of the strength and duration of shaking. In only a limited
number of cases have the improved sites been subjected to design-level ground motions. The
cases that have been documented demonstrate a substantial reduction in liquefaction-induced
ground failures and ground deformations due to the ground treatment (e.g., Iai et al., 1994;
Ohsaki, 1970; Mitchell et al., 1995; Yasuda et al., 1996). However, as noted in several of these
papers, the ground deformations were not reduced to imperceptible levels. This observation is
especially germane when establishing allowable deformation limits for waterfront retaining
structures, where adjacent gantry cranes and other sensitive components may be damaged by
lateral movements of the walls. In several cases (e.g., flexible retaining structures such as
anchored sheet pile bulkheads and cellular sheet pile bulkheads), these structures may deform
when subjected to strong ground motions despite the utilization of ground treatment. In cases
such as this, the ground treatment would serve to preclude catastrophic failure of the retaining
structures.
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Figure 4-8. Examples of Soil Improvement for Waterfront Retaining
Structures (PHRI, 1997)

One particularly relevant case study involving the waterfront retaining structures at the
Kushiro Port in Japan has been documented by Iai and his co-workers at the Port and Harbour
Research Institute (Iai et al., 1994). Kushiro Port is located on the east coast of the island of
Hokkaido, a region that is prone to large subduction zone earthquakes. Prior to 1993, the port had
been subjected to at least two damaging earthquakes (the MJMA 8.1 1952 Tokachi-Oki
Earthquake and the MJMA 7.4 1973 Nemuro-Hanto-Oki Earthquake) and these experiences
appear to have influenced the seismic design criteria subsequently adopted at the port. In the
older portions of the port, the sandy backfill soil adjacent to retaining structures had been left in
its original loose state while, the in the newer sections of the port (constructed as late as 1992), a
soil improvement program was implemented to reduce the liquefaction susceptibility of the fills
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near retaining walls. The remediation project called for the use of various types and degrees of
soil improvement in the waterfront. In 1993, the port was subjected to strong ground motions
generated during the MJMA 7.8 Kushiro-Oki Earthquake. It is significant to note that while the
waterfront areas at which soil improvement was implemented performed successfully, thereby
allowing the port to continue operation immediately after the earthquake, the waterfront retaining
structures founded in loose soils experienced dramatic liquefaction-induced failures.

Slope Instability Hazards

Introduction

Sloping ground conditions exist throughout ports as natural and engineered embankments
(e.g., river levees, sand or rock dikes, etc., and dredged channel slopes). On-shore and submarine
slopes at ports have been found to be vulnerable to earthquake induced deformations. High water
levels and weak foundation soils common at most ports can result in slopes which have marginal
static stability and which are very susceptible to earthquake induced failures. In addition to
waterfront slopes, several recent cases involving failures of steep, natural slopes along marine
terraces located in backland areas have resulted in damage to coastal ports. Large scale
deformations of these slopes can impede shipping and damage adjacent foundations and buried
structures thereby limiting port operations following earthquakes.

The most commonly used methods for analysis of slope stability under both static and
dynamic conditions are based on standard rigid body mechanics and limit equilibrium concepts
that are familiar to most engineers. The development and application of these techniques are
introduced in most geotechnical engineering textbooks and in numerous design manuals.
Therefore, they will not be described here. Instead, this section will introduce the strengths and
limitations of these analysis techniques as applied at port facilities.

Pseudostatic Methods of Analysis

Standard, limit equilibrium methods for analyzing the static stability of slopes are
routinely used in engineering practice. The use of these design tools have several advantages in
practice: (a) the techniques are familiar to most engineers; (b) requisite input includes standard
geotechnical parameters that are obtained during routine foundation investigations; and (c) the
methods have been coded in very straightforward, efficient computer programs that allow for
sensitivity studies to be made of various design options.

For use in determining the seismic stability of slopes, limit equilibrium analyses are
modified slightly with the addition of a permanent lateral body force which is the product of a
seismic coefficient and the mass of the soil bounded by the potential slip. The seismic coefficient
(usually designated as kh, Nh) is specified as a fraction of the peak horizontal acceleration, due to
the fact that the lateral inertial force is applied for only a short time interval during transient
earthquake loading. Seismic coefficients are commonly specified as roughly 1/3 to 1/2 of the peak
horizontal acceleration value (Seed, 1979; Marcuson, et al., 1992).
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In most cases involving soils which do not exhibit considerable strength loss after the
peak strength has been mobilized, common pseudostatic rigid body methods of evaluation will
generally suffice for evaluating the stability of slopes. These methods of evaluation are well
established in the technical literature (Kramer, 1996). Although these methods are useful for
indicating an approximate level of seismic stability in terms of a factor of safety against failure,
they suffer from several potentially important limitations. The primary disadvantages of
pseudostatic methods include: (a) they do not indicate the range of slope deformations that may
be associated with various factors of safety; (b) the influence of excess pore pressure generation
on the strength of the soils is incorporated in only a very simplified, “decoupled” manner; (c)
progressive deformations that may result due to cyclic loading at stresses less than those required
to reduce specific factors of safety to unity are not modeled; (d) strain softening behavior for
liquefiable soils or sensitive clays is not directly accounted for; and (e) important aspects of soil-
structure interaction are not evaluated.

Limited Deformation Analysis

In most applications involving waterfront slopes and embankments, it is necessary to
estimate the permanent slope deformations that may occur in response to the cyclic loading.
Allowable deformation limits for slopes will reflect the sensitivity of adjacent structures,
foundations and other facilities to these soil movements. Enhancements to traditional
pseudostatic limit equilibrium methods of embankment analysis have been developed to estimate
embankment deformations for soils which do not lose appreciable strength during earthquake
shaking (Ambraseys and Menu, 1988; Makdisi and Seed, 1978; Jibson, 1993).

Rigid body, “sliding block” analyses, which assume the that soil behaves as a rigid,
perfectly plastic material, can be used to estimate limited earthquake-induced deformations. The
technique, developed by Newmark (1965) and schematically illustrated in Figure 4-9, is based on
simple limit equilibrium stability analysis for determining the critical, or yield, acceleration
which is required to bring the factor of safety against sliding for a specified block of soil to unity.
The second step involves the introduction of an acceleration time history. When the ground
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a) b)

Figure 4-9. Elements of Sliding Block Analysis, A) Hynes-Griffin and
Franklin, 1984, B) after Wilson and Keefer, 1985

motion acceleration exceeds the critical acceleration (acrit, ay) the block begins to move down
slope. By double integrating the area of the acceleration time history that exceeds acrit, the relative
displacement of the block is determined. A simple spreadsheet routine can be used to perform
this calculation (Jibson, 1993). Numerical studies based on this method of analysis have lead to
the development of useful relationships between ground motion intensity and the seismically-
induced deformations (e.g. Ambraseys and Menu, 1988; Makdisi and Seed, 1978; Jibson, 1993).
The relationship proposed by Makdisi and Seed is shown in Figure 4-10.

The amount of permanent displacement depends  on the maximum magnitude and
duration of the earthquake.  The ratio of maximum acceleration to yield acceleration of  2.0 will
result in block displacements of the order of a few inches for a magnitude 6 1/2 earthquake and
several feet for a magnitude 8 earthquake. It should be noted that significant pore pressure
increases may be induced by earthquake loading in saturated silts and sands. For these soils a
potential exists for a significant strength loss. For dense saturated sand, significant undrained
shear strength can still be mobilized even when residual pore pressure is high. For loose sands,
the residual undrained strength which can be mobilized after high pore pressure build-up is very
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low and is often less than the static undrained shear strength.  This may result in  flow slides or
large ground deformations.

Given that the sliding block analyses are based on limit equilibrium techniques, they
suffer from many of the same deficiencies previously noted for pseudostatic analyses. One of the
primary limitations with respect to their application for submarine slopes in weak

Figure 4-10.  Empirical Relationships between Permanent Displacement of
sliding Block and ratios of accelerations (after Makdisi and Seed, 1978)

soils is that strain softening behavior is not directly accounted incorporated in the analysis. The
sliding block methods have, however, been applied for liquefiable soils by using the post-
liquefaction undrained strengths for sandy soils. A recent method proposed by Byrne et al. (1994)
has been developed for contractive, collapsible soils which are prone to liquefaction.

Advanced Numerical Modeling of Slopes

In situations where the movement of a slop impacts adjacent structures, such as pile
supported structures embedded in dikes, buried lifelines and other soil-structure interaction
problems, it is becoming more common to rely on numerical modeling methods to estimate the
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range of slope deformations which may be induced by design level ground motions (Finn, 1990).
The numerical models used for soil-structure interaction problems can be broadly classified
based on the techniques that are used to account for the deformations of both the soil and the
affected structural element. In many cases the movement of the soil is first computed, then the
response of the structure to these deformations is determined. This type of analysis is termed
uncoupled, in that the computed soil deformations are not affected by the existence of embedded
structural components.  A common enhancement to this type of uncoupled analysis includes the
introduction of an iterative solution scheme which modifies the soil deformations based on the
response of the structure so that compatible strains are computed. An example of this type of
analysis is drag loading on piles due to lateral spreading. In an uncoupled analysis the ground
deformations would be estimated using either an empirical relationship (e.g. Bartlett and Youd
1995) or a sliding block type evaluation (e.g. Byrne et al., 1994) as discussed in Section 0 and 0.
Once the pattern of ground deformations has been established a model such as LPILE (Reese and
Wang, 1994) can be used to determine the loads in the deformed piles. In addition, modifications
can be made to the p-y curves to account for the reduced stiffness of the liquefied soil (O’Rourke
and Meyerson, 1994). The lateral spread displacement is forced onto the p-y spring (i.e., drag
loading).

In a coupled type of numerical analysis the deformations of the soil and structural
elements are solved concurrently. Two-dimensional numerical models such as FLUSH (Lysmer
et al., 1975), FLAC (Itasca, 1995), DYSAC2 (Muraleetharan et al., 1988), and LINOS (Bardet,
1990) have been used to model the seismic performance of waterfront components at ports (e.g.,
Finn, 1990; Roth et al., 1992; Werner, 1986; Wittkop, 1994). The primary differences in these
numerical analyses include; (a) the numerical formulation employed (e.g., FEM, FDM, BEM),
(b) the constitutive model used for the soils, and (c) the ability to model large, permanent
deformations. Each of the methods listed have been useful in evaluating various aspects of
dynamic soil-structure interaction.

Advanced numerical modeling techniques are recommended for soil-structure interaction
applications, such as estimating permanent displacements of slopes and embankments with pile
supported wharves. The primary advantages of these models include: (a) complex embankment
geometries can be evaluated, (b) sensitivity studies can be made to determine the influence of
various parameters on the seismic stability of the structure, (c) dynamic soil behavior is much
more realistically reproduced, (d) coupled analyses which allow for such factors as excess pore
pressure generation in contractive soils during ground shaking and the associated reduction of
soil stiffness and strength can be used, (e) soil-structure interaction and permanent deformations
can be evaluated. Disadvantages of the numerical analyses methods include: (a) the engineering
time required to construct the numerical model can be extensive, (b) numerous soil parameters
are often required, thereby increasing laboratory testing costs (the number of soil properties
required is a function of the constitutive soil model employed in the model), (c) very few of the
available models have been validated with well documented case studies of the seismic
performance of actual retaining structures, therefore the level of uncertainty in the analysis is
often unknown.

Mitigation of Seismic Hazards Associated with Slope Stability
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Remedial strategies for improving the stability of slopes have been well developed for
both onshore and submarine slopes. Common techniques for stabilizing slopes include: (a)
modifying the geometry of the slope; (b) utilization of berms; (c) soil replacement (key trenches
with engineered fill); (d) soil improvement; and (e) structural techniques such as the installation
of piles adjacent to the toe of the slope. Constraints imposed by existing structures and facilities,
and shipping access will often dictate which of the methods, or combinations of methods, are
used.
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CHAPTER 5 SUPPORTING LIFELINES

Lifelines are key facilities and utility systems which are vital to the operation of a
terminal.  They include fire detection and suppression, electric power, gas and liquid
fuels, telecommunications, transportation and water supply and sewers.  The following
explains the development of the proposed design criteria and gives current  procedures
and all relevant codes.   Observed damage from previous earthquakes was analyzed to
develop failure modes, from which a design criteria was produced.

Potential problems facing a terminal after an earthquake are building structural
failures, damage to waterfront retaining structures, tank failures, crane failures, utilities
disruption and hazardous materials spills.  Typical lifeline problems involve above
ground and underground pipeline breaks from soil movement, collapse of pipelines
caused by failed supports,  shifting of tanks on their foundations, and buckling of tanks.
Related factors  which add to the complexity of recovery are the dislodging of asbestos
or encapsulated asbestos insulation; industrial equipment damage caused by sliding or
overturning, or internal failures;  falling containers of hazardous materials which may
rupture and impede recovery.  Other factors can complicate the ability to respond to
these releases, including: lack of water for washing down spills, disruption in
communication,  closure of roads, and lack of transportation access routes.

While guidance can only be given in a general form since specific circumstances
control each case, the Resource Conservation and Recovery Act as a public law
establishes mandates concerning the pollution of the environment and as such has direct
relevance to this criteria. It sets a high seismic design level at which municipal waste
facilities are to function to preclude contamination of the environment.  This law
requires that we place a high value on ground water and preclude contamination.  As
such this is probably the controlling relevant guidance for non-nuclear polluting or
hazardous materials.

Essential Vs. Ordinary Construction

When considering a facility supporting an essential function, it is critical that the
facility be considered as a system. It is not sufficient to consider a facility simply as a
building structure, but rather it is required to consider all the elements required to
accomplish the mission to be accomplished in that structure. This usually includes
requirements for fire detection and suppression, electrical power, mechanical systems,
water and sewer, communications, road access etc.

Seismic Codes Related To Lifelines

Current seismic codes when viewed as an ensemble, form a basis for
understanding the state-of-the-art of risk quantification and the engineering profession’s
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determination of prudent action.  This section summarizes a number of seismic
standards. DOE procedures and The Resource Conservation and Recovery Act (40 CFR
248 -USEPA 1991) both directly consider hazardous materials.1

1994 Uniform Building Code- The building code has been one of the origins for  lifeline
design under the category of non-building structures. The pseudostatic approach
calculates an equivalent lateral force, V as;

V = [ ( ZIC) / Rw ]* W

C = 1.25 S / T 2/3

where

T Structural period < 2.75 seconds
Z Zone factor
I Importance factor = 1.0 to 1.25
S Soil factor
Rw Response modification factor or ductility factor

The Z factor represents the design earthquake ground acceleration according to the zone
in which the structure is located and has a 10 percent probability of exceedance in 50
years.  This is nominally a 500 year event or an event with an annual probability of
exceedance of  2 x 10 -3 .  This design load is modified by the other factors of the
equation; performance  drift  limits are used. The importance factor is used to increase the
design load for important structures; however, the 1.25 is not large enough to produce
elastic response under a severe earthquake. Wen et al (1994) notes that “this small range
(in I) is hard to justify since the uncertainty in the seismic excitation is generally so large
that the different reliability levels required of the structure would lead to a much larger
range of the structural resistance. To determine the importance factor rationally and
qualitatively, a calibration of this value needs to be performed according to the
performance goal required of the structure in terms of acceptable risks of limit states.”
The C factor is a function of the site soil conditions and the fundamental period of the
structure.

The Rw  factor allows for ductility in typical building structures and is also used
for non-building elements. For non-buildings UBC Table 16-Q specifies Rw   such as 3.0
for tanks.  The ratio of C/ Rw   shall  not be less than 0.5  The provisions call for
computation of the lateral force of the tank using the entire weight of the tank and its
contents. A response spectra approach allowing for inertial effects of the contents is
permitted.

Lateral force on elements and components shall be designed for:
                    
1 The following sections contain various code provisions. The nomenclature and notation of the original
reference was kept the same and is not necessarily consistent among references.
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Fp = Z I Cp Wp

where Cp  is specified in Table 16-O  for elements such as tanks, racks, anchorage,
plumbing etc. and Wp  is the weight of the element. Rigid elements are designed for 0.5 of
their weight times the  Z and I factors.

For equipment in facilities drift must be checked. Drift limits are specified in
terms of the interstory displacement divided by story height, d,  as:

d = 0.03/Rw  and  <   0.004

Wen et al (1994) notes the drift is about 1.5 percent independent of the response
modification factor. This is not consistent with a reliability based approach.

1997 Uniform Building Code – The 1997 Uniform Building Code is a transitional code
going from the 1994 UBC to a national building code based on the NEHRP guidelines
expected in the year 2000. Section 1632 present equations for calculating horizontal
forces on nonstructural components and equipment.

1992 - 1995 NEHRP Provisions- The National Earthquake Hazard Reduction Program
(NEHRP) has been used in waterfront design. The design earthquake is established as 10
percent chance of exceedance in 50 years which may result in both structural and non-
structural damage which is expected to be repairable. For larger motions the intent is to
preclude collapse. Peak ground acceleration maps are provided.  The 1992 provisions
computed seismic shear as:

V = Cs   W

Cs  = (1.2 Av S ) / ( R T 2/3)

but            Cs = <  (2.5 Aa ) /R

where Aa  and Av are defined as effective peak acceleration and effective peak velocity-
related acceleration.  R is the response modification factor similar to the UBC but with
different values.  The 1994 provisions modified the equation by introducing
amplification factors,  Fa  and Fv,  and  redefined the soil types into six groups:

Cs  = (1.2 Av Fv ) / ( R T 2/3)

but         Cs = <  (2.5 Aa Fa) /R

The 1995 NEHRP soil site classes which establish values for Fa  and Fv  are defined as:
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A) Hard rock with measured shear wave velocity, vs > 5,000 ft/sec (1,500
m/s)

B)  Rock with 2,500 ft/sec < vs  <  5,000 ft/sec (760 m/s < vs  < 1500 rn/s)

C) Very dense soil and soft rock with 1,200 ft/sec <  vs < 2,500 ft/sec
 360 m/s < vs 760 rn/s) or with either N > 50 or  su     2,000 psf (100 kPa)
 where N is average blow count SPT and su is average undrained shear

strength

D)Stiff soil with 600 ft/sec < vs    < 1,200 ft/sec (180 rn/S  < vs < 360 rn/s)
       or with either 15< N < 50 or 1,000 psf  < su <  2,000 psf (50 kPa < su <

100 kPa)

E) A soil profile with vs   < 600 ft/sec (180 m/s) or any profile with more than
10 ft

      (3 m) of soft clay defined as soil with PI > 20, w > 40 percent, and  Su   <
500 psf (25 kPa)

F)  Soils requiring site-specific evaluations:

1.Soils vulnerable to potential failure or collapse under seismic loading such
as

liquefiable soils, quick and highly sensitive clays, collapsible weakly
cemented     soils.

2. Peats and/or highly organic clays (H > 10 ft (3 rn) of peat and/or highly
organic

clay where H = thickness of soil)

3.Very high plasticity clays (H > 25 ft (8 m) with PI > 75)

4.Very thick soft/medium stiff clays, H> 120 ft (36 m)

EXCEPTION: When the soil properties are not known in sufficient detail to
determine the Soil Profile Type, Type D shall be used. Soil Profile Types E or F
need not be assumed unless the regulatory agency determines that Types E or F
may be present at the site or in the event that Types E or F are established by
geotechnical data.

The 1995 NEHRP provides the following steps for classifying a site.
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Step 1: Check for the four categories of Soil Profile Type F requiring site-specific
evaluation. If the site corresponds to any of these categories, classify the site
as Soil Profile Type F and conduct a site-specific evaluation.

Step 2: Check for the existence of a total thickness of soft clay > 10 ft (3 m) where a
soft clay layer is defined by:  Su  < 500 psf (25 kPa),  w   >   40 percent, and
PI  >  20. If these criteria are satisfied, classify the site as Soil Profile Type
E.

Step 3: Categorize the site using one of the following three methods with vs,  N,  and
su

a. vs for the top 100 ft (30 m)

b. N for the top 100 ft (30 m)

c. Nch for cohesionless soil layers (PI < 20) in the top 100 ft (30 m) and
average
su for cohesive soil layers (PI > 20) in the top 100 ft (30 m) where Nch

             is average blowcount for cohesionless layers from SPT

The NEHRP provisions found in FEMA 223A  Section 3.3.9 discusses storage
tanks and allows either the AWWA or the API procedures. It specifies that pipe
connections to steel storage tanks provide for 2 inches of vertical displacement for
anchored tanks and 12 inches for unanchored tanks. It further specifies piping systems to
be made of ductile materials; design  strengths for service load combinations may be 90
percent of yield strength for ductile steel, aluminum, or copper, 70 percent of yield
strength for threaded pipe made from ductile material  and 25 percent of minimum tensile
strength for plastic pipe. Threaded connections in piping constructed of nonductile
materials shall not more than 20 of minimum specified tensile strength.  Section 3.1.3
defines seismic force levels for tanks and piping.

1997 NEHRP/FEMA 273 - FEMA 273, ‘NEHRP Guidelines for the Seismic
Rehabilitation of Buildings” defines basic safety objectives by two earthquake levels, 10
percent probability of exceedance in 50 years and 2 percent probability of exceedance in
50 years. The first level treats life safety while the second addresses collapse prevention.
Chapter 11 discusses nonstructural elements. The chapter presents two approaches for
nonstructural rehabilitation. The first is a prescriptive procedure where published
standards are used. The second procedure is an analytical procedure horizontal
component forces are computed based on the spectra level, performance objective and
component weight.

1997 NEHRP/FEMA 302 – FEMA 302 addresses design of new buildings and further
develops the previous work. A set of maps are used to determine ground motion
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parameters, which are adjusted based on soil classes discussed above. The ground motion
is taken as two-thirds of the 2500 year maximum considered earthquake. Response
modification factors, R, system overstrength factor, Ω o, and deflection amplification factor
Cd are used. The  basic form of the base shear equation is:

V = Cs W

where

Cs = SDS / ( R/I)

where

I  The occupancy importance factor
R The response modification factor

The determination of horizontal forces on nonstructural elements and equipment is
essentially the same as in FEMA 273.

DOE Criteria -The Department of Energy (DOE) guidelines define four  classes of
structure, General Use,  Important / Low Hazard,  Moderate Hazard, and High Hazard.
The later two classes refer to nuclear facilities. This work establishes a risk acceptability
criteria which has direct correlation to the containment of hazardous materials and
lifelines.  General Use facilities are typical ordinary structures to be designed by current
code provisions.  Important / Low Hazard facilities would include laboratories, computer
centers, hazard recovery facilities and other facilities with a building code importance
factor of 1.25.  Moderate Hazard facilities include facilities where confinement of
contents is necessary to protect personnel including the handling of radioactive and toxic
materials. High Hazard facilities include facilities where confinement of contents is
necessary for public and environmental protection such as nuclear facilities; these
facilities represent hazards with potential long term and widespread effects.
Specification of the design earthquake is established in terms of the annual probability of
exceedance starting at a value similar to the UBC value and decreasing with class of
structure. The annual probabilities of exceedance values expressed as earthquake nominal
return times  used for the  four classes of structure are:

Structure Class Earthquake
Return Time (years)

Annual Exceedance
Probability

General Use 500 2 x 10 -3

Low Hazard 1000 1 x 10 -3

Moderate Hazard 1000 1 x 10 -3

High Hazard 5000 2 x 10 -4
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The DOE guidelines define the performance goals of each class of structure. Associated
with each performance goal is a probability of the structural system meeting that goal.
The following table shows that relationship.

Structure Class Performance
Goal

Probability of
failure to meet

goal
General Use Occupant Safety

Prevent major structural damage/collapse
Code provisions

0.5

Low Hazard Continued Operation
Capacity to function, occupant safety,

relatively minor structural damage

0.5

Moderate Hazard Continued Functionality
Hazard Confinement

Limited damage to insure containment of
hazardous materials

0.1

High Hazard Continued Functionality
Hazard Confinement

Limited damage to insure containment of
hazardous materials

0.05

By combining the earthquake probability of occurrence and the probability of exceedance
of failure shown above the annual probability of failure can be calculated and is shown
below. These values range from 0.001 for general use structures in which the measure of
performance is probability of collapse to 0.00001 for high hazard facilities in which the
measure of performance is failure of containment of the high hazard. The goals and
probabilities are:

Structure Class Performance
Goal

Annual Exceedance
Probability of Failure

General Use Occupant Safety 1 x 10 -3

Low Hazard Continued Operation 5 x 10 -4

Moderate Hazard Continued Functionality
Hazard Confinement

1 x 10 -4

High Hazard Continued Functionality
Hazard Confinement

1 x 10 -5
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This data is thought to be a significant statement on the general acceptability of seismic
risk and as such has direct bearing on establishing guidance for comparable operations
associated with oil terminal facilities.

Navy Criteria- The Navy uses NAVFAC P355 for the design of buildings and
associated details. Provisions are included in this reference for design of lifeline supports
and equipment using 1990 SEAOC lateral force criteria.  Chapter 11 presents a
procedure for designing architectural elements. Chapter 12 addresses mechanical and
electrical component anchorage while Chapter 13 deals with non-buildings and
addresses tank design criteria. Chapter 14  gives an overview of utility systems and pipe
details.  The NAVFAC P355 (1992) does not reflect the most recent UBC and NEHRP
provisions and is undergoing revision to conform to NEHRP.

The general lateral base shear applied to a structure is the product of the structure
weight , a zone coefficient, an importance coefficient, and a site factor composed of soil
type and structure period,  all divided by a ductility factor based on the type of lateral
force resisting system.  The pseudostatic load is distributed along the height of the
structure and resulting stresses and overturning moments determined. Combinations of
dead load, live load and other loads are used and orthogonal horizontal loads are
combined to produce a total. Drifts are checked. Allowable stress design is used with
adjustment factors.

The general, code anchorage force to be applied to a structure  for relatively
small elements of equipment within a building is specified as the product of the
equipment weight, a zone factor, an importance factor, and a factor describing the type
of element. The element is limited to less than 10 percent of the total weight of the
structure or to 20 percent of the floor weight at the element level. Drift limitations can
apply. For self-supported equipment on the ground, the value of  FP may be reduced by
2/3.  Large elements are designed as non-buildings using the provisions of Chapter 13.
Pipes containing hazardous materials within a building require special provisions for
flexibility such as, flexible couplings, expansion joints, and spreaders.

40 CFR 248 -USEPA 1991 The Resource Conservation and Recovery Act -  This
public law specifies the design requirements for municipal solid waste landfills
(MSWLF).  There is major concern that these dumps can pollute the ground water.  The
law states “new MSWLF units and lateral expansions shall not be located in seismic
impact zones unless... all containment structures, including liners, lechate collection
systems and surface control systems are designed to resist the maximum horizontal
acceleration in lithified earth material for the site”  The law mandates that a composite
liner composed of a geomembrane and 2 feet of low permeability soil be used. The
maximum acceleration is defined as emanating from a seismic event with a 90 percent
chance of not being exceeded in 250 years; this is nominally a 2500 year return time
event.  Design criteria is given for allowable concentrations of toxic chemicals and
acceptable values of hydraulic conductivity.
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This legislation is a significant statement which establishes defined risk limits for
seismic pollution of the environment and as such is applicable to comparable oil terminal
facilities.

American Water Works Association D100, D103, D110 Standards.  These standards
describe the design of bolted and welded steel tanks and prestressed concrete tanks.
Structures to be designed for Seismic Zones 1, 2 or 3 may be designed for a fixed
percentage weight of 2.5 percent, 5 percent and 10 percent respectively.  Elevated tanks
are design using:

V = Z KC SW

where

C T= 1 15/ ( )

Specific values for K are given.

Tanks on the ground in Seismic Zone 4 require a pseudostatic design but allow for
a response spectra. The horizontal base shear is given by:

V = Z I K S{C1 (Ws  + Wr  + Wl  )  + C2 W2  }

and the overturning moment is given by:

M = Z I K S{C1 (Ws Xs + Wr Ht + Wl X1)  + C2 W2 X2 }

Where

C1  Factor based on natural period
C2 Factor based on natural period
Ht Total height of tank shell
I Importance factor
K Structure coefficient depends on type and anchorage
S Soil factor
Wr Weight of effective mass of tank roof
Ws Weight of effective mass of tank wall
Wl Weight of effective mass of tank contents moving with tank shell
W2 Weight of effective mass of first mode tank sloshing
Xs Height from bottom of tank shell to cg of shell
X1 Height from bottom of tank shell to centroid of lateral force applied to W1

X2  Height from bottom of tank shell to centroid of lateral force applied to W2

Z Zone factor
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The bolted steel tank standard uses an SC1 value of 0.14.  The fundamental period of the
tank is prescribed by equation and varies depending on the particular standard and tank
type. A fundamental period for the sloshing mode is also computed. The K value varies
with the type of tank and whether it is anchored or not. Unanchored tanks have higher K
values.

Response spectra values can be substituted for equation values. The approach
considers that the loading consists of components at the tank fundamental frequency and
also components at the sloshing frequency.  Response spectra values based on a tank
period can be substituted for ZIKSC1 .  Additionally, sloshing period values can be
substituted for  ZIKSC2.  Vertical force components can be included in the computation.
The designer has the option to compute the resultant separately or in conjunction with
horizontal forces.  Tank wall stresses are computed from overturning moments and
compared with allowable values. Formulas are given for computation of vertical
compressive and tensile forces at the tank base.  Flat-bottom tanks may be anchored or
unanchored. Where tanks are unanchored the maximum thickened annular ring width at
the base used to limit overturning is limited to 7 percent of the tank radius and the
thickness shall not exceed the thickness of the shell thickness at the bottom. Anchored
tanks could be susceptible to tearing if not properly designed.   Hydrodynamic seismic
tensile membrane  forces are computed.  Allowable stresses are increased by one-third for
seismic forces. Guidelines are given for important foundation considerations including
allowable bearing and the need for soil homogeneity across the foundation. Various types
of tank foundations are discussed.   The user shall specify the amount of tank freeboard
for sloshing. Failure to provide for sloshing will damage the roof if the tank is completely
full.  Provisions are included to allow for local site conditions. A 2 percent damped curve
is recommended for design of the structure and a 0.5 percent damped curve is
recommended for sloshing of the liquid. The amplified acceleration shall be determined
for the cantilever beam period of the shell and effective portion of the contained fluid.
When site response return times are not given a maximum credible event or 10,000 year
return time event can be used with a response reduction factor not to exceed 2.6.

The AWWA has standards for ductile iron, steel, concrete, and asbestos pipe; however
they do not address seismic design directly.

American Petroleum Institute Standard 650- The American Petroleum Institute
provisions follow 1980’s code design and was revised and updated as recently as 1996.
The tank overturning moment is:

M = Z I {C1 (Ws Xs + Wr Ht + Wl X1)  + C2 W2 X2 }

where the terms are the same as defined for the AWWA equation above. The term C1 is
set at 0.60 unless the product of Z I C1  and Z I C2 are determined from response spectra.
The term C2  is defined by:

C2   = 0.75  S / T       for T  < = 4.5
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C2   = 3.375 S /  T2     for T  > 4.5

If a spectrum is used for the factor Z I C1,  it should be developed for a damping
coefficient of 2 percent of critical. The spectrum for the factor Z I C2 should be based on
the spectrum for Z I C1 but with a damping coefficient of 0.5 percent of critical.

Summers (1997) reports that extensive experimental studies and
observations during past earthquakes have demonstrated that the radial
length of uplifted bottom plate, and hence, the actual liquid weight
resistance which is mobilized during an earthquake is underestimated by
the API uplift model. He explains the reasons for this are that the API
model does not account either for the in-plane stress in the bottom plate, or
for the dynamic nature of the tank response. The API model also calculates
a somewhat narrow compression zone at the toe of the tank, thus leading
to large compressive stresses in the tank shell for relatively low
overturning moments. Finally, the API approach does not account for the
effect of foundation flexibility on the tank wall axial membrane stress
distribution.  These factors err on the conservative side and result in
overdesign. The API procedure is recognized as a conservative approach
and is acceptable for new tank design.

40 CFR 112: 38FR 34164 Environmental Protection Agency Regulations On Oil
Pollution Prevention This public law applies to oil storage or processing facilities which
are potential pollution sources. It does not apply to facilities where the storage capacity is
1,320 gallons or less and no single tank has a capacity in excess of 660 gallons. For
facilities falling under provisions of this law, appropriate secondary containment is
mandated such as dikes, curbs, sumps or ponds.

State of California Above Ground Storage Act of 1991  This law applies to sites
containing petroleum/hazardous material storage tanks where the above ground storage
capacity is over 1,320 gallons or where a single tank exceeds a capacity of 660 gallons.
The law requires inspections,  licensing and monitoring.  The foundation system must be
designed to allow for early detection of releases of materials before reaching the ground
water.

American Railway Engineering Association, Chapter 9 Seismic Design For Railway
Structures   The procedure specifies three levels of ground motion: A Level I ground
motion has a reasonable probability of being exceeded during the life of the structure and
the structure is at a serviceable limit state which  requires it to remain elastic. Only
moderate damage which does not affect trains at restricted speeds is allowed. Allowable
stresses are increased 150 percent in steel and 133 percent in concrete elements. The
return period for a Level I earthquake is between 50 and 100 years.  The determination of
a specific ground motion level is left to the designer based on the type and volume of
traffic expected.  A Level II ground motion has a low probability of being exceeded
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during the life of the structure and represents a limit state to ensure overall structural
integrity. The structure may respond in the inelastic range but ductilities are limited. The
return period for a Level II earthquake is between 200 and 500 years. The selection of the
specific level is left to the designer based on overall economics considering structure cost
and train schedules.  A Level III ground motion is established for a rare intense
earthquake which establishes a survivability limit state which allows extensive damage
but precludes collapse. Foundation failures are limited so as not to cause major changes
in the structure geometry.  The return period for a Level III earthquake is between 1000
and 2500 years.  The selection of a specific level is left to the designer based  the
consequences of loss of the structure and include costs of construction, loss of use,
existence of alternate routes and location of the bridge.  Pseudostatic, spectral and
dynamic procedures are used depending on the type and irregularity of the structure. The
nominal 100 year, 500 year and 2500 year return time peak horizontal rock accelerations
are specified on a national map

Standard Specification For Highway Bridges, AASHTO This is a national code and as
such divides the US into regions based on levels of expected ground motion.  A map is
provided which shows peak horizontal rock accelerations with a 90 percent probability of
not being exceeded in 50 years which is a nominal 500 year return time event. Two
categories of bridge structure are defined, essential bridges which are expected to
function after a design earthquake and other bridges which are designed for near elastic
response at moderate events and for limited damage at the maximum credible event.
Four categories A through D are defined to treat importance and variation in seismic
acceleration potential. A and B are low treat level requirements while D is highest
representing an essential structure in the highest exposure zone. Three site profiles are
defined and serve to define site amplification.  Elastic earthquake lateral forces are
determined based on the map accelerations and site soil factor. Component response
modification factors are used to reduce the elastic forces for substructure elements while
connections of superstructure to abutment and expansion joints are increased.  The
modification factors are analogous to ductility factors. It is assumed that columns will
yield when subjected to forces from the design ground motion but that the connection will
be able to resist the deformations with little damage.  Wall piers have minimal ductility
and an R value of 2 was assigned.  Well designed columns in a multi-column bent have
good ductility and a value of 5 was assigned to them.  Single columns lack redundancy
thus a value of 3 was assigned.  For C and D bridges the connections are designed for the
maximum forces that can be developed by plastic hinging in the columns.  The
probability of elastic force levels not being exceeded in 50 years is in the range of 80 to
90 percent. Procedures are given to calculate displacements. Modal response techniques
are used in the analysis of response. It is suggested that a factor of safety against
liquefaction be 1.5 for important bridges. Guidance is given for pile design

1990 CALTRANS CALTRANS criteria was developed for non-buildings and is of
general interest. It is summarized as:

V = ARS  W / Z
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where W is the total weight and Z is an adjustment factor for ductility and risk and  based
on the period and type of structural element.  ARS is the 5 percent elastic response
spectrum at the site in g’s based on the maximum expected acceleration at bedrock or
rocklike material.  The seismic force in two directions is required and to be evaluated by
adding 30 percent of the force to the component in the perpendicular direction. For
conservative design, the vector sum can be used. A load factor of 1.0 is used and live load
is not included. The strength reduction factor, φ, for concrete columns can be increase
from 0.9 to 1.2 to recognize an increase in strength from well confined concrete.

Japan Gas Association Recom mended Practice F or Pipelines-  The 1978 Miyagiken-
oki earthquake caused heavy damage to the gas distribution system in Sendai City.
Damage was concentrated in threaded steel pipelines of about 2-inch diameter. As a result
of this guidelines were developed for Japan. Japan is divided into four seismic zones and
three soil classifications are used.  The seismically induced horizontal ground
deformation is estimated by:

U =   α 1 α 2   U 0

where

α1 Constant based on site location in the range of 0.4 to 1.0
α2   Constant based on soil condition and importance in the range of 0.5 to 1.8
U 0     Constant which is set at 5 centimeters

The vertical displacement is half of the horizontal. The guide outlines four load
deformation conditions shown in Figure 5-1 and a Deformability Index is used to estimate
pipe capacity. The Deformability Index includes strain capacity of the pipe and of the
joint.

IEEE Standard 344-1987 - The IEEE has developed a standard for the seismic
qualification of equipment for the nuclear industry.

Performance Objectives

The development of performance objectives is the first step in development of a
general criteria for lifelines.  The following performance objectives are presented herein
and represent a new synthesis proposed for use. They are based on mandates of public
law and extensions of current  criteria.

Ordinary Construction / Ordinary Lifelines -  Lifeline service associated with
construction categorized as “ordinary” shall be designed with the same levels of service.
In general ordinary construction is expected to



5-14

Figure 5-1. Ground-displacement models for pipe deformation.
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· Resist a moderate level of ground motion without damage;
· Resist a major level of earthquake ground motion without collapse, but with structural

as well as nonstructural damage.

Wharves and Piers Lifelines associated with pier or wharves shall be designed with the
same levels of service.

· Resist a moderate level of ground motion without damage;
· Resist a major level of earthquake ground motion without collapse, and with the

structural in a repairable condition.

Essential Construction / Essential Lifelines - Lifeline service associated with
construction categorized as “essential” shall be designed with the same levels of service.
In general essential construction is expected to:

· Resist the earthquake likely to occur one or more times during the life of the structure
with minor damage without loss of function and the structural system to remain
essentially linear.

 Resist the rare earthquake with a low probability of being exceeded during the life of
the structure without failure and without loss of acceptable levels of functionality.

Hazardous Materials/Lifelines - Lifeline service associated with construction
categorized as “containing hazardous materials” shall be designed with the same levels of
service. In general hazardous material containment construction is expected to:

· Resist pollution and release of a major spill of hazardous materials for a very rare
event

Seismic Loads

The second element of a general criteria for lifelines is the specification of seismic
load level to establish the ground motion and lateral load forces to be applied in design. It
is based on current criteria and an extension of existing mandates logically applied to
analogous situations.

Design Earthquakes

The following criteria are based on current criteria and public law. The  lifeline
systems  shall be designed to resist the loading produced as follows:

· Ordinary category of construction on average seismicity sites
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 For sites of average seismicity, use NEHRP provisions, which establishes the
earthquake at a nominal 10 percent chance of exceedance in 50 years.

 

· Pier or wharf category of construction
 Sites where the lifeline is associated with a pier or wharf shall use a two-earthquake
procedure  with Level 1 and a Level 2 based on a local site seismicity study. Values
less than NEHRP code are not be permitted

· Essential category of construction
 Sites where the lifeline is deemed important and  essential shall use a two-earthquake
procedure  with Level 1 and a Level 3  earthquake based on a local site seismicity
study. Values less than code are not be permitted.

 

· Construction containing polluting or hazardous material
A Level 4 earthquake exposure shall be used.

In addition to seismic ground motion there are additional hazards which must be
considered:

· Fault movement and ground displacement
· Liquefaction and associated lateral spreading, settlement flow slides, loss of support

and buoyancy of buried tanks.
· Landslides
· Tsunamis

Modification to Design Ground Motion

Lifelines consist of a variety of elements some of which are substantial structures
such as tanks, transformer stations and bridges, others are distributed elements such as
buried pipelines, power lines and railroad tracks, and others are components within
structures such as internal equipment, transformers, and other building elements. The
ground motions used in design of lifelines may differ from the motions used in
conventional building design since the seismic motion on the lifeline may be substantially
different than that associated with free-field  ground motion.  For component elements
located within a structure the lifeline component design motion can be substantially
amplified by the response of the structure. In such cases the motion to be used for design
of the component must be the local seismic motion transmitted by the structure to the
component. The dynamic coupling between the component and the structure must be
taken into account if the component is of a size sufficient to influence the response of the
structure.  Large differential motions may be produced on components which are
supported at multiple locations.

Chapter 6 of NAVFAC P355.1 illustrates the procedure for calculation of the
maximum floor accelerations using the linear response spectra technique. A modal



5-17

participation factor  is applied to the story modal acceleration response to determine the
modal spectral acceleration to be applied to the lifeline component. A design response
spectrum is constructed using the modal floor accelerations, the participation factors, a
magnification factor, and the period of the lifeline component.   Response spectra
techniques have been utilized for at least the last 35 years. They offered a means for
performing dynamic analysis more accurately than pseudostatic approaches.  The
response spectra technique is a linear procedure.  A structure responding to a major
earthquake is expected to sustain significant nonlinear behavior.  The ability of response
spectra techniques to accurately track displacements reduces as the amount of
nonlinearity increases.  With the evolution of the desktop computer, nonlinear finite
element techniques which previously required extensive mainframe computer time, have
now been developed which can offer a potentially more accurate analytical alternative.

 Lifeline Performance During Recent Earthquakes

Understanding the behavior and possible failure mechanisms of a lifeline structure
is important in the development of a design criteria for safe operation.  Part of
understanding the performance of a lifeline structure in an earthquakes involves
understanding the design from which the structure was constructed. and the construction
practice used in its erection.  Werner and Hung (1982) gives an excellent compilation of
case studies mostly recounting Japanese experiences from the 1920’s to 1980. They
conclude that “By far the most significant source of earthquake-induced damage to port
and harbor facilities has been porewater pressure buildup... which has led to excessive
lateral pressures applied to quay walls and bulkheads.” They cite the 1964 Niiagata and
1964 Alaska earthquake where “porewater pressures buildup has resulted in complete
destruction of entire port and harbor areas” They note that direct effects of earthquake
induced vibrations on waterfront structures is minimal and overshadowed by liquefaction
induced damage.  In the 1978 Sendai earthquake a major oil refinery with 90 storage
tanks had three fail and three damaged. Additionally a large welded steel plate tank pulled
out of its concrete embedment.  A summary of recent lifeline experiences during
earthquakes follows.

Alaska Earthquake - The 1964 caused considerable damage to oil storage tanks by
tsunamis, earth settlement, and liquefaction. Damage to Union Oil tanks in Whittier
caused fires. In Anchorage seven tanks collapsed releasing combustible fluids; three
additional Standard Oil tanks released 750,000 gallons of aviation fuel. This experience
led to a change in tank design, Eguchi (1987)

San Fernando Earthquake- The 1971 San Fernando earthquake resulted in direct losses
to the electric power systems of $33 million. It caused distress to numerous tanks.
Bulging of the lower  section of about 12-inches above the base was noted extensively
and termed “Elephant’s Footing”. Ductile steel pipelines were able to withstand ground
shaking but could not withstand ground deformation associated with faulting and lateral
spread. Eleven transmission pipelines were damaged by liquefaction induced lateral
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spread and landslides. Eighty breaks occurred to the underground welded steel
transmission pipeline located in the upper San Fernando Valley, the most serious in a
1930 old oxyacetylene-welded pipeline. Although located in an uplift zone the failure was
caused by compressive forces wrinkling the pipe, Eguchi (1987). Newer pipelines in the
same area did not fail. There were 18 documented hazardous material releases resulting in
6 fires.  There was damage to the Jensen water treatment plant resulting in an outage. The
absence of an inlet to outlet bypass was noted as a factor in impeding the problem of
restoration of service.

Santa Barbara - In the 1978 magnitude 5.1 Santa Barbara earthquake a train derailed
shortly after the earthquake from damaged tracks. About 40 cars derailed at a speed of 50
miles per hour.

Coalinga Earthquake - The 1983 Coalinga earthquake had adequately designed
pipelines which remained serviceable; however large vertical tanks containing molasses
tilted and in one case overturned. This was initiated by large deformations in the steel
support frame. At a treatment plant, chlorine tanks on standard saddle supports slid up to
10 inches.  The valves on a 1-inch line to a clarifying tank shook open causing a major oil
spill.  Anchors on a 12 kV transformer broke. A hazardous material spill resulted in
significant damage to a high school; there were three other hazardous material incidents
of significance.  Numerous breaks in the natural gas line occurred but fires did not occur
since the main valve was closed manually shortly after the earthquake. Several tank and
pipeline failures occurred in oil drilling and processing facilities. In general it was noted
that secondary containment systems functioned well. most pipe breaks occurred at pipe
connections.

Whittier Narrows-  The 1987 magnitude 6.1 earthquake demonstrated that well designed
process pipelines can perform well. Damage where it occurred was usually limited to
sections that were corroded or anchored at two locations which experienced large lateral
relative displacement.  A 1-ton relocatable gas cylinder being filled with chlorine started
to roll down the loading platform breaking the connection causing a significant chlorine
release. Southern California Gas reported 1411 gas leaks were directly caused by the
earthquake. Portions of the California State University, Los Angeles were without gas for
12 weeks. Five fires were reported; three of these were attributed to gas leaks. There were
about 30 hazmat calls for assistance.

Loma Prieta Earthquake-  The 1989 magnitude 7.1 Loma Prieta Earthquake caused
failure of many pipelines and tanks.  The Port of Redwood City is located at the southern
end of the San Francisco Bay. The Port contains tanks for petroleum. The Port was
constructed on Bay Mud. Damage consisted primarily of broken water lines and damaged
batter piles. The Port of Richmond is located at the northeast end of the San Francisco
Bay and handles petroleum products and liquid bulk cargo. Portions of this  port are
constructed on rock and other portions on fill. The primary damage was the rupture of  a
gasoline storage tank  at the UNOCAL terminal. Fuel was contained in the surrounding
berm. Some liquefaction was reported in undeveloped areas of the port.  Broken
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waterlines occurred at the Ford plant from liquefaction and excessive soil pressures. The
Port of San Francisco is located on the west side of the San Francisco Bay and handles
general cargo. The port is constructed on fill. The primary damage was liquefaction and
settlement. Numerous buildings were damaged water and gas lines broke.  The Port of
Oakland is located on the east side of the San Francisco Bay on fill. The port sustained
wharf damage and noted batter pile failures. Liquefaction of the fill produced settlement
and lateral spread. Horizontal accelerations were measured at the wharf and ranged from
about 0.3g to 0.45g.  Cranes suffered damage and water lines broke. Fire lines ruptured
eliminating fire fighting protection, Seed et al. (1990).  Tank failure modes consisted of
“elephant’s foot “ bulging, vertical splitting of tank wall, puncture of the tank wall by
restrained pipe, pipe damage from differential anchorage motion. Hazardous material
spills occurred in several industrial and a few commercial facilities. Over 300 liquid
hazardous spills occurred in the San Francisco and Monterey Bay areas as a result of
ruptured tanks, pipe leaks, equipment leaks, and broken containers. It appears that
secondary containment was generally effective. At least 50 instances occurred of release
of hazardous gases other than natural gas. There were 3 to 4 leaks on a high pressure gas
main and between 300 to 400 leaks on low pressure gas lines.

The Navy sustained 44 pipeline breaks in pipes up to 16 inches in diameter on
Treasure Island. They included 28 fire and freshwater lines of steel or asbestos cement, 10
sewage lines of vitrified clay and 6 welded-steel gas lines, Egan and Wang (1991).  Many
of the breaks occurred near the dike in areas of high lateral spreading. Crude estimates of
lateral spreading required to cause failure are:

Type Pipe Diameter Spreading to

Induce Failure

Steel or Asbestos Cement 1 to 4 in 1 inch

Steel or Asbestos Cement 12 to 16 in 6 to 12 inches

Vitrified clay pipe 1/4 inch

Soil liquefaction caused damage to the terminal facilities much of which were on filled
land composed of loose dumped or hydraulically placed sand underlain by soft normally
consolidated Bay Mud. Liquefaction of the fill resulted in settlements and lateral
spreading, cracking the pavement over a wide area. Maximum settlements of the paved
yard area were up to a 12 inches.

In the Monterey area water tanks belonging to PG&E were damaged and one
ruptured apparently as a result of foundation softening and displacements. Settlements of
several inches were noted and there were breaks in utility lines. Pile supported facilities
were not damaged.
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Transportation facilities sustained $1 billion in damage including $200 million to
the Cypress Street elevated viaduct. Numerous roads were closed by pavement damage,
landslides, or bridge damage. A 3000-foot section of runway was severely damaged
having several breaks as large as 30 inches in width. Undulations were noted in the
pavement along with settlement. The pavement was situated was on 10 to 15 feet of
unconsolidated hydraulically dredged sand fill which experienced extensive liquefaction.
The runway at the Naval Station, Alameda cracked and moved laterally from liquefaction
of  the soil below.  The Port of Oakland experienced liquefaction damage to paved yard
areas Batter piles in wharves were damaged.

Big Bear Earthquakes- On June 28, 1992 two earthquakes occurred in San Bernadino
County, California, a magnitude 7.5 at 4:58 AM and a magnitude 6.6 at 8:04 AM. These
two events were followed by numerous aftershocks. Horizontal fault rupture displacement
associated with  these event was from 5 to 9.5 feet. Most pipeline damage was associated
with the rupture zone. At least 6 water tanks ranging in size from 42,000 to 417,000
gallons were damaged.  Damage consisted of elephant’s foot bulging at the base, shell
and roof damage, shell splitting at access hatches and broken pipe entering the tanks.

Guam Earthquake - On August 8, 1993 a magnitude 8.1 earthquake occurred 50 miles
offshore and caused over $125 million in damages to Naval facilities on Guam.  Nearly
all of Guam is firm soil or rock except for the region containing the commercial and Navy
ports which is composed of natural alluvium and artificial fill.  It is estimated the peak
horizontal ground accelerations were about 0.25g. Liquefaction was a major problem and
lateral spreading of 1 to 2 feet was observed at wharf areas. It also resulted in settlements,
backfill collapse and bulkhead movements. Buried water and power lines were fractured.
Sheet piles failed in shear and deadman anchors pulled out. Pier batter piles failed in
shear at the pile cap.  Other Navy damage consisted of fuel tank leaks, sloughing of a
dam, damage to masonry housing units and major damage to the power plant which
supplied 20 percent of the islands power capacity.

Northridge Earthquake-   On January 17 1994  a moment magnitude 6.7 earthquake
occurred in Northridge.  This event caused about 1,400 water, gas and fuel pipeline
breaks in the San Fernando Valley area. Many of the breaks occurred in mapped areas of
high liquefaction potential. Outside the zone of high liquefaction potential, the dispersed
pattern of breaks is attributed to old brittle pipes damaged by ground movement.  While
much of the pipe damage is within the liquefaction zone, this did not correlate to areas of
high structural damage in that a large amount of structural damage occurred outside the
zone of high liquefaction potential.  In the Granada Hills area pipe breaks from water
mains resulted in soil erosion and formation of large craters. On Balboa Boulevard a 22-
inch pipe suffered two breaks, one in tensile failure and the other in compressive failure.
These pipe failures were located in a  ground rupture zone perpendicular to the pipeline.
Leaking gas ignited at several locations. Some broken water and gas lines were found to
have experienced 6 to 12 inches  of separation in extension. The area experienced
widespread ground cracking and differential settlements.  Liquefaction was not evident on
the surface and may have occurred at depth leading to subsurface soil block movement.
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Some of the surface cracking was associated with underlying bedrock movements
associated with primary or secondary faulting.  A 85 inch sewage pipe ruptured in the
Jensen Filtration Plant and a large reservoir settled 2 to 4 inches.  The San Fernando
Power Plant Tailrace, a 600 by 110 foot asphalt lined pond was breached. Lateral
spreading was noted. A water storage tank east of Highway 5 at Valencia Boulevard
collapsed. The Port of Los Angeles sustained peak horizontal accelerations on the order
of 0.1 to 0.2g which resulted in liquefaction of hydraulic fill damaging crane rails,
disruption of utilities, ground cracking and lateral spreading of up to 6 inches. All of the
damage was of a relatively minor nature.

Kobe Earthquake-  On January 17 1995, the Hyogo-ken Nambu (Great Hanshin Kobe)
earthquake, Japanese magnitude 7.2 (about 6.9 moment magnitude), occurred in Kobe
Japan.  This event produced major damage to Japan’s second busiest port, Matso (1995).
Liquefaction was a major contributor to the extent of the damage producing typical
subsidence of a half meter. Piles were used extensively in this area. They were designed
to account for the negative skin friction and additional ground improvement was also
performed.  Structures on such piles performed well even though major subsidence
occurred in surrounding areas.  Other structures not on piles suffered differential
settlement and tilting and significant damage.  Liquefaction caused up to 3 meters of
lateral spread displacement, sunk quay walls, broke utility lines, and shut down 179 out of
186 berths at the port.  Numerous tank failures were reported, mostly caused by uplift of
unanchored tanks. One LNG tank cracked requiring the evacuation of 80,000 people. Six
well-braced large spherical tanks sustained no damage. Liquefaction was responsible for
major damage to crane foundations.  Hydraulic fill behind  concrete caisson perimeter
walls fill liquefied causing the caissons to move outward, rotating up to 3 degrees, and
settling from 0.7 to 3.0 meters. The caissons were designed for a lateral coefficient of
0.1g.  A seismic coefficient of 0.2g was usually used in the design of dockside cranes.
Peak accelerations of 0.8g in the NS direction, 0.6g in the EW direction and 0.3g vertical
were noted from accelerograph recordings.  The event had a duration of about 20 seconds.
Most damage is attributed to liquefaction of backfill and associated pressures and
settlements and lateral deformations since structures supported on piles suffered much
less damage, Liftech (1995). It should be noted that caissons designed for 0.25g sustained
lower levels of damage.

Liquefaction And Lifelines

Design of structures  shall include provisions to evaluate and resist  liquefaction
of the foundation and account  for expected potential settlements and lateral spread
deformation. Special care will be given to buried pipelines in areas subject to liquefaction
to preclude breaks resulting in release of a major spill of hazardous materials.  The most
important element in seismic design of pipelines is proper siting. It is imperative to avoid
areas of landslide and lateral spread.
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The presence of any potentially liquefiable materials in foundation or backfill
areas shall be fully analyzed and expected settlements computed.  Specific attention shall
be paid to the acceptability of the amount of settlements. Since liquefaction is a major
damage mechanism at the waterfront, remediation is a mandatory  requirement where the
risk of a pipeline break or tank failure is shown by computation to be possible and
hazardous materials would be expected to be released.

Water, Gas And Liquid Fuel Lifelines

Pipelines

Pipelines must be designed to resist the expected earthquake induced deformation
state and induced stresses. It is common practice to design the pipe support or embedment
based on the nature of the soil encountered.  Where marginal soil is encountered,
pipelines can be supported on piles above ground or placed within larger pipes to allow
ground movement. Generally permissible tensile strains are on the order of 1 to 2 percent
for modern steel pipe.  This is based on observation that steel pipelines have been
observed not to rupture at tensile strains between 2 to 5 percent. Higher local strains have
been noted. Pipelines have experienced wrinkling in compression at strains much less
than the tensile limits; however this does not of itself constitute failure. A rule of thumb
states that the onset of wrinkling occurs at strains of about 0.3  times the ratio of wall
thickness to radius. Welded steel pipes have performed well during earthquakes. The
quality of weld is very important. There appears to be more failures with oxyacetylene-
welded steel pipes compared to arc-welded steel pipes.  The difference may not be the
type of weld but may be the weld quality. Corrosion of pipelines reduces their ability to
withstand seismic forces. Pipeline damage seems inversely proportional to pipe diameter
caused by an increase in stiffness with larger size pipe which makes it more able to resist
deformation.  Expressed in another form, pipeline strength is proportional to diameter. An
exception to this seems to be steel pipe with a lap welded  joint where strength decreased
with increasing diameter. Also gasketed joints seem to be 5 or more times more likely to
fail than welded joints. In addition to tensile and compressive failures, buckling failures
are possible. The presence of bends, elbows  and local eccentricities tends to concentrate
deformation at these locations.

To accommodate differential motion between pipelines and storage tanks it is
recommended that a length of pipeline greater than 15 pipe diameters extend radially
from the tank before allowing bends and anchorage and that subsequent segments be of
length not less than 15 diameters.  Flexible couplings should be used on long pipelines. In
general pipes should not be fastened to differentially moving components; rather, a pipe
should move with the support structure without additional stress.  Unbraced systems are
subject to unpredictable sway whose amplitude is based on the system fundamental
frequency, damping and amplitude of excitation. For piping internal to a structure,
bracing should be used for system components. Flexible grooved pipe couplings can
reduce the transmission of stresses and resilient gaskets can dampen vibration.



5-23

Manufacturers specification give guidance on linear and angular movement tolerances.
“Grooved-end mechanical pipe couplings do not simultaneously provide maximum linear
and angular movement. However, systems designed with enough joints, thus allowing for
recommended tolerances, will accommodate both”, Greene (1993). When large
movements are anticipated seismic swing joints composed of flexible couplings, elbows
and nipples can be used.  Provisions for expansion must be included.

Machinery and pumps are often acoustically isolated by use of loose connections
to minimize vibration transmission such as by use of slotted holes.  Snubbers by
definition are restraints with an air gap.  Such anchorages can amplify seismic motion by
having equipment bang against restraints. Use of resilient grommets or molded epoxy
grouting can eliminate the air gap and avoid hard surface contact. The snubber and the
connection of the snubber to the equipment and structure must have sufficient strength to
transmit the inertial forces. The Northridge earthquake has shown that use of rails is not a
satisfactory method of restraint and such usage was associated with many failures of
welds and dislocation from the rails. Suspended pipelines can also resonate with the
earthquake if not sufficiently restrained. Sway of suspended components must be
restrained. Seismic isolation can be an effective technique for reducing loading on floor
mounted equipment. Seismic isolation can be used in addition to snubbers or can be made
a part of the snubber. While there are no standards for seismic snubbers, their capacities
should be stated by the manufacturer and a rating is assigned by The Office of Statewide
Health Planning and Development of the State of California. Proper anchorage capacity
including both horizontal shear and overturning uplift is required and a wedge anchor is
recommended. Poured in place anchors are not feasible for snubber tie-down since
equipment location is variable and often not defined specifically. Snubbers must be
omnidirectional with at least a 3/8 inch resilient collar at least 4 snubbers must be used
and all snubbers must be rated, Lama (1994).

Nishio (1992) presents information of pipeline design in Japan. Figures 5-2 and 5-
3 show pipe joint capacities for several Japanese pipe couplings. This excellent reference
illustrates how the Japanese Gas Association provisions were developed and provides
example calculations of their Deformability Index. The paper presents a discussion of the
provisions and notes that the provisions use a value of deformation of 5.0 cm independent
the liquefaction potential. Nishio introduces a probabilistic basis for assessing damage
based on sample size. He shows the deformation capacity increases with diameter of the
pipe.

In the analysis of continuous pipelines, it is possible to estimate the axial strain of
the pipe in terms of the maximum ground strain:

εp, max  = V max  / cp

and the maximum curvature of the pipeline

χp,max = Amax  / cs
2
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Figure 5-2. Cross section of Japanese pipe joints and strength.
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Figure 5-3. Cross section of Japanese pipe joint and strength.



5-26

where

Amax Maximum ground acceleration
Cp Compression wave propagation velocity
Cs Shear wave propagation velocity
V max Maximum ground velocity

The maximum pipe joint displacement and joint rotation can be estimated by:

Up = εp, max L

θp = χp,max  L

where

L Length of pipe segment

Note that Cs and Cp can be estimated from  G and  as follows:

Cs = 
G

ρ
     and     Cp = 3Cs

Eguchi et al. (1994) present an analysis of lifeline system damage which gives a
good insight into the performance of pipelines.  Table 5-1 presents relative performance
of various types of pipe to shaking, liquefaction, landslide and fault rupture. They have
compiled data on the number of repairs per 1000 feet of pipe and developed Figure 5-4
for fault rupture and ground shaking. The symbols are identified in Table 5-1. They note
that the two mechanisms of ground displacement/fault rupture and shaking are different
with the former being more damaging. Figure 5-5 shows their estimate of relative pipe
performance under liquefaction and landslides conditions. Pipe diameter while a factor in
pipe performance it was found that pipe material and joint type were more significant
factors in normalizing field data. The data is intended to give system relative performance
and not to be used to evaluate a single pipe  Wang et al. (1992) illustrate use of flexible
pipe joints, Figure 5-6.

The provisions of NAVFAC P355 Chapter 12 Section 12-7d pertain to design of
essential pipelines and are part of this specification. They are as follows:

d. Seismic restraint provisions. Seismic restraints that are required for piping
..... will be designed in accordance with the following provisions.

(1) General The provisions of this paragraph apply to the following: ..........



5-27



5-28



5-29

Figure 5-5. Pipe repair model for landslide and liquefaction,
from Eguchi et al. (1994).
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Figure 5-6. Flexible pipe connections.
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(b) Horizontal pipe. All horizontal pipes and attached valves. For
the seismic analysis of horizontal pipes, the equivalent static force will be
considered to act concurrently with the full dead load of the pipe, including
contents.

(c) Connections. All connections and brackets for pipe will be
designed to resist concurrent dead and equivalent static forces. The seismic forces
will be determined from the appropriate provisions below. Supports will be
provided at all pipe joints unless continuity is maintained. See paragraph (4)
below for acceptable sway bracing details.

(d) Flexible couplings and expansion joints. Flexible couplings will be provided
at the bottoms of risers for pipes larger than 3½ inches in diameter. Flexible
couplings and expansion joints will be braced laterally unless such lateral bracing
will interfere with the action of the flexible coupling or expansion joint. When
pipes enter buildings, flexible couplings will be provided to allow for relative
movement between soil and building.

(e) Spreaders. Spreaders will be provided at appropriate intervals to
separate adjacent pipe lines unless the pipe spans and the clear distance between
pipes are sufficient to prevent contact between the pipes during an earthquake.

(2) Rigid and rigidly attached piping Systems. Rigid and rigidly attached
pipes will be designed in accordance with paragraph 12-3. The equivalent static
lateral force is given by Fp = ZIpCpWp (SEAOC eq 1-10), where Cp is equal to
0.75 and is the weight of the pipes, the contents of the pipes, and the attachments.
The forces will be distributed in proportion to the weight of the pipes, contents,
and attachments. A piping system is assumed rigid if the maximum period of
vibration is 0.05 second (for pipes that are not rigid see paragraph (3) below).
Figures 12-4, 12-5, and 12-6, (Shown in this report as Figures 5-7, 8 and 9) which
are based on water-filled pipes with periods equal to 0.05 second, are to be used to
determine the allowable span-diameter relationship for Zones 1, 2, 3, and 4 for
standard (40S) pipe; extra strong (80S) pipe; Types K, L, and M copper tubing;
and 85 red brass or SPS copper pipe.

(3) Flexible piping Systems. Piping systems that are not in accordance with the
rigidity requirements of paragraph 12-7c(2) (i.e., period less than 0.05 second)
will be considered to be flexible (i.e., period greater than 0.05 second). Flexible
piping systems will be designed for seismic forces with consideration given to
both the dynamic properties of the piping system and the building or structure in
which it is placed. In lieu of a more detailed analysis, the equivalent static lateral
force is given by F = ZIpApCpWp (eq 12-2), where Ap = 5.0, C = 0.75, and  is the
weight of the pipes, the contents of the pipes, and the attachments. The forces will
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Figure 5-7. Maximum Span for rigid pipe, pinned-pinned.
From NAVFAC P355 Figure 12-4
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Figure 5-8. Maximum Span for rigid pipe, fixed-pinned.
From NAVFAC P355 Figure 12-5
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Figure 5-9. Maximum Span for rigid pipe, fixed-fixed. From
NAVFAC P355 Figure 12-6
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Figure 5-10. NAVFAC P355 Figure 12-7 and Table 12-2.
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be distributed in proportion to the weight of the pipes, contents, and attachments.
Figure 12-7 ( Shown in this report as Figure 5-10) may be used to determine
maximum spans between lateral supports for flexible piping systems. The values
are based on Zone 4 water-filled pipes with no attachments. If the weight of the
attachments is greater than 10 percent of the weight of the pipe, the attachments
will be separately braced, or substantiating calculations will be required.
Temperature stresses have not been considered in Figure 12-7 (Figure 5-10
herein). If temperature stresses are appreciable, substantiating calculations will be
required.

(a) Use of Figure 12-7. The maximum spans and design forces were
developed for ZIpApCp  =  1.50.  For lower ZIpApCp values, the spans and forces
may be adjusted by the values in Table 12-2. ( Figure 12-7 and Table 12-2 are
reproduced in this report as Figure 5-10)

(b) Separation between pipes. Separation will be a minimum of four times
the calculated maximum displacement due to Fp, but not less than 4 inches clear
between parallel pipes, unless spreaders are provided ...).

(c) Clearance. Clearance from walls or rigid elements will be a minimum
of three times the calculated displacement due to Fp, but not less than 3 inches
clear from rigid elements.

(4) Alternative method for flexible piping systems. If the provisions in the
above paragraphs appear to be too severe for an economical design, alternative
methods based on the rationale described in paragraph 12-4 and paragraph 12-8
may be applied to flexible piping systems.

Figure 5-11 shows acceptable details for sway bracing from NAVFAC P355.

NAVFAC P355 Chapter 14 has several figures which illustrate good engineering
practice for pipelines.  Figure 14-1 from NAVFAC P355 shows a sewer manhole in
which the bell is located at the manhole and encased in concrete to increase its strength
while still providing flexibility to the mating pipe. When a pipeline passes through a wall
good practice allows  a 2 foot square space in the wall around the pipe; the space is filled
with oakum or other expandable material to provide for differential movement. Good
practice provides flexible couplings at both ends of a 90 degree bend and on each of the
three sides of a tee connection.  The manual suggests that prudent planning take into
account the possible loss of electrical power to pumps and the potential need for manual
operation of fuel pumps and backup lighting during an emergency.  A properly designed
pipeline distribution system will include alternative routes and valves to isolate potential
pipe breaks and maintain operation with improved reliability.

The following are taken from Chapter 14 and are required in these criteria:



5-37

Figure 5- 11. Acceptable seismic details for sway bracing from
NAVFAC P355 Figure 12-8.
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 No section of pipe in Zone 2, 3 or 4 shall be held fixed while an adjoining section is
free to move, without provisions being made to relieve strains resulting from
differential movement unless the pipe is shown to have sufficient stress capacity.

 

 When secondary or standby gas supply systems cannot be justified for a site, gas
distribution networks for buildings in Zones 2, 3 and 4 housing essential functions
dependent upon gas shall include an above ground valved and capped stub. Provision
will be made for attachment of a portable, commercial-sized gas cylinder system to
this stub

 

 For essential facilities in Seismic Zones 3 and 4, an earthquake activated gas shutoff
valve shall be provided. If an earthquake activated shut-off valve presents the
possibility of disrupted service in the buildings where the fire hazard is small,
manually operated valves shall be installed.

 

 Buildings housing essential functions shall be provided with two or more water
service lines connected to separate sections of the supply grid to minimize loss of
service. Service shall be interconnected within the building by check valves to prevent
backflow.

 

 Flexible connections shall be used between valves and lines for valve installation on
pipes 3 inches or larger in diameter.

 

 Flexibility shall be provided by use of flexible joints or couplings on a buried pipe
passing through different soils with widely different degrees of consolidation
immediately adjacent to both sides of the surface separating the different soils.

 

 Flexibility shall be provided by use of flexible joints or couplings at all points that can
be considered to act as anchors and at all points of abrupt change in direction and at
all tees.

 

 NAVFAC P355 paragraph 12.-7 (cited above) specifies restraints for critical piping in
essential facilities.

Piping containing hazardous materials shall contain numerous valves and check valves to
minimize release of materials if there is a break. A secondary containment system should
be incorporated where feasible.  When piping is connected to equipment or tanks, use of
braided flexible hoses is preferable to bellow-type flexible connectors since the latter has
been noted to fail from metal fatigue. Welded joints are preferable to threaded or flanged
joints.  If flanged joints can not be avoided the use of self-energizing or spiral wound
gaskets can allow a bolt to relax wile continuing to provide a seal, Association of Bay
Area Governments (1990).  Seismic shutoff valves should be used where necessary to
control a system or process. These systems can be triggered by a mechanical sensor on the
valve or by a remote electronic sensor which can control a number of elements. Choice of
valves should be restricted to approved valves to reduce leakage after closure.
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New Tanks

Understanding the individual failure modes of individual tank components  such
as piping, restraints, tie down anchors, piles etc. is an important part of the development
of a comprehensive design specification for quality performance.  In general there are
several types of tanks in use.  Flat bottom vertical tanks vary in size from small 10,000
gallons to over several million gallons.  Tanks can be anchored or unanchored. Large
tanks can have internal columns to support the roof. Vertical tanks can be placed on a
prepared mat or a ring foundation along the tank perimeter with or without edge
confinement. Horizontal tanks are of cylindrical shape and are usually supported on two
saddles. The typically range in size from 100 gallons to 10,000 gallons. Smaller tanks can
be supported on legs. Typically fuel tanks for portable generators are of this type.
Summers (1997) lists major causes of tank failure and includes the following:

 Buckling of the tank wall (termed elephant foot buckling)
 Breakage of inlet/outlet piping from uplift
 Tearing of the tank wall at discontinuities
 Tearing of tank wall from overconstrained stairways between the foundation and tank

shell
 Roof damage caused by sloshing
 Foundation failures and liquefaction

Schiff (1991) presents a summary of observed damage to tanks. Flatbottom
vertical tanks tend to be most vulnerable to earthquakes, especially tanks with a large
liquid depth to radius ratio. One failure mode of the tank is buckling and is caused by
rocking of the tank or differential settlement of the foundation under the tank
Unanchored tanks with a radius-to-wall thickness of over 600 have been damage most
often. These tanks develop sufficient overturning moment to cause the edge to lift off the
ground. The opposite side sustains high compressive stresses which cause bulging at the
base. Summers (1997) reports that a 100-foot diameter tank 30 feet high sustained 14
inches of uplift in the 1971 San Fernando earthquake. Similar tank behavior was noted in
the 1989 Loma Prieta earthquake with an observation of 6 to 8 inches of uplift and 18
inches in the 1964 Alaska earthquake. Even anchored tanks can fail in this manner if
there is anchorage failure.  Generally a pattern of well distributed anchor bolts works best
compared with fewer larger bolts. Maintenance is requirement to inspect the condition of
the anchor bolts and replace those with corrosion.

Vertical motion can cause local tensile membrane deformation, elephant foot
bulging, at the base of the tank. This can also be induced by rocking.  It is interesting to
note the annular volume of the bulge is about equal to the earthquake vertical
displacement times the tank area. It is postulated that the fluid has high inertia and the
increase in fluid pressure from the vertical component of the earthquake causes the
perfectly symmetrical bulge. Increasing the wall thickness may reduce the occurrence, but
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might simply result in the buckling occurring high up on the tank. The weld between the
tank base plate and side wall has also been observed to fail. This is caused by uplift forces
and is often associated with corrosion induced weakness. A failure of the weld can open a
portion of the seam causing rapid loss of contents and a partial vacuum in the tank
causing internal buckling. Tank venting is important to restrict implosion.

Small unanchored tanks less than 30 feet in diameter have been observed to slide
on their foundation. In tanks which are full, sloshing can cause roof and upper wall
failures.  As noted liquefaction was a major cause of the extent of waterfront damage and
can cause settlement and lateral spreading.

The primary failure mode of horizontal tanks is anchorage failure or inadequate
anchorage which causes tank slippage off the saddles. Typically the tank is fully anchored
only on one side to allow for expansion. The single restraint must be capable of
withstanding horizontal, vertical and torsional components of motion. The saddle must be
designed to resist forces acting on its weak axis as well. Elevated fuel tanks often fail by
buckling of the supports. These tanks stands require adequate tie-down and diagonal
bracing

Water tanks tend to be kept full however hydrocarbon tanks tend to be half-full
and sloshing must be considered. Lack of tank venting has resulted in implosion.  Anchor
bolts embedded in concrete used for tank uplift restraining must have sufficient concrete
confinement to prevent pullout. Shear reinforcing should be used to provided needed
concrete confinement to prevent anchor bolt failure. Typically anchor bolts for new
construction are designed with a safety factor of 4; a value of 3.0 is used for evaluation of
existing anchors. Provisions must be made to evaluate the effect of corrosion in reducing
the strength of existing construction.

To achieve the required system performance and satisfy regulations additional
backup hazardous material containment systems are used. Containment systems are
composed of  either a singular system or a dual system as mandated by public law
discussed in the Criteria. A singular system provides only a single structural element
system for material containment. Singular systems are restricted to small systems of less
than 660 gallons such that a failure shall not produce catastrophic damage.  A dual system
is composed of a primary containment structure and a secondary containment system
which shall function should the primary system be damaged.  Containment systems open
to rain shall need to be drained.

Design of tanks shall utilize the API  650 procedures discussed above.

Tanks shall be designed against sliding and uplift and be fully anchored. The
height of sloshing may be calculated using an equation by Wozniak and Mitchel (1978).
This height should be used for freeboard calculations associated with roof damage. The
hydrodynamic forces which create overturning moments also act on the foundation and
must be taken into account in foundation design.
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Essential tanks shall be designed to resist Level 3 earthquakes  using response
spectra and the API 650 procedures.

For both ordinary and essential tanks, a requirement exists to prevent uncontrolled
loss of contents and pollution of the environment an event for a Level 4 event.  Such
requirements shall be met by provision of a containment system.  Singular systems must
be designed so that the structure itself provides the margin of safety to preclude release of
materials. Dual systems may be evaluated on the basis of total system performance
allowing for the presence of the secondary confinement, such that any release from the
primary containment is confined within the secondary containment. The secondary
containment must function at such a level so as not to permit an unacceptable release of
materials.

Failure of pipe to tank connections is common when there is insufficient
flexibility to accommodate differential motion between the tank and pipe network. This
can be prevented by having the first pipe anchor point at a sufficient distance (15 pipe
diameters minimum) from the edge of the tank and the pipe oriented in a radial direction
away from the tank. Flexible connections and expansion joints can accommodate
differential motion provided they are sized properly. The most important element of
seismic design of pipelines is proper siting. It is imperative to avoid areas of lateral
spreading and landslide. Additionally stairways should not be attached to both the
foundation and the tank wall.

Summers (1997) presents the following information:

Tank uplift during earthquakes can damage attached piping and other
appurtenances. ...... anchored tank appurtenances may he designed for
some level of anchor bolt stretch. A value of 2 inches is proposed in the
latest NEHRP provisions (BSSC, 1994).

API 650 states that piping attached to the tank bottom that is not free to
move vertically shall be placed a radial distance from the shell/bottom
connection of 12 inches greater than the uplift length predicted by the API
650 uplift model. The API 650 uplift model, however, may underpredict
the amount of radial uplift (Manos, 1987; Dowling and Summers, 1993). It
may be prudent to consider changing this requirement to... twice the API
650 model.......

Walkways between tanks should he designed to accommodate relative
movement of the tanks. ..... In lieu of a more rigorous analysis, a walkway
should he designed to accommodate a total of 12 to 18 inches of
movement, at least in the zones of high seismicity.
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Attached ringwalls should be designed appropriately. Anchoring a tank to
a small ringwall and not developing the forces into the soil by the weight
of the ringwall or with piles should he viewed with caution. Anchor bolts
need to be designed such that they behave in a ductile manner, both in
terms of the force transfer to the shell and pullout from the concrete
foundation.

Existing Tanks

Tanks built prior to the late 1970s probably lack consideration of seismic design
since it was during that period in which code provisions were first implemented. However
the provisions in API and AWWA are generally thought to be conservative such that
evaluation of existing tanks by the new tank criteria may unduly penalize them. Summers
(1997) reports the following:

There are several alternatives to the API methodology that might
be considered for use in evaluation of existing tanks. One such method is a
modified version (Dowling and Summers, 1993; Summers and Hults,
1994; and ASCE Task Committee on Seismic Evaluation and Design of
Petrochemical Facilities, 1997) of a method developed by George Manos
(Manos, 1987) presented herein Manos' method is based on experimental
studies, as well as on observed behavior of unanchored tanks during past
earthquakes. Instead of trying to model the complex uplifting plate
behavior, Manos assumes a stress distribution at which the shell will
buckle and solves for the resisting moment produced by the sum of the
stresses. This resisting moment can then be compared to the overturning
moment and the resisting acceleration solved for.

The method proposed herein for evaluation of unanchored storage
tanks is based on that of Manos, but includes some important variations.
The most notable of these are (Dowling and Summers, 1993):

a. Tank anchorage is recommended in zones of high seismicity
whenever the ratio of safe operating height to tank diameter exceeds two.
Based on the data presented in Manos, and the higher level of risk for
taller tanks, this is believed to be the upper limit of applicability of the
Manos method.

b. The allowable compressive stress in the tank shell should not
exceed 75% of the theoretical buckling stress, as presented in Manos, nor
should it exceed the material yield strength. This last requirement is
significant for thicker-walled tanks. Note that an increase in the allowable
compressive stress beyond 75% of the theoretical buckling stress may be
justified under certain circumstances.
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c. The compressive force in the tank shell should not exceed the total
weight of the fluid contents. This has the effect of imposing an upper
bound on the resisting moment.

A comparison of the results of an evaluation of a 35 ft diameter, 30
ft high tank in a high seismic zone filled to a height of 26 ft 4 in, using the
modified Manos and API methodologies, ........ (was made. The)  API
approach would require either a reduction in fill height by about 40% to 16
ft 6 in or tank anchorage, whereas the modified Manos method indicates
that the seismic safe operating height can be increased to 20 ft 1 in. Hence,
the required reduction is reduced from 9 ft 10 in to 6 ft 3 in, and the
benefit is immediately apparent.

The Manos (1987) develops the following relationships for the compressive
member stress distribution near the tank bottom as:

σ max  =  0.75  cl

where

σ cl =
E ts

R 3(1 – υ 2)

σ = σmax cos
πφ
2φ0

if    = 0.3

σ = 0.46
Ets

R cos
πφ
2φ0

φ0 = 0.65 S R
H

n ts

tp

0.1

n = 0.1 + 0.2 H
R

≤ 0.25

where

E Young’s modulus
H Liquid height
R Tank radius
S Foundation coefficient
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ts tank wall thickness
tp tank bottom plate thickness
υ Poisson’s ratio
σ axial member stress
σcl Theoretical buckling stress

Manos develops an empirical expression for the limiting impulsive acceleration capacity
of a tank, Ceq, as

Ceq = 0.372
ρw

S E ts
2

G R H2

mt

m1

R
H

n ts

tp

0.1

where

G Liquid density ratio
m1 Liquid impulsive mass
mt Total liquid mass
ρw Density of water or tank liquid

Manos compares the acceleration capacity to the applied acceleration which is based on a
tank response spectrum  determined from an amplified ground motion spectrum between
the periods of 2 and 9 seconds having 2 percent damping. He proposes a 4.3 acceleration
amplification factor to be applied to the ground motion spectrum as a conservative
approximation of structure amplification. The acceleration capacity must be larger than
the acceleration demand.

Special Drainage for Petroleum Offloading and Fueling Piers.

The following requirement shall be adhered to pertaining to special drainage for
petroleum offloading and fueling piers:

a) An intercept system shall be required to collect oil spills.  In normal operation,
deck drainage shall outfall through the sump pumps into the harbor.  If an oil spill occurs,
pressing a deck-mounted button shall close a motor-operated outfall valve and start the
sump pumps which pump the spill to a collection point.  when the spill drainage
procedure is completed and all oil is removed from the system, the system shall revert to
normal operation.

b) Contaminated rainwater runoff of all deck drainage due to contact with residual
drippings on the deck shall be collected.

Utilities On Piers
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Piers may contain pipelines for freshwater, saltwater, steam, compressed air,
waste oil, sewer,  fuels, as well as electrical power and communication lines.  Ship
demands dictate the configuration. In general design of these lines follows the general
provisions discussed herein.  It is essential that the lines be attached to the supporting
structure with sufficient rigidity that the lines are restrained against independent
movement.  Attachments to a pier may be analyzed as simple two-degree-of freedom
systems as discussed in NAVFAC P355, Chapter 12.  Resonance amplification can occur
when the natural period of the supported pipe is close to the fundamental period of the
pier structure.  Flexible connections/sections shall be used to bridge across expansion
joints or other locations where needed. All  piping and utility lines on a pier shall be
designed as essential construction. Specifically, the provisions of NAVFAC P355 Section
12-7d shall be used. Section 12-7d is discussed above under pipelines. Pipelines
containing hazardous materials may have to be of double wall construction based on
requirements of local environmental requirements. Check-valves should be used to
minimize the loss of contents to minimize the size of a spill if there is a pipeline break.

Electric Power

A typical electric power system includes transformer and distribution lines, local
transformers and backup generators. Linkages exist between electric power and other
lifelines; for example, electricity is needed for pumps to maintain pressure in water
distribution systems. Most damage has resulted from overturning or sliding of
inadequately anchored or braced components.  Often electrical equipment is situated on
top of poles or supports undergoes extensive displacements rupturing attached cables.
Pole mounted transformers are supported on raised platforms; typically they are not
secured to the platform.

Inadequately mounted transformers have been observed to fall from pedestals
causing major damage to bushings, radiators and internal parts. An alternative failure
mode is excessive sliding without overturning. Sliding breaks the  rigid bus connections,
the lightning arrestors and insulators. Past practice had transformers mounted on rails
anchored in concrete slabs.  When these mounts failed, extensive damage resulted.  Schiff
(1991) suggests that new installation design use concrete pads with steel anchor plates
securely embedded in the pad and flush with the surface. The transformer is welded to the
anchor plate eliminating the need for an intricate pattern of tie down bolts. Spare
transformers were kept unsecured for relocation as needed, which can overturn.  All
transformers whether in service or spare require the same restraint.

Criteria for electrical power lifelines focuses on providing adequate anchorage.
All transformers on poles or platforms shall be anchored against overturning or sliding.
All equipment shall be anchored as required.  Equipment deemed as of ordinary
importance shall have lateral force requirements based on provisions of the 1994 Uniform
Building Code and NAVFAC P355.  Equipment deemed as essential shall have the lateral
force requirement based on local site conditions using peak ground acceleration for
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essential level facilities and a response spectra.  In any case lateral forces shall not be less
than Code provisions with an importance factor for essential structures/components . This
resulting force shall be used as a substitute for Code forces and all remaining Code
provisions will apply.

Telecommunications Lifelines

Telecommunications encompasses conventional telephone requirements,
communication systems, and equipment control lines. The equipment must be rugged
enough to withstand the shaking.  The IEEE has established fragility requirements for
some equipment found in nuclear power plants.  Some other types of equipment also have
fragility data. The equipment must be attached in a manner to prevent damage.
Attachment can be made by rigidly securing the item against overturning and sliding or
where the equipment is delicate it may be mounted on isolators to reduce transmitted
motions.  A variation of both approaches consists of leaving a large piece of equipment
free to slide within restrained limits. This limits the shaking motion which can be
transmitted to the equipment by allowing sliding to occur; elastic bumpers limit the range
of motion. Obviously the equipment must have an aspect ratio to preclude overturning.

Traditional damage has included overturning of cabinet mounted electronics,
failures of suspended ceilings, rupture of piping and water damage to equipment, rupture
of cables connecting equipment which became dislodged, weld failures, and inadequate
sizing of restraints.  Design calculations must consider the inertia force of an object in
overturning and sliding. Elements attached to the structure must consider the relative
displacement between anchorage points.  Flexible supports must consider resonance
points where the period of vibration of the flexible mount is the same as that of the
structure; stiffening the mount can eliminate resonance.

Required support equipment  generally includes backup power generators,
uninterruptible power supplies, emergency lighting,  voltage controllers,  etc. and may
also include air-conditioning units, halon firefighting systems etc.

Calculation Of Lateral Force Requirements

The 1997 NEHRP FEMA 273 provisions calculate seismic forces as:

Fp = 1.6 S XS I P Wp

Alternatively Fp may be calculated by:
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Fp =   0.4 ap S XS I P Wp (1 + 2x/h)  / Rp

Fp calculated by the second equation need not exceed Fp calculated by the first equation
but a minimum Fp is given by:

Fp minimum = 0.3 S XS I P Wp

where:

ap   Component amplification factor that varies from 1.00 to 2.50 (select
appropriate value from FEMA 273 Table 11-2).

F p Seismic design force centered at the component's center of gravity and
distributed relative to component's mass distribution.

SXS Spectral response acceleration at short periods

Ip Component importance factor that is either 1.00 or 1.50

Wp         Component operating weight.

Rp Component response modification factor that varies from 1.25 to 6.00
(select appropriate value from FEMA 273 Table 11-2).

x  Elevation in structure of component relative to grade elevation.

 h         Average of elevation of structure relative to grade elevation.

The force Fp  shall be applied independently vertically, longitudinally, and laterally in
combination with service loads associated with the component. When positive and
negative wind loads exceed Fp for nonbearing exterior wall, these wind loads shall govern
the design. Similarly when the building code horizontal loads exceed   for interior
partitions, these building code loads

Evaluation Of Above Ground Piping Systems

The following is taken essentially verbatim from “Proposed Guidance for
California Accidental Release Prevention Program Seismic Assessments” (1998).

Evaluation of piping systems are primarily accomplished by field walkthroughs.
Such qualitative evaluations of piping systems are best done by an engineer experienced
in this area, visually inspecting the piping system under concern. This is preferred
because some piping is field routed and in some instances, piping and supports have been
modified from that shown on design drawings. This guidance is primarily intended for
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ductile steel pipe constructed to a national standard. Evaluation of other piping material is
also discussed  below.

The procedure for evaluating above ground piping systems should be as follows:

1) Identify piping systems to be evaluated.

2) Determine original design code basis and materials of construction, to the extent
possible.

3) Assess extent of obvious corrosion/erosion.

4) Perform a walkthrough of the piping systems for seismic capability. Document the
walkthrough and identify areas for detailed evaluation.

5) Complete the detailed evaluation of any identified areas and recommend remedial
actions.

Damage to or failure of pipe supports should not be construed as a piping failure
unless it directly contributes to a pressure boundary failure. The intention here is to
preserve the essential pressure containing integrity of the piping system but not
necessarily leak tightness. Therefore, this procedure does not preclude the possibility of
small leaks at bolted flanged joints. Ductile piping systems have, in general, performed
adequately in past earthquakes. Where damage has occurred, it has been related to the
following aspects of piping systems:

1) Excessive seismic anchor movement.

2) Interaction with other elements.

3) Extensive corrosion effects.

4) Non-ductile materials such as cast iron1 fiberglass (PVC), glass, etc. combined with
high stress or impact conditions.

Seismic anchor movements could result in relative displacements between points
of support/attachment of the piping Systems.  Such movements include relative
displacements between vessels, pipe supports, or main headers for branch lines.
Interaction is defined as the seismically induced impact of piping systems with adjacent
structures, systems, or components, including the effects of the falling hazards. Corrosion
could result in a weakened pipe cross section that could fail during an earthquake.
Additional aspects of piping systems which should also be reviewed during the
walkthrough for seismic capability are:

1) Large unsupported segment of pipe,

2) Brittle elements,

3) Threaded connections, flange joints, and special fittings, and
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4) Inadequate supports, where an entire system or portion of piping may lose its
primary support.

Special features or conditions to illustrate the above concerns include:

1) Inadequate anchorage of attached equipment,

2) Short/rigid spans that cannot accommodate the relative displacement of the
supports, e.g., piping spanning between two structural systems,

3) Damaged supports including corrosion,

4) Long vertical runs subject to inter level drift,

5) Large unsupported masses (e.g., valves) attached to the pipe,

6) Flanged and threaded connections in high stress locations,

7) Existing leakage locations (flanges, threads, valves, welds),

8) External corrosion,

9) Inadequate vertical supports and/or insufficient lateral restraints,

10) Welded attachments to thin wall pipe,

11) Excessive seismic displacements of expansion joints,

12) Brittle elements, such as cast iron pipes,

13) Sensitive equipment impact (e.g., control valves), and

14)    Potential for fatigue of short to medium length rod hangers which are restrained
against rotation at the support end.

The walkthrough is the essential element for seismic evaluations of piping
systems. Careful consideration needs to be given to how the piping system will behave
during a seismic event, how nearby items will behave during a seismic event (if they can
interact with the piping system) and how the seismic capacity will change over time. The
walkthrough should be performed by a licensed engineer familiar with how equipment
responds to earthquake loads. Detailed analysis of piping systems should not be the focus
of this evaluation. Rather it should be on finding and strengthening weak elements.
However, after the walkthrough is performed and if an analysis is deemed necessary, the
following general rules should be followed:

1) Friction resistance should not be considered for seismic restraint, except for the
following condition: for long straight piping runs with numerous supports, friction in the
axial direction may be considered,
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2) Spring supports (constant or variable) should not be considered as seismic
supports,

3) Unbraced pipelines with short rod hangers can be considered as effective lateral
supports if justified,

4) Appropriate stress intensification factors (“i” factors) should be used, and

5) Allowable piping stresses should be reduced to account for fatigue effects due to
significant cyclic operational loading conditions. In this case the allowables presented in
the next section  may need to be reduced.

6) Flange connections should be checked to ensure that high moments do not result
in significant leakage.

Procedures for interaction evaluation of piping are as follows:

1) Regulated Substance (RS) piping should be visually inspected to identify potential
interactions with adjacent structures, systems, or components. Those interactions which
could cause unacceptable damage to piping, piping components (e.g., control valves), or
adjacent critical items should be mitigated.

Note that restricting piping seismic movement to preclude interaction may lead to
excessive restraint of thermal expansion or inhibit other necessary operational flexibility.

2) The walkthrough should also identify the potential for interaction between
adjacent structures, systems or components, and the RS piping being investigated. Those
interactions which could cause unacceptable damage to RS piping should be mitigated
Note that falling hazards should be considered in this evaluation.

Procedures for corrosion evaluation of piping are as follows:

1)  During walkthrough  identify conditions conducive to external corrosion.

2) Wall thickness should be evaluated for potential reduction due to erosion or
corrosion.

3) Extent of internal corrosion/erosion can be evaluated by any of the following
methods:

a. Review of existing corrosion inspection program for RS piping systems,
b. Review of successful operating experience, or
c. Wall thickness measurements.

4) Compare existing corrosion experience and anticipated corrosion to original
design corrosion allowance.
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The reader is should consult the “Proposed Guidance for California Accidental Release
Prevention Program Seismic Assessments” (1998) for additional material not included
here such as support design and inertia loads.

Terminal Inspection Team Assessment

A terminal inspection should include a focused study on the relationship of the oil
supply system and facility operational and safety requirements. A first step identifies
criteria for determining critical functions that require secure energy and selecting those
facilities supporting the required safety/operational  functions

Post-earthquake recovery efforts must focus on life safety, disaster control and
sustaining required operation of essential functions.  Recovery efforts must be prioritized
to maintain required operations and minimize further damage.  It is also essential to relate
the repair of utility systems  to facility needs since experience has shown that utility
system disruptions can produce major impacts upon essential  functions.

The elements of the terminal lifeline assessment procedure are to:

 Form an Assessment/Mitigation Team
 Gather information about lifeline utilities
 Determine essential-function requirements from users
 Consider utility outage scenarios
 Assess the vulnerability of required utility lifelines
 Develop mitigation measures

The most significant step in conducting a lifeline assessment is understanding
what are the critical operations of the terminal. What critical facilities support these
operations and what utilities are critical to support the critical operations?  In addition to
safe operational requirements are the disaster control and recovery functions which are
also highly dependent on lifelines.

The utility/lifeline assessment team must contain a technologist with the ability to
understand and assess the terminal’s utilities.   The team will also need accurate utility
system drawings and diagrams for each system being evaluated.  Operators and
maintenance personnel can often identify vulnerable points for critical systems. Reports
from utility studies, communication system studies, utility contingency plans, security and
other plans and studies may provide drawings and analysis that are applicable to this
effort.  Key hardware components servicing each essential operation need to be identified.
Key hardware components are pieces of equipment which must remain operational to
support the operation and represent critical links.  Utility outage scenarios must be
developed based on the seismic potential  and the key hardware components accessibility
and fragility.  The effects of the utility outages must be analyzed including the evaluation
of the response, repair, and recovery capability of the oil terminal.  Once the team has
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accomplished the utility systems assessment, they can identify the corrective measures
necessary to remedy deficiencies.  These remedies are likely to include projects and/or
activity operational procedures. The team should rank the mitigation measures and
develop plans to implement them.

Analysis

The approach outlined in this section is a guide to assessing the vulnerability of
those control systems and utilities which provide service to essential oil terminal
operations.  The survey team should examine fire detection and suppression, electricity,
water, thermal, sanitary and industrial wastewater, compressed air, and communications
as well as any other utility.   The information  gathered is meant to stimulate the thought
process and is a tool  to assess the utility systems.  In gathering these data one will not
only compile a comprehensive source of valuable utility information, but will also
discover information gaps which might prove critical in an actual utility outage situation.
The vulnerability assessment report  produced from this information will require rigorous
analysis of the particular lifeline utility systems and operating procedures. In analyzing a
utility system, it is best to follow a logical pattern from the point of utility supply through
the onbase distribution system to the final end-user.  In the assessments, provide
simplified schematics of each utility system which have key components.

For each outage scenario considered, both area-wide and local utility outages, the
impact upon the essential operations should be assessed, the minimum utility
requirements needed to support these operations should be determined, and possible
corrective measures to meet these requirements should be evaluated.  Consideration
should be made regarding the interrelationships between utility systems.

Response, Repair, and Recovery Capability

For every key component identified, a comprehensive evaluation the ability to
restore the item to affected areas should be conducted.  For example, restoration of power
may include repair to the disabled component, replacement of the disabled component,
actual bypass of that component or provision of backup power. The potential for
subsequent problems from the repair, replacement, or bypass should be part of the overall
evaluation.  Items that should be considered include the following:

1. Availability of spares and replacement equipment (location, time,
administrative procedures)

a. Onsite
b. Commercial utility
c. Commercial suppliers
d. Other sources

2. Availability of equipment needed to effect repairs
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a. Heavy transport equipment
b. Trucks
c. Special tools and machinery

3. Availability of personnel

a. Activity Maintenance Personnel

1. Crew skill mix
2. Level of training
3. Degree of experience
4. Knowledge of installation systems
5. Multiple assignments and responsibilities
6. Staff reassignment

b. Commercial contractors

1. Number of contractors available and past
relationships

2. Formal agreements or contracts
3. Administrative and financial limitations

c.  Commercial utility

1. Availability potential
2. Formal and informal agreements
3. Other commitments or obligations

4. Consideration of adverse working conditions and circumstances

5. Implementation of load shedding/conservation to match available supply

6. Availability of backup generator sets

a. Verification of operation of generators
b. Maintainability/ability to operate for extended periods
c. Refueling requirements and procedures
d. Ability to relocate and connect to loads
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Key Hardware Components

 Electrical Distribution System

a. Commercial feeds to activity and their point of origin, point of
connection to terminal, and capacities

b. Backup generators

1. Number of fixed and portable sets assigned
2. Other generators available on the installation
3. Size, age, and present assignments

c. All  essential loads and all key components utilizing a current wiring
diagram

d. Load shedding and any other relevant contingency plans

Water Distribution Systems

Water system key hardware components must include potable water,
fire protection water and water requirements related to thermal energy systems (makeup
water for boilers and cooling towers).

a. All  essential loads and key components shown on current drawings
b. Commercial lines serving the activity and the points of origin
c. Onsite water sources (if any)
d. Onsite water treatment facilities (if any)
 e.   Capacity and location of storage facilities (if any)
 f. Key components dependent on electrical power

1.     Pumps
2. Water treatment equipment
3. Valves
4. Controls

g. Backup electrical generator sets

1. Number of fixed and portable sets assigned
2. Size, age, and present assignments

h. Availability of water transport
i. Treatment chemical requirements

Wastewater (Sewage/Industrial Systems)
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Wastewater system key hardware components should include collection
and treatment facilities for domestic sewage and industrial wastewater.  Consider the
possible creation of hazards associated with mixing incompatible industrial wastewater
streams.  Additionally, repairs to sanitary sewers, where waste may be septic, should be
accomplished with protective gear and respiratory equipment.

   a.  Public lines serving the terminal and their point of  origin
   b.   Generating activities
   c.   Onsite treatment facilities (if any)

d. Storage capacity (i.e., 55 gallon drums, tankers, holding tanks, etc.)
 e.   Critical functions which generate wastewater
 f.   Key hardware components from point of generation to

treatment/disposal
g. Key components dependent on electrical power

1. Pumps
2. Wastewater treatment equipment
3. Valves
4. Controls

h. Backup electrical generator sets

1. Number of fixed generator sets
2. Size, age and present assignment

i. Availability of transport (i.e., tankers, barges etc.)
j. Treatment chemical requirements

Compressed Air

a. Essential functions requiring compressed air (if any)
b. Sources of compressed air (central, point of use)
c. Key components dependent on electric power
d. Identify compressors capable of operating independent of electrical

power
e. Isolation valves
f. Cross connects between distribution lines
g. Backup compressors at critical points of use
h. Backup electrical generator sets
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CHECKLIST FOR WALK-THROUGH SCREENING

The Army Corps of Engineers sponsored a study of lifelines on military bases.
One of the products which came out of that work was a set of checklists for screening
water supply lifelines part of which is reproduced below.

Pump Stations

T   F       PIPING PENETRATIONS: Piping at wall penetrations and 
equipment has flexible  connections or sufficient clearance.

T F ANCHORAGE: Pumps, motors, control cabinets, generators and controls
 are adequately anchored.

T F VIBRATION ISOLATORS: Vibration isolated pump and drive 
units have seismic snubbers to limit motions.

T F OFF-SITE POWER: Off-site electrical power or has backup provisions.

Process Tanks And Structures

T F ANCHORAGE: Tanks are adequately anchored.

T F IMMERSED COMPONENTS: Concrete or timber baffles, rotating
equipment, and other immersed components have been designed for
sloshing and inertial effects.

T F PIPING PENETRATIONS: Tanks have flexible connections at 
piping penetrations.

T F LIQUEFACTION: Structures are not buried in liquefiable soil.

Equipment and Piping

T F ANCHORAGE: Plant equipment is adequately anchored.

T F COMMON FOUNDATIONS: Pumps and motors are on common
foundations.

T F PIPING CONNECTIONS: Flexible piping connections are used on all
equipment.

T F EXPANSION JOINTS: Piping which crosses expansion joints has flexible 
connections.
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T F BRACING: All piping runs are transversely and laterally braced.

T F HAZARDOUS MATERIALS PIPING: All piping runs are transversely
and laterally braced. Provisions for containment are present in the event of a
breach.

T F       FALLING DEBRIS: Falling debris cannot damage yard and plant piping.

T F HORIZONTAL TANKS: Horizontal tanks (including fuel, liquid natural
gas, propane, diesel, chemical) are adequately anchored.

T F ELEVATED TANKS: Elevated tank and equipment legs are adequately
braced.

Pipelines

T F BACKFILL AND BEDDING: Pipes are buried in compacted bedding and
fill.

T F COUPLINGS: Couplings are flexible with rubber gaskets.

T F MATERIALS: Pipes are constructed from appropriate materials

T F FAULT CROSSING: Pipes do not cross active earthquake fault zones.

T F ELEVATED PIPES: Elevated pipes are braced for longitudinal and
transverse movements.

T F PIPING PENETRATIONS: Pipes have clearance and flexible couplings at
wall penetrations.

T F CORROSION: Internal and external corrosion has been studied and does
not affect seismic performance.

Storage Tanks

T F SEISMIC SHUT-OFF: There is an automatic earthquake-triggered shut
off valve.

T F PIPING PENETRATIONS: Piping connections have seismic joints which
allow rotation and axial movement.

T F ANCHORAGE: Steel tanks are anchored.
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T F ANCHOR EMBEDMENT: Anchor bolt and strap embedment will develop
yield strength.

T F ANCHOR DUCTILITY: Anchor bolts and straps have at least 6 inches
stretch length  above the foundation.

T F WIRE WRAPPED TANKS: Wire-wrapped concrete tank reinforcing is not
corroded.

T F SLOSHING: Roofs and supporting columns are designed to resist the
effects of sloshing water.

T F FOUNDATIONS: Differential settlement, liquefaction, landslides or 
fault rupture are not expected at this site.

T F WELD CORROSION ALLOWANCE: Steel tank weld thickness was
increased to allow for corrosion.

T F TANK BRACING: Elevated tank legs are braced.

T F COMPRESSION BRACING: Elevated tank leg bracing has significant
compression capacity.

Containment  Reservoirs for Tanks

T F LIQUEFACTION: Earth berms will not liquefy.

T F LINING: The reservoir is lined.

T F SEISMIC SHUT-OFF: There is an automatic earthquake-triggered shut off
valve.

Lifeline Support Buildings

T F BUILDINGS: Buildings have been evaluated and found acceptable 
according to FEMA  procedures.

T F EXITS: Suspended equipment over exit corridors is has adequate lateral
bracing and vertical support.

T F EXHAUST FANS: Failure of exhaust fans will not create areas with 
a hazardous atmosphere.

T F ANCHORAGE: Office and lab equipment is adequately anchored.

T F COMPUTER FLOORS: Computer floor pedestals are braced along every
grid line. Pedestals and braces are bolted to the floor.
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Electrical Power

T F OFF-SITE POWER: Failure of off-site electrical power will not affect
operations.

T F ANCHORAGE: Transformers, control cabinets, switchgear, motor control
centers, etc.  are adequately anchored.

T F POLE MOUNTED TRANSFORMERS: Pole mounted transformers are
laterally braced and anchored.

Uninterrupted Power Supply

T F ANCHORAGE: Charger and invertor units are anchored.

Emergency Power Engine Generators

T F ANCHORAGE: Generator is bolted to the floor.

T F VIBRATION ISOLATORS:  Isolators and retainers are not cast iron.

T F SNUBBERS: Vibration isolators have seismic snubbers.

T F SUPPLY LINES: Fuel, electric, cooling water, air start, exhaust and water
lines can  accommodate relative movement.

T F FUEL TANKS: Fuel tanks are adequately braced and anchored.

T F COMMON FOUNDATIONS: Engines and generators are on common 
foundations.

T F DIESEL FUEL: Diesel fuel is changed at least once per year to prevent
clogged fuel  filters and injectors.

T F COOLING SYSTEM: Cooling system does not leak and has enough make-
up water.

T F SYSTEM LOADS: System loads have not increased since the generator
was installed.

T F AIR START: Air start system compressor and air tanks are adequately
anchored.
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CHAPTER 6 ECONOMIC / RISK ANALYSIS

Introduction

The 1990’s represent a period in which both government and industry are attempting to
reduce expenditures, focusing on economics of operation as a priority problem.  Both are
undergoing a downsizing  to eliminate unnecessary functions and personnel with an increased
emphasis on cost effectiveness and maximization of return on investment.  All construction has a
purpose and the economics of use is involved in the decision process to build or upgrade.
Commercial and industrial construction are  categories of investment  which generally are
designed to serve in an income-producing role.  The user commits to the expenditure of an
amount of resources to establish an operating environment to meet a specific objective. In the
corporate world, the objective may be an industrial complex designed to produce a product.  For
this application the objective of the investment is a marine oil terminal designed to serve as a
means of transferring oil from a ship or barge to a shore based facility.  The facility represents a
costly investment to the owner/operator. It also represents a vital resource to the State of
California as a means of supplying the fuel needs of the State. In addition to the economics of
operation there is the additional concern of protection of the environment.

The California State Lands Commission has oversight of over sixty marine oil terminals, some of
which are over eighty years old and built to unknown standards. Typically, they were built to
resist minor earthquake intensity. New earthquake hazard information from recent events such as
Loma Prieta (1989) and Northridge (1994) indicate that much higher intensities are possible. It is
prudent that these facilities be evaluated and unsafe deficiencies corrected. The criteria uses the
factor  to relate the seismic exposure period of existing construction to that of new construction.
In effect  is the main factor which determines the seismic upgrade level for an existing facility.
The choice of what  to use is an economic decision on the part of the owner and a risk
acceptance decision on the part of the State. Although there is need of definition of a minimum
value of  from a regulatory perspective, the decision of what  to use should be based on
maximization of benefits and minimization of risk.  The CSLC goals are to:

 Ensure safe and pollution-free transfer of petroleum products between the ship and land
based facilities.

 Ensure the best achievable protection of the public health, safety and the environment

 Maximize the utilization of limited  resources

The development of guidelines in part involves prescription of a set of constraints to
minimize the size and frequency of an oil spill. This imparts some design requirements and
imposes some expenditure of money to build a system to which will not fail under some
prescribed load conditions. An important issue is the degree of severity of the design
requirements. This must be viewed in terms of the consequences of the resulting failure. Over the
last forty years, the evaluation of risk and consequences has been advanced starting with work on
nuclear power plant safety.  Risk analysis and economics have been utilized in transportation
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both in the design of automobiles and highways.  From this certain norms have evolved. Society
is much more adverse to a single catastrophic event than equivalent damage  spread over a
number of events, such as a plane crash versus highway deaths.  The following table illustrates
society’s aversion  to events perceived as catastrophic.

Catastrophic Critical Marginal Negligible

Frequent
X > 10 –1 Unacceptable Unacceptable Unacceptable OK

Probable
10–1> X > 10-2 Unacceptable Unacceptable Undesirable OK

Occasional
10-2>X>10-3 Unacceptable Undesirable Undesirable OK

Remote
10-3>X>10-6 Undesirable Undesirable OK OK

Improbable
10-6> X OK OK OK OK

40 CFR 300.5 (NCP) defines a major spill as in excess of 10,000 gallons (238 barrels). A
consensus of persons contacted from agencies such as the Coast Guard, Minerals Management
Service, and oil removal contractors indicate that in excess of 1000 barrels constitutes a large
spill of potentially enormous consequences if it reaches a shoreline. Most people would say that
a spill of 1200 barrels would constitute at least critical consequences. A few might say that under
the most adverse circumstances, catastrophic consequences might occur.  The extent of the
damage depends on a number of factors including the nature of the shoreline, the composition of
the oil, wind speeds and temperature etc.

1200 barrels is a large critical spill

The federal government has in some instances taken a position ignoring risk and acting as a
self-insurer. This is possible chiefly because of its huge size.  Other entities both state and private
do not have this ability. Risk must be considered as an integral part of decision making. A
prudent investor does not always seek the highest yield alone; rather one must also consider the
volatility (riskiness) of the investment decision.

This chapter will introduce techniques which had there origins in the evaluation of
alternatives largely based on economic issues and expands on those techniques to include risk of
adverse consequences.
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Cost of an Oil Spill

The cost of an oil spill involves several elements. There is the direct cleanup cost involving
the expenditures on removal of the oil. There is the cost of damage to the coastline and the
environment in the form of the destruction of wild life and natural resources.  There are third-
party damages consisting of individuals who suffered property damage from contact with the oil.
Additionally there are factors such as loss of use.

The State of California Office of Oil Spill Prevention and Response estimates the cost of an
oil spill based on an average of 108 oil spill incidents as follows:

Cleanup cost  $150 /gallon
Third-part cost $100 /gallon
Natural resource damage $200 /gallon

Total Cost $450/gallon

Noting that there are 42 gallons per barrel, the cost of a 1200-barrel spill would be
$22,680,000.  The 1990 Oil Pollution Act establishes a level of financial responsibility for a
1000-barrel oil spill in federal waters at $35 million. 

Potential damage from a 1200-barrel spill is very large

The costs associated with an oil spill must be factored into the decision making process for
selecting the design  for a seismic upgrade.

Economic Analysis

In the 1980’s the Naval Civil Engineering Laboratory, now named the Naval Facilities
Engineering Service Center, developed a procedure for the economic analysis of seismic design
levels and lateral force resisting systems, Ferritto (1982, 1983, 1984a and 1984b).  That work led
to the development of Chapter 7 of NAVFAC P355.2, Seismic Design Guidelines For Upgrading
Existing Buildings.  The procedures have been adopted for use by the engineering community
and used to analyze the seismic upgrade of several hospitals.  Recently the State of California
passed SB920 which mandates an economic analysis be conducted when new earthquake hazard
mitigation technology such as base isolation or viscoelastic dampers are proposed for use in State
construction projects. The State of California has adopted for use the economic analysis
procedures developed by the Navy referenced above.  New data on damage was added.   The
State of California procedures for conducting an economic analysis are contained in “Earthquake
Hazard Mitigation Technology Guidelines”, Way (1995). This section will present the general
procedure which although developed for buildings is directly applicable to any waterfront
structure.
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Economic analysis techniques have been used extensively in business and engineering.
There has been investigation of the cost of seismic construction upgrading in a number of
documents such as FEMA 157 (1988).  FEMA 228 (1992) and 229 (1992) discuss a benefits-cost
model for the rehabilitation of buildings. A significant study was performed by the Applied
Technology Council, ATC-13 (1985). These studies took a macro-level perspective looking at
the decision process for large inventories of  buildings, expressing  costs on a per square foot
basis, and developing guidelines for application to classes of construction. The models for
estimating cost and damage focused only on evaluating the lateral force resisting system.  There
have been a number of studies of damageability and a good summary of this topic is found in
Taylor ed. (1992).  Harris and Harmon (1986) performed an economic analysis using techniques
very similar to those outlined in Ferritto (1984a), but the work was unfortunately oversimplified
to the point where its results are limited. They related damage only to drift and failed to include
story force/acceleration as a separate damage mechanism. Ductility demand alone can not
represent all damage since direct force/acceleration effects on elements mounted to floors or
ceilings and damage to building contents would not be included. One would erroneously
conclude that simply stiffening a building would reduce all damage when in effect we find that
induced floor accelerations are increased by stiffening. One would never be able to completely
assess the cost - benefits of base isolation if acceleration damage were omitted. Their damage
function for the total building consisted of interpolating between yield and collapse ductility
levels for only the lateral force resisting element neglecting the possibilities of different level of
damage to the other building elements and subsystems.

 There is an increased emphasis on post-earthquake facility functionality by the engineering
community. In this light, it is essential to be able to evaluate the extent and location of expected
building damage. Are there any weak links in the facility system design which will preclude
operability? Operability demands that the facility be viewed as a total system not just a structural
system. Utilities and the other elements must function to have operability. It is necessary  to
know what other facility system elements are damaged in addition to the damage to the lateral
force resisting system. This section presents a detailed analysis procedure which can evaluate the
economics of seismic design for a building system.

The purpose of this analysis procedure is to perform an economic comparison of alternative
designs of a structure considering initial construction expenditures and expected earthquake
induced damage over the life of the structure.  It may compare different types of construction or
different design levels. It is thus intended to assist the user and the design engineer in obtaining
cost effective seismic construction. The procedure referenced above is a process of estimating
earthquake damage based on both displacement  and acceleration. As such it recognizes that the
facility system is composed of components, some structural, some nonstructural and  some
mechanical and electrical,   which are affected by displacement or drift.  It also recognizes the
damage induced in some facility system components which are mounted to floors or ceilings are
damaged by the transmitted story accelerations.  The procedure of including both drift and
acceleration is a significant factor in this procedure which is an improvement over other
techniques which focused only on drift.  As noted above, failure to include the acceleration
induced damage leads to erroneous conclusions that mere stiffening which reduces drift is fully
effective.  For every dollar that is invested in stiffening a structure, a portion of it may be wasted



6-5

because stiffening results in increased floor accelerations which can cause additional damage to
acceleration sensitive components like contents.

The methodology referenced above used available data at the time of its writing; since
then the Loma Prieta earthquake of 1989 and the Northridge earthquake of 1994 coupled with
extensive university testing have greatly increased the damage data base.  In the process of
developing the State of California guideline, the original damage estimation tables were updated
to include the new data.  This new database is now available and was used to update damage
relationships, Way (1995). The procedure for conducting an economic analysis is applicable to
both new and existing structures. The procedure is  appropriate for larger projects which can
justify a site seismicity study and the additional steps involved.  The procedure is not meant for
structures where the building code is design is adequate, but rather for those structures where
post-earthquake performance is under consideration.  It is best applied during the design process
when cost estimates of the proposed structure are usually made and the performance of the
structure analyzed.  When only relative performance of alternatives is required, the general
procedure may be shortened as will be described in following sections.

Steps for Economic Analysis

The following illustrates the steps in an economic analysis. While the procedures are illustrated
in terms of a  building example, they are applicable to piers and wharves and other facilities
found in marine oil terminals.

Define System Components (Step 1) The system and all its component elements must be
identified. This includes site location, structural plan, key facility components, utilities and
lifelines.  This step quantifies the operating goals and performance objectives.

Development of Alternatives and Alternative Costs(Step 2)  The analysis may be applied to
new construction to evaluate:

 alternative structural systems
 alternative materials,
 alternative concepts such as conventional construction vs. new earthquake hazard mitigation

technology such as seismic isolation
 alternative seismic design load levels such as various design acceleration levels
 alternative earthquake ground motion recurrence intervals

For existing construction, analysis may be applied to evaluate:
 alternative seismic upgrade levels
 alternative concepts of upgrade including conventional construction vs. new earthquake

hazard mitigation methods

When an analysis is applied to a design project considering alternative concepts, it is necessary
to evaluate the cost of each alternative. A preliminary structural design must be performed to
determine structural member sizes for each alternative. Additionally nonstructural items affected
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by the seismic forces must be designed to the extent that they represent significant cost factors
which vary among the alternatives. Once the structure is defined a detailed cost estimate can be
completed.  This is a very important step in the analysis and one which determines the level of
accuracy.

As is usual practice in preparing a cost estimate, the structure should be broken down into
major components and the cost of each component noted separately. The division of the facility
into components is an important step since each component will be later analyzed for damage.
As will be shown later, for the case of a building, it is important to separate out components
which are drift sensitive from those that are force/acceleration sensitive.  Equipment mounted on
floors will be sensitive to the acceleration levels it receives; while, items such as vertical
plumbing risers spanning between floors will be drift sensitive. Some items will fall into both
categories. Where desired, a component may be subdivided into elements for a more detailed
evaluation. It is required that a detailed cost estimate be compiled for each alternative being
evaluated.  There may significant portions of the cost estimate which do not vary among the
alternatives. The amount of work involved is not as great as it might appear. Once a routine
detailed cost estimate is prepared for the basic structure concept, as is standard practice, only
those elements which change among alternatives need be evaluated. Use of individual
components has the added benefit of showing where the damage occurs and whether there are
any weak links in the system. This is especially important for systems which are expected to
remain operational after an earthquake.

While the procedure is applicable to all waterfront construction, it will be illustrated by a
case study of a building for which data was available. A study was performed in which a 185-
foot square  three-story building was designed for various steel and concrete lateral force
resisting alternatives. Five lateral force-resisting alternatives were evaluated for six design
acceleration levels.  Figure 6-1 shows the cost increase of seismic design as a function of the
design acceleration level for the various alternative lateral force-resisting systems. For this
illustration, the structure was designed to be at the elastic limit at the design acceleration level to
facilitate comparison. It is interesting to note that in this case, the cost of seismic strengthening is
a relatively minor part of the structure’s total cost.

It should be noted that in addition to the alternatives of modification of the structural design
there may exist non-engineering alternative of land-use consideration (moving to a less
vulnerable site), and financial and emergency response methods. In a building, use and
occupancy restrictions can have significant impact on life-safety hazards. System enhancements
are another possible risk reduction method (increasing the redundancy of key operational and
risk-protection elements of the system)

Seismic Hazard Identification and Assessment (Step 3)  Fundamental to evaluating the
potential for seismic damage  is quantifying of the hazard exposure.  This is accomplished by a
site seismicity study which determines the intensity and characteristics of ground motion shaking
which pose a risk to a specific  location.  The method of performing a site seismicity study has
become standard practice and is used by many geotechnical firms. In general, an historical
epicenter database is used in conjunction with available geologic data to compute the probability
distribution of site ground motion. The process of quantifying the level of hazard involves
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Figure 6-1. Cost of seismic resistance alternatives in new construction.
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building a seismic model of the region using epicenter data, tectonics and geology. (See Chapter
2) The results of the  seismicity study  which are used herein include:

 Definition of the site acceleration probability distribution

 Definition of an array of causative (potential damage producing) events in which magnitude,
separation distance, and site acceleration are defined forming a probabilistically complete set
of events of significance to the facility in terms of damage causation.

  Figure 6-2 illustrates a typical non-exceedance probability ground acceleration distribution for a
site for a given exposure period. The word “total” is used because it represents the combined
effects of all seismic source zones acting on the site. A histogram can be constructed showing the
expected probabilities of various levels of ground shaking, Figure 6-3.  Development of Figures
6-2 and 6-3 are the first steps in the economic analysis and are based on information available
usually part of a routine seismicity study for a large facility.  The use of the probability
distribution and the array of discrete damaging earthquakes represent a complete set of data
defining the total seismic hazard. As such it mathematically captures the exposure hazard.

Damageability Evaluation (Step 4) For waterfront construction it is necessary to consider all
damage mechanisms on the structure. These include the shaking damage potential to the
structures directly.  They may also include other elements such as:(a) potential damage due to
liquefaction and ground movement, as well as ground shaking; (b) repair cost issues for such facilities, such
as possible difficulties due to lack of accessibility (e.g., to repair or replace underwater or underground piles
that are damaged); (c) for major ports and marine oil terminals, the potential significance of major secondary
economic losses due to interruption of operations and effects on other stakeholders; and (d) the potential for
earthquake-induced environmental damage at these facilities.

Earthquake induced structural damage is caused principally by two mechanisms:  drift and
forces/accelerations.  Drift is the mechanism usually causing damage to structural systems.
There have been numerous tests conducted of lateral structural resisting systems which show the
strength of these elements under cyclic load reversal.  Building elements anchored to floors or
suspended from ceilings feel the floor acceleration and respond as substructures. Depending
upon the natural period of the structure, floor accelerations can be significantly higher than
surface ground motion levels and tend to increase  with height within the structure.   The original
Navy work,  Ferritto (1984a),  presented data tables relating damage of various components to
drift and to acceleration.  Way (1995) has updated this information based on experience over the
last decade.  Figure 6-4 gives the most current damage estimate data.

For each alternative it is necessary to conduct a series of  analyses to compute damage over a
range of possible ground motion levels. Looking at the probability histogram of occurrences of
various levels of acceleration in Figure 6-2, it can be seen that the bins cover increments of 0.1 g
over a range of 0 to 1.0 g for the particular site.

To illustrate the process, a set of ten dynamic analyses  starting at 0.05g to 0.95g would be
appropriate for this case to cover the range of possible accelerations which could produce
expected damage of significance.  (Note 0.95g was selected upper limit for this example and
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Figure 6-2. Total probability of non-exceedance of site acceleration.
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would be based on the actual site data covering the upper bound acceleration at a meaningful
probability.) For a specific alternative, a basic finite element model would be constructed; then,
the ten analyses of the model would be performed in which the applied load level was increased
from 0.05 g to 0.95g.1 The results of the analysis are used to establish the interstory drifts and
floor accelerations at each applied load increment.  These are used to compute the damage ratio
for each component by using Figure 6-4, examining the individual component elements and their
appropriate drift and/or floor acceleration.  The damage evaluation process is repeated for each
of the ten applied load levels from 0.05g to 0.95g  for each alternative.   This part of the analysis
can be automated by a program which post-processes the output from the finite element program
and computes damage to all components and then sums component damage for overall building
damage at that level of applied loading.   Thus to summarize:

Alternatives    1... i

Acceleration Increments 1... j

For each dynamic analysis for a given alternative, i, and applied load level, j, each of the
identified components such as structural frame, mechanical equipment etc. is evaluated for
damage using the drift and floor acceleration response data. Specifically,  for a typical iteration
the structure is defined, the load is established, a dynamic analysis is performed, displacements
and accelerations are computed ( drifts, interstory displacements, floor/deck accelerations, etc),
for each identified component, component damage is computed using the displacement and
acceleration data, damage is summed for all components giving total damage for that iteration
combination.

The element damage relationship expressed in Figure 6-4 is in terms of a damage ratio;  the
actual element damage cost is obtained by multiplying the damage ratio from Figure 6-4 times
the element cost from the cost estimate.  Alternatively the element damage can be summed to a
component level based on average damage ratios and then expressed as a component  damage
cost based on the average damage ratio times the component cost.  Experience has shown that
the cost of repair is  greater than the original cost because elements must first be removed before
the damaged component can be repaired or replaced. A  component repair multiplier, R,  is used
to account for this increase. The repair multipliers are based on GSA data obtained from actual
experience. Note that structural materials may be in short supply after an earthquake and cost
more. This may also be included in the R factor.  For example, when a lateral force element is
damaged, the level of damage is first computed from the drift data.  This level of damage is then
multiplied by 1.5 to take into account that the repair process  requires more work than the initial
installation. Specifically, a given level of drift may represent 10 percent damage to the element
which would become 15 percent of the dollar cost of the element (10% times 1.5). The following
repair multipliers are suggested to increase the component costs:

                                                
1 The author has found that performing a nonlinear time history analyses using programs like the
DRAIN2DX/DRAIN3DX  computer program to  be highly efficient. The amount of effort involved is not increased
significantly beyond the basic analysis since repeated analyses at different load levels only involve adjusting a few
parameters to change or scale the acceleration load record and the structure damping level. The topic of damping
will be discussed below. No changes need be made to the structure geometry model.
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Lateral force resisting system 1.5
Other structural components 1.5
Mechanical equipment 1.25
Electrical equipment 1.25
Architectural elements 1.25
Elevators 1.25
Contents 1.05

The Total Building Damage for a given iteration of acceleration load level can be expressed
as:

Total Damage  = £ ( Damage Ratio ) * (Component Cost)*
(Component Repair Multiplier)

Additional cost factors should be included in the Total Damage at this point, such as  loss of life,
injury and interruption in operations and lost revenue from the facility being out of service.  Loss
of functionality can be a very significant cost factor for certain types of facilities. The inclusion
of these indirect costs are significant and can shape the results of an analysis.

The Expected Damage Cost is computed by multiplying the  probability that the acceleration
increment from the histogram will occur, such as  Figure 6-2, times the damage or damage ratio
for the building evaluated at that acceleration increment,  and summed over all acceleration
loading increments. The Expected Building Damage Cost for the specific alternative concept
over the range of possible accelerations for the defined exposure period (for example 50 years) is
given by:

Expected Damage = £ ( Total Damage for increment “bin” of acceleration ) * (Acceleration
“bin” Probability)

Since the damage will occur some time in the future it must be expressed in terms of the present
value (PV) to relate it to the current costs of seismic strengthening or remediation.

Current Expected Damage Costs = PV( Expected Damage Cost)

In most cases, we do not have data which defines the temporal sequence of expected earthquakes
over the life of the structure. It may be assumed that the risk is uniform over the exposure period.
The present worth can be determined by dividing the exposure time into segments and then taking
the present value of each segment.

The  life cycle cost of this alternative is the sum of the initial construction cost plus the
present value of the expected damage based on the preceding two equations.

Alternative Cost = Initial Construction Cost +  PV( Expected Damage Costs)
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Engineers have used two forms of structural dynamic analysis:  response spectra procedures
and  time history solutions.  A nonlinear time history solution is preferred because it directly
computes displacements and floor accelerations taking into account structure yielding.  Since
there is substantial variation among earthquake records even when scaled to the same nominal
peak acceleration value, the selection of an acceleration record can be a factor in establishing the
maximum response of the structure.  The choice of records should be examined to quantify
variation in response and a series of three acceleration time histories is typically used to cover a
range of response and to populate all frequency ranges of importance to the response of the
structure.  It is important to note that as the ratio of applied loading to design load increases, the
structure undergoes increased deformation and possible nonlinear behavior. As the level of
deformation increases, an increase in damping occurs which must be included in the analysis.
Values for damping as a function of inelastic deformation have been discussed in the literature
and are presented in Ferritto (1984a).  Care must be taken at each load level iteration to select the
appropriate damping for that load increment.

Decision Analysis and Alternative Selection (Step 4) At this point the owner has information
which shows the cost of each alternative and the expected damage each alternative is likely to
sustain over its life.  The owner should examine the options in terms of the returns for investment
of additional resources. Consideration of the costs of interruption of operation are essential parts
of the analysis. Consideration for minimization of risk can be included and this will be further
developed below.

Simple Economic Comparison - Illustrative Example

To illustrate the analysis of alternative concepts, the building discussed above will be used.
The structure is a proposed  three-story square building 185 feet on a side.

Problem:   Consider for a new building the alternative designs of

 Steel frame and concrete shear wall

 Steel braced frame

The alternatives of frame/shear wall design and braced frame design will be compared for a 0.2g
elastic design acceleration.  The building is shown in plan view in Figure 6-5a and the two lateral
force resisting alternatives are shown in Figure 6-5b.  The components identified for analysis,
their costs and repair multipliers are shown in Table 6-1. The components have been divided
based on their susceptibility to drift or acceleration.
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Figure 6-5b. Sections showing braced frame and shear wall alternatives.
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Table 6-lA Drift Sensitive Components
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Table 6-1A  Drift Sensitive Components

Component Cost ($) Repair

Multiplier

1. Alternatives

a. Braced frame

b. Shear walls

126,800

107,000

2.0

2.0

2. Nonseismic structural

    frame

625,500 1.5

3. Masonry 417,600 2.0

4. Windows and frames 120,600 1.5

5. Partitions, architectural

    elements

276,200 1.25

6. Floor 301,200 1.5

7. Foundation 412,100 1.5

8. Building equipment and

    plumbing

731,600 1.25

9. Contents 500,000 1.05
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Table 6-1B Acceleration Sensitive Components

Component Cost ($) Repair

Multiplier

1. Alternatives

a. Braced frame

b. Shear walls

126,800

107,000

2.0

2.0

2. Floor and roof 301,200 1.5

3. Ceiling and lights 288,500 1.25

4. Building equipment and

    plumbing

731,600 1.25

5. Elevators 57,000 1.5

6. Foundation 412,100 1.5

7. Contents 500,000 1.05

The initial construction total costs for each alternative are

Steel Frame and  Concrete Shear Wall   $5876,700

Steel Braced Frame  $5,928,800

For each increment in applied load acceleration between 0.05g and 0.95g a nonlinear analysis
was performed and the interstory drift and floor accelerations determined. Specifically, the full
range of accelerations which are possible to occur from 0 to maximum are covered in increments
to represent a full set of motions and probabilities. The process of discretizing the acceleration
loads in a set of increments does introduce some error which is believed small.  Using drift and
acceleration damage data from Figure 6-4, damage ratios were computed and are shown in
Figure 6-6.  The data in Figure 6-6 was combined with the data in Figure 6-2 to compute Total
Building Damage. The calculations are shown in Table 6-2.
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Table 6-2. Damage Ratio and present value calculation

                                                               Braced Frame                      Frame & Shear Wall

Acceleration
Increment

(g’s)

(1)
Frequency

of
Occurrence

(2)
Damage

Ratio
Braced
Frame

(1) x (2)
Probable

Damage Ratio

(3)
Damage

Ratio
Shear
Wall

(1) x (3)
Probable
Damage

Ratio

0-.1 0.34 0.03 0.0102 0.015 0.0051
.1-.2 0.35 0.11 0.0385 0.05 0.0175
.2-.3 0.16 0.175 0.028 0.08 0.0128
.3-.4 0.07 0.25 0.0175 0.11 0.0077
.4-.5 0.02 0.305 0.0061 0.14 0.0028
.5-.6 0.02 0.335 0.0067 0.17 0.0034
.6-.7 0.01 0.365 0.00365 0.19 0.0019
.7-.8 0.01 0.41 0.0041 0.22 0.0022
.8-.9 0.01 0.45 0.0045 0.24 0.0024
.9-1.0 0.01 0.485 0.00485 0.26 0.0026

Total Damage
Ratio

BF  = 0.1241 SW    = 0.0584

For 50 years of equal exposure and 7 percent interest the average Present Worth factor is 0.28
(Note this value is computed by summation of PW increments over exposure or by a random

simulation)

The present value of the damage costs are:

Braced Frame 0.28 *  0.1241 * $ 5,928,800  = $206,000

Shear Wall 0.28 *  0.0584 * $ 5,876,700  = $96,000
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The present worth of the future damage which can occur any time in the 50-year exposure period
is determined based on the average present worth factor for increments of time using a 7 percent
interest rate. Note that the 0.28 used above is the present worth of a single random damage
events which can occur any time in a uniform manner in the 50-year exposure. It is computed by
a Monte Carlo simulation of 1000 events. As such it represents the present worth of all future
damage expressed as a single event occurring in the future and brought back to today. This
assumes that all damage producing events occur at some unknown set of times in the future, that
they can be summed together, and that the sum can be expressed as a single time event. The
interest rate was based on the approximate rate of return on long term federal bonds and is
thought appropriate for federal construction.  The expected damage is:

Steel Frame and Concrete Shear Wall  $206,000

Steel Braced Frame  $96,000

The loss of building function from an earthquake can be a significant factor and can be included
at this point.  Here the user develops a value for the operation of the building in terms of the
value of the  product produced in the building. For administrative buildings the value of the
salaries paid to the occupants can be an approximate indication of the value of the operation.  As
an illustration consider that the out of service lost time might be estimated as follows based on
the dollar value of the damage and the time to repair:

Steel Frame and Concrete Shear Wall  10 weeks

Steel Braced Frame  5 weeks

If the building housed 200 people with a total annual payroll of $10 million, one week of lost
productivity would be about $200,000 times  the present value factor 0.28 or $56,000. Note this
is a trivial illustration relating total lost time to total damage. It should be obvious that more
complex characterizations of downtime and loss of service can and should be made based on the
actual circumstances.

The total cost of the two alternatives involves summing the initial construction costs plus the
present worth of the total damage and lost time costs expected. In this example they are:

Steel Frame and Concrete Shear Wall  $5,876,700 + $206,000 + $560,000 = $6,642,700

Steel Braced Frame  $5,928,800 + $96,000, + $280,000 =  $6,304,800

Up to this point the interest rate and the life of the structure have not been discussed. Both of
these can affect the choice of options.  It is up to the owner/user to select these values based on
the value of money to him/her and the projected useful life of the structure.  For federal
construction the value of borrowed money such as long term Treasury Bonds is a good indication
of what money is costing.  One may choose to subtract the inflation rate from the long term
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Treasury Bond rate to exclude the inflation or one may add an inflation rate to future repair costs.
The example assumed a constant value analysis excluding inflation.  Increasing the value of the
interest rate makes the present value of future losses less and reduces the economic worth of
damage prevention over initial savings. It becomes harder to justify seismic damage reduction
technology.  Conversely if borrowed money  were without cost, seismic improvements would be
very attractive.  Buildings tend to remain in service for long periods of time. Fifty years has been
used as the economic life for federal construction.  Increasing the life of the structure increases
its exposure to damage  but also increases the time factor in present value calculations which
reduces the present worth of future damage.  The specifics of the problem determine the net
effect.  In general the life of the structure has less effect than the interest rate.

At this point the decision-maker can evaluate the reduction in losses with increased
investment.  Once the minimum required standard is met, the owner may decide how much
additional investment is prudent based purely on commercial business investment practice.
However this may not be enough when evaluating a marine oil terminal. The risk of major spills
is an important factor which must be considered and will be addressed in following sections.

Simplification of General Economic Analysis

The above procedure involves three main steps: the quantification of the seismic hazard in
probabilistic terms, the determination of the initial costs of  seismic strengthening or
remediation, and the determination of the expected damage.  It was proposed to use an
incremental approach in which the ground motion acceleration probability distribution is
expressed as a histogram composed of incremental “bins” of acceleration and their associated
probabilities of occurrence.  This produces a full and complete analysis of the best estimate of
the seismic exposure.  However, a site seismicity study may not always be available.  The
engineer is free to substitute a set of earthquake events of design interest.  This set is not a
complete risk assessment but rather is a comparison of the proposed structural design alternatives
under an assigned set of design load conditions.  Having done this, the designer may choose to
consider the average performance of the structure under the assigned set of events, or perhaps the
worst case event, or perhaps the cumulative effect of all the events.  Again it is important to note
that this approach is not a total risk analysis but only a relative comparative performance of the
alternatives under a set of design conditions.  It was suggested that nonlinear time history finite
element models of the structure be used to estimate drift and floor accelerations using sets of
time histories. The engineer may substitute elastic response spectra techniques if he chooses as
long as the results are adjusted for yielding.

Application Simple Economic Analysis To Piers and Wharves

As noted above the general procedure described above for performing an analysis of design
alternatives may be applied to any type of structure.  Data from a recent project is available to
give an indication of the cost of a pier and its components. For a 120-foot wide 1460-foot long
pier to be built in San Diego, a cost of $53 million was estimated. The following gives a
breakdown of elements and their costs:
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Figure 6-7
Acceptable Risk Procedure
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Pier structure including pile foundation $18.1 M
Utilities $11.5 M
Fendering $  3.1 M
Dredging $12.3 M
Demolition previous structure $  2.6 M
Contingency etc. $  5.4 M

As can be seen the actual structural costs are only 34 percent of the total project costs.  Changing
the pile design may influence the structure cost 15 percent but would only influence the total cost
by about 5 percent.

Since the potential for harm to the environment from a large oil spill is high, the following
section will address the element of risk as well as economics. The Port of Los Angeles
commissioned a study of the design of the Pier 300 wharf Taylor and Werner, (1993).  This
study gives a valuable insight on the economics of the decision process and also allows for the
inclusion of risk.  The following section builds and expands on that work.

Expanded Economic Analysis To Include Risk

The preceding section presented procedures to utilize economic analysis as an aid in
decision making and selection of the best alternative design. This section expands the general
economic analysis procedure to include risk.  The operation of a marine oil terminal is an
economic process requiring prudent decision making based on business conditions and
competition. However, it goes beyond simple economics because it considers potential risks to
the surrounding environment due to earthquake damage to the terminal.  

Overview of Procedure

This section describes an “acceptable seismic risk” evaluation procedure that can be used to
provide information to enable regulatory agencies, owners, and other marine oil terminal
stakeholders to make rational decisions for reducing seismic risks at such terminals.  This
procedure is based on the premise that it is not possible to achieve zero seismic risk; that is, no
matter what degree of seismic design or strengthening is implemented, there will always be some
finite residual risk of unacceptable seismic performance (which may be measured in terms of
release of hazardous materials, repair costs, loss of operations, etc.).  The acceptable risk
procedure uses state-of-the-practice geoscience, engineering, systems, and economic analysis
methods to establish that level of residual risk that is “acceptable” – i.e., for which the costs
required to further reduce these residual risks are so high as to be no longer acceptable.  These
costs may not only be economic, but may also entail other types of costs as well (e.g., the social,
political, and legal costs that may be associated with a given degree of earthquake damage).

Steps 

This section outlines the seven steps (see Figure 6-7) that comprise the acceptable risk
evaluation procedure.  The procedure may be applied to ports, marine oil terminals, or any other
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system that may be at risk during an earthquake.  As applied to different system types, the
acceptable risk procedure evaluates costs and risks associated with alternative seismic risk
reduction strategies.

The risks to be considered in a given application may differ according to the system type and
objectives of the decision-makers.  For example, decision-makers at a large commercial
container port (e.g., port owners and tenants) may focus their evaluation on the reduction of risk
from economic losses due to excessive earthquake damage and loss of operations.  Decision
makers at government regulatory agencies charged with developing performance requirements at
facilities with hazardous materials (e.g., marine oil terminals) may focus on reducing risks from
unacceptable release of these materials during an earthquake.

Step 1: Define System and Components to be Evaluated   Under Step 1, the overall system to
be considered in this evaluation is defined and described.  This description should include the
system’s location, overall configuration, scheduled modifications, operational requirements,
volumes and types of cargoes handled, and its components and their operational interfaces.  The
description of each component in the system should include: (a) its location(s) within the system;
(b) function; (c) importance to system operations; (d) replacement costs; (e) structural elements
(materials of construction, mass, e.g. location, stiffness, support conditions, etc.); (f) equipment
essential to system and component operations; and (g) any prior seismic design or strengthening.

In addition, a set of operational goals should be established either for new construction or
existing construction. For existing construction, the shortfalls of the present construction should
be identified.

Step 2: Identify Permissible Seismic Risk Reduction Alternatives Step 2 of the procedure
identifies those seismic risk reduction alternatives that are in the decision-maker’s jurisdiction to
implement.  In general, these alternatives may include:

 Engineering – These alternatives most commonly consist of seismic design of new facilities,
seismic retrofit of existing facilities, and improvement of potentially liquefiable soils.
Engineering evaluation may also result in other measures to reduce risks such as alternative
site location, occupancy reduction of less safe buildings, and use of temporary shoring.

 System Enhancement – The objective of these alternatives is to assure that systemic goals of
the port or marine oil terminal are achieved such as maintaining cargo handling, transport,
and storage operations, implementation of emergency response and recovery operations, etc.
System enhancement alternatives include the development of multiple redundant operational
paths and nodes for maintaining system operations and emergency power, communication,
and fire fighting capability.

 Financial Reserving – These alternatives include the retaining of funds for emergency
response and recovery contingencies.

 Disaster Recovery and Restoration – These alternatives include the development of post-
earthquake emergency response procedures for port or marine oil terminal personnel,
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stockpiling of materials and equipment, and coordination with the government, police
department, fire fighting agencies, hazardous material cleanup agencies, medical agencies,
and utilities.

 Risk/Liability Transfer – These alternatives include the use of insurance or other liability
transfer mechanisms to limit post-disaster liabilities and assure that adequate recovery funds
exist.

The acceptable risk procedure as described in the remainder of this section and in the
example application below specifically addresses only one of these alternatives – engineering.
However, it should be recognized that engineering is only one of several risk reduction
alternatives that may be implemented.  A comprehensive seismic risk reduction plan should
encompass many or all of the various alternatives listed above.

Step 3: Define Multiple Scenario Earthquakes  This acceptable risk approach applies a multi-
scenario method within the framework of a Monte Carlo approach, in order to assess system
costs and risks.  Scenarios are defined as a suite of earthquakes that collectively represent the
seismicity, geology, and tectonics of surrounding region.  Each scenario earthquake is defined in
terms of its moment magnitude and location (i.e., the location of the earthquake’s epicenter,
focus, center of energy release, or fault rupture zones).  Only scenario earthquakes with a
potential for damaging the system are considered (e.g., earthquakes with moment magnitude  5.0
and that lead to ground shaking at the site that exceeds some designated damage threshold level).
The example described in the following section summarizes a state-of-the-art procedure for
establishing scenario earthquakes in California.

There are many ways to develop a suite of scenario earthquakes, and to incorporate the
multitude of uncertainties inherent in estimating potential future earthquakes and their locations.
A Monte Carlo approach to the development of scenarios permits the incorporation of various
uncertainties into the process of defining scenarios.  Scenarios may be modeled in terms of one
or more simulations.  Each simulation represents the application of a random process to the
independent parameters.  As a consequence, to the extent that the random parameters can be
modeled in terms of uncertainty distributions, a Monte Carlo approach can incorporate
uncertainties in the process for selecting scenarios and the various simulations generated from
these scenarios.  In addition, this application of scenarios and simulations can readily incorporate
spatially extended systems, such as those combining analysis of the port or marine oil terminal
facility and the inland transportation systems that serve it.

To assess costs and risks over time that may be associated with alternative seismic risk
reduction decisions, the scenario earthquakes may be represented in a form for use in a walk-
through analysis.  This form would consist of a table whose first column contains a year number
(1,2, 3,…..up to possibly thousands of years), and whose subsequent columns list the magnitude
and location of each earthquake determined to have occurred in the region during that year.  The
number of potentially damaging earthquakes during each year would range from zero (during
many of the years) to some maximum number, probably about 4 for California as a whole,  with
a smaller expected number for a facility within a specific region of the state.
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Step 4: Estimate Site-Specific Seismic Hazards Under Step 4, geoscience and engineering
procedures are used to estimate the seismic hazards throughout the system due to each scenario
earthquake from Step 3.  Strong ground motion estimates are developed for each scenario
earthquake from Step 3 both as a means to estimate strong ground motion hazards and to
estimate those secondary hazards such as liquefaction, slope instability, and tsunamis that may
result from strong ground motions.  Local fault displacement hazards are also estimated for those
earthquake scenarios associated with fault systems traversing the port system in question.

Step 5: Implement Alternative Seismic Design/Strengthening Strategies for Individual
Components within Overall System  Under Step 5, preliminary seismic designs are carried out
for all new components, for strengthening of all existing components, for ground improvement,
etc.  A series of alternative designs may be carried out for each component (e.g., designing each
component to alternative design criteria, considering alternative seismic detailing of structural
elements, alternative levels of ground improvement, alternative equipment designs and/or
support systems, etc.). These designs should be taken far enough so that initial construction costs
can be evaluated under this step, and overall system seismic performance can be evaluated under
Step 6.

Step 6:  Evaluate Seismic Performance of Overall System  Step 6 provides a model of the
overall system as a function of damage to each of its components.  The overall system model will
include (a) physical interaction effects among diverse components within the system (e.g., how
damage to one component affects performance of another component); (b) direct revenue losses
to the port as a consequence of damages to components and the system; and (c) impacts on other
stakeholders (e.g., shippers, those living and working in close proximity to the port) of primary
and secondary damage to the port.

Step 7: Assess Seismic Risks and Modify Component Designs if Appropriate Step 7 contains
the following substeps that are described below.

 Substep 7-1: Develop Risk and Decision Calculations for Risk Reduction Alternatives

Substep 7-1 evaluates the risk reduction alternatives from Step 2 in terms of the loss and risk
estimates developed under Steps 3 through 6.  These alternatives can be compared in terms of
significant performance criteria.  For commercial container port facilities that handle container
cargo with minimal environmental risk, the performance criteria will often focus on minimizing
economic risks – i.e., the potential risks of significant repair costs, business interruption losses,
and higher order economic impacts due to earthquake damage (see above).  For marine oil
terminals that transport and store environmentally sensitive materials, these criteria will focus on
minimizing environmental risks (e.g., oil spills) as well as economic risks.  As discussed above,
seismic risk analysis of marine oil terminals can compare the likelihood of diverse extents of oil
spills to the life-cycle costs of various design and/or seismic retrofit alternatives.

An important element of this substep is the estimation of economic risks in accordance with
the following considerations:
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 General. Regardless of whether commercial ports or marine oil terminals are considered, the
evaluation of economic risks associated with alternative seismic risk reduction decisions will
be an important element of the risk analysis.  These economic criteria used in the analysis
emphasize both the mean and the variance of the life-cycle costs.  Life cycle costs consider
both the initial outlays (e,g., initial construction costs) and the present value of the
downstream costs of alternative decisions (e.g., as noted above, the repair costs, business
interruption losses, and higher order economic impacts due to earthquake damage).

 Mean Value of Life-Cycle Costs. Emphasizing the mean value of the life-cycle costs is best
represented by a least-cost analysis.  Such analysis can indicate which of the various seismic
risk reduction alternatives lead to the lowest value of the life cycle costs. From an investment
perspective, this is analogous to obtaining the best possible “yield” from an “investment” in
seismic risk reduction. That is, if one ignores the variance of life-cycle costs, the optimal
seismic risk reduction alternative will have the least mean life-cycle cost.  To obtain such
information, there are several  reasons why a least-cost analysis is superior to a benefit-cost
analysis.  For example, a seismic risk reduction alternative with a “favorable” benefit-cost
ratio may nevertheless not have the most favorable benefit-cost ratio.  Also, some decisions,
especially those involving insurance purchase, do not (or in principle should not) have a
favorable benefit-cost ratio.  Instead, insurance purchases are made in order to reduce the
volatility of decisions.

 Variance of Life-Cycle Costs. Emphasizing the variance of life-cycle costs incorporates this
“insurance” feature of investments.   The variance represents the volatility (riskiness)
associated with a given seismic risk reduction decision.  In traditional capital markets,
volatility is typically assessed in terms of the variance on the investment return.  This is
particularly important to ports, since port investments are not fully diversified, and ports do
not have unlimited capital to cover investments that go bad (or are unlucky).  Therefore, port
investments consider volatility as well as expected value (mean) of the return on investments.
These investments are primarily designed to reduce the volatility of  port investments
generally, and so act in significant ways as substitutes for insurance. (See Bernstein, 1996;
Taylor and Werner, 1995, 1998).

 Applicability in Acceptable Risk Methodology. Incorporating considerations of volatility into
investments is very important for natural and environmental hazards mitigation programs. It
is analogous to a prudent investor who not only considers the maximum yield of an
investment, but also considers the volatility of the investment.  Within the context of the
acceptable risk methodology, consideration of the variance of life-cycle costs is a measure of
the extent to which life cycle costs due to a given scenario earthquake can deviate from the
mean value computed by a least-cost analysis.  Therefore this should be an important element
of the seismic risk reduction decision process.

 Discount Rate Considerations.  The application of a discount rate is necessary in economic
analyses in order to compare present costs and benefits with downstream costs and benefits.
However, selection of a suitable discount rate has raised many issues.  Very often, the (real
or constant dollar) discount rate selected is the difference between the rate for an extremely
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secure (non-volatile) investment and inflation.  For instance, one may select long-term
federal treasury bonds as extremely secure investments, and subtract from the current rate of
these long-term financial instruments the rate of inflation.  Cost of capital to a port, though,
may imply a slightly higher rate, since the cost of borrowing for the port may be higher than
the current rate of a very secure investment.

 Discount Rate Multiplier. For the application of a discount rate j over an exposure time T in
least-cost analysis, one may apply the following multiplier, TjR , , to  the average annualized

loss:
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 Applicability to Non-Economic Risks.  The application of discount rates to lives saved,
injuries averted, environmental damage, and treasures lost, to mention a few categories, has
raised serious questions.  Is one life saved today equivalent to five lives saved in twenty
years or to twenty-five lives saved in forty years?  Other than in calculating the economics of
health programs, can one properly discount lives saved?

Substep 7-2: Select Risk Reduction Alternative(s) that Best Fit Performance Criteria.

Under Substep 7-2, the results from Substep 7-1 are used to eliminate various alternatives
and select among those alternatives that remain.  For example, alternatives may be ruled out if
they lead to consequences that are proscribed by regulation, or if there are some clearly superior
alternatives in terms of existing performance criteria (e.g., oil spill size probabilities and total
life-cycle economic costs).

Substep 7-3:  Review Selections of Risk Reduction Alternative(s) with Public.

Substep 7-3 provides justification of the acceptability of the selected risk reduction
alternatives through programs that incorporate public review and criticism.  Stakeholders in the
decision are brought in through this substep.  Based on feedback from this process, one or more
of the prior steps of the acceptable risk procedure, and the resulting selection of a seismic risk
reduction alternative, may be revisited or modified.

Demonstration Application

Background  This section describes a demonstration application of the foregoing procedure to a
hypothetical container wharf at a major commercial port.  In this application, costs and economic
risks associated with the use of alternative design acceleration levels are compared.  Information
of this type provides a port decision-maker with information for making a rational decision
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regarding an appropriate level of design acceleration to use for his or her wharf facility.  This
demonstration application is designed to be tractable, in the sense that other investigators should
be able to replicate the results (except, perhaps, for the numbers resulting from application of
random generators).  The text of this section contains example calculations to assist in this
replication.

This application is a modification of an analysis previously carried out for the Port of Los
Angeles (POLA) and described elsewhere (e.g., Taylor and Werner, 1995 and  1998; Werner,
Dickenson, and Taylor, 1997; Werner, Thiessen, and Ferritto, 1998).  In view of these
modifications, this example does not directly reflect the details and conclusions of the prior
work.  The main difference between the current example and the previous analysis is that the
current example uses a much more complete scenario earthquake representation for the region.
This current representation contains over 13,000 scenario earthquakes that cause peak ground
accelerations at the site in excess of 0.01 g.  As discussed subsequently, this representation was
developed by adapting earthquake modeling procedures for California that were developed under
the USGS National Hazards Mapping Program (Frankel et al., 1996).  In the previous example,
only 24 scenario earthquakes were considered that were based on previous work for POLA that
was performed by others.

In addition to the scenario earthquake modeling, there were other differences between the
current and previous examples.  These consist of: (a) consideration of multiple discount rates,
rather than a single rate, in the prior example; and (b) a modification of the site coordinates in the
current example.

Because the objective of this analysis is solely to demonstrate the economic and risk
evaluation procedure discussed above, the analysis contains certain simplifications that should be
improved, to the extent possible, when applying the procedure to an actual port.  These include:

 The analysis should consider more detailed characterization of faults in that could affect the
hazards at the site, as well as local soil conditions and potential for ground failure due to
liquefaction, slope instability, and surface fault rupture.  The procedures recommended by
the other investigators under this CSLC-USN project for marine oil terminals should be
helpful for this purpose.

 The modeling of the seismic vulnerability of the wharf structure in this example is very
simplified and should be improved.  Again, the procedures in other chapters of this report
should be helpful in this regard.

  It is preferable that the entire port be treated as a system.  That is, instead of concentrating
on only one component such as the wharf structure in this example, other components and
their operational and physical interfaces should be addressed as well.

 The example addresses only one type of seismic risk reduction alternative – the selection of
the level of seismic design acceleration to be considered for the wharf design.  It does not
consider that range of other seismic risk reduction alternatives that are available.
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Figure 6-8
Cross Section of Wharf
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 Analyses of uncertainties and higher order economic losses are still very much in the
research and development stage.  Sensitivity analyses are desirable to overcome the belief
that current models yield precise and accurate (rather than approximate) results.

 The example directly considers only ground shaking hazards.  Other hazards that could be
significant at a port or a marine oil terminal – such as liquefaction, slope instability, and
surface fault rupture – should be considered in future applications of this procedure to an
actual port or marine oil terminal.

Finally, it is important to emphasize that this example is for a hypothetical commercial
container port for which the principal risks are economic losses due to excessive repair costs and
loss of operations.  Other possible risks from earthquakes, such as environmental risks, risks to
life safety, etc. have not been considered.  The extension of this risk analysis procedure to also
address environmental risks at marine oil terminals is described  in a later section.

Step 1:  Define System and Components to be Evaluated The hypothetical facility in this
demonstration application is the pile/wharf structure, embankment and dike shown in Figure 6-8.
This wharf has a total length of 4,000 feet.  It consists of a cast-in-place concrete flat-slab deck
system supported on 24-inch diameter prestressed concrete piles that extend into the underlying
rock embankment.  The wharf is located in the Los Angeles – San Pedro area of southern
California. Its site has a longitude of –118.28 degrees and a latitude of 33.74 degrees.  This is
close to but not identical to the site originally analyzed for POLA.

Immediately behind this structure is a zone of fills that is 75 ft. wide and is prone to isolated
pockets of liquefaction.  This zone is not critical to wharf operations, and prior investigation has
shown that soil improvement costs to reduce liquefaction hazards to this area are greater than the
economic risks associated with these hazards (i.e., repair costs and losses due to interruption of
wharf operations).  Therefore, a decision was made not to proceed with improvement of these
soils.  Accordingly, analysis of costs and risks due to liquefaction of these fills is not included in
this demonstration application.

Step 2.  Identify Permissible Seismic Risk Reduction Alternatives The seismic risk reduction
alternatives considered in this example pertain to the selection of a design acceleration
corresponding to the “Level 2 Earthquake” (L2E) motion for the seismic design of a major wharf
structure. The L2E motion is defined as the level of earthquake ground shaking for which
damage could occur, but impairment of port operations and other economic risks would be
maintained at acceptable levels.  It is noted that seismic performance requirements for this
hypothetical wharf also require that the wharf be designed to resist a lower levels of shaking –
termed the  “Level 1 Earthquake” (L1E) motion – with no significant damage.  In this example,
the L1E motion was set equal to a constant multiple (0.533) of the L2E motion. The L2E and
L1E ground motions are defined in terms of a peak horizontal ground acceleration (PGA)
expressed as a fraction of gravity, g.

 This demonstration example also assumes that the designation of the L2E motion for the
design of this wharf is not mandated through regulation or code. Level 1 and Level 2 earthquake
motions are minimum requirements specified by the criteria guidelines developed herein. This
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example is a demonstration of the procedure to illustrate the effect of various seismic design
levels. As such it does not follow the criteria recommendations requiring use of a Level 1
and Level 2 earthquake motions and associated response strains.  In this demonstration
example, all possible levels of L2E motion are evaluated in terms of their economic risk
consequences to the wharf.  Therefore, the example shows that definition of design level ground
motions in terms of fixed probability levels may be overly conservative in some cases and
unconservative in other cases.  This will depend on the facility’s location, seismic response
characteristics, important seismic risks to be considered, and seismic performance requirements
relative to these risks, as well as the seismologic and geologic characteristics of the surrounding
region.

In this example, the seismic risk reduction alternatives consist of the seven design PGA
levels for the L2E motions that are listed in Table 6-3.  Based on these seven alternatives,
interpolation was used to represent a continuum (from 0.0g to 0.60g) of seismic design
alternatives.  It is noted that the largest PGA induced at this site by any of the scenario
earthquakes in this application is about 0.7g.

Table 6-3
Seismic Design Alternatives Considered For Demonstration Acceptable Risk Analysis Of

Hypothetical Wharf

Seismic Design
Alternative

PGA Level used to determine Lateral Design Force for
Level 2 Earthquake (L2E) Motions

1

2

3

4

5

6

7

0.0 g (no seismic resistance built into wharf design).

0.24 g

0.30 g

0.37 g

0.45 g

0.50 g

0.60 g

Step 3: Define Multiple Scenario Earthquakes In this example, scenario earthquakes are
established by adapting California data, models, and assumptions used by the United States
Geological Survey (USGS) under their probabilistic National Hazard  Mapping Project.  USGS
have worked jointly with their counterparts at the California Division of Mines and Geology
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(CDMG) in order to develop data and models for representing California earthquakes. (see
Frankel et al., 1996 and  Cramer et al., 1996)

In this application, this process is used to develop over 20,000 scenario earthquakes
throughout California that are consistent with the USGS and CDMG source models, maximum
magnitude designations, activity rates, etc.  These scenarios result from a random-walk analysis
for a duration of 10,000 years.  Ground motion attenuation equations are applied to each
earthquake, in order to assess which earthquakes could cause damaging levels of ground shaking
at the site being evaluated.

More specific information on the various types of earthquake sources that comprise this
model, and the extent of the model that was considered can be provided.  One of the significant
sources for this example is an active fault that underlies a portion of the wharf.

Step 4:  Estimate Site-Specific Seismic Hazards  As previously noted, the only seismic hazard
that is modeled in this demonstration application is ground shaking.  Potential hazards from
liquefaction, slope instability, and surface fault rupture are not considered

The USGS National Hazard Mapping program models ground motion attenuation by using
the equations developed by Campbell et al. (1994), Boore et al, (1993, 1994a, and 1994b), and
Sadigh et al.(1993).  Results of these attenuation equations are equally weighted in accordance
with a “logic tree” procedure. These investigators since updated their attenuation functions in the
January/February, 1997 volume of Seismological Research Letters.  For this demonstration
analysis, ground motions are estimated by applying the Boore et al. (1997) attenuation functions
for peak horizontal ground acceleration only, in which the wharf’s site is represented by a
NEHRP Type D site classification with an effective shear wave velocity of 250 m/sec.
Uncertainties in these attenuation functions are not modeled, although procedures for so doing
are available (see Werner et al., 1998).  A more thorough evaluation could compare the diverse
attenuation functions available and their uncertainties.   Likewise, a more extended port study
involving spatially dispersed components with diverse soil conditions would consider differences
in soil amplification effects on the ground shaking at these diverse sites.

The Boore et al. (1997) relationship has the following form

)ln(ln)6()6(ln 5
2

321 ASvww VVbrbMbMbbY ++−+−+= (6-1)

where
22 hrr jb +=

and

Y is the ground-motion parameter (spectral acceleration at a variety of natural periods or, for
this, example, peak horizontal ground acceleration, in units of g)

1b  is defined separately for strike-slip, reverse-slip, and mechanism-unspecified scenarios

wM is the moment magnitude,

jbr  is the epicentral distance and h is the focal depth (both in km),
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SV  is the average shear-wave velocity of the site soil materials in question (=250 m/sec),

and b3, b5, bV, and AV  are regression coefficients developed for a variety of periods of potential
interest.

In this application, the following parameter values are used to compute peak ground acceleration
in accordance with the above equation:  1b = -0.242 for all types of faults; 2b =0.527; 3b = 0.0;

5b =0.778;  h = 5.57 km; AV = 1,396 m/sec; and vb =-0.371.

The Boore et al. (1997) attenuation equation is used to compute PGAs at the wharf site for
each scenario earthquake considered in the walk through analysis.  A probabilistic seismic
hazard analysis is then carried out according to the following procedure:

 PGA values in increments of 0.01 g are sorted in increasing order.  For the ith PGA value,
(denoted as iPGA)( , the number of other PGAs with larger values is counted.  This is

represented as iN ' .

 The annual frequency of occurrence of PGA values in excess of iPGA)( , denoted as i'υ , is

000,10'' ii N=υ (6-2a)

where 10,000 years is the total duration of the walk-through analysis for this example.  Note
that this frequency differs from the frequency of occurrence of PGA values equal to iPGA)( ,

which is denoted as iυ .  If there are iN samples of PGA values equal to iPGA)( , then

000,10ii N=υ (6-2b)

 The probability that iPGA)( is exceeded over an exposure time of T years is computed as

( ) T
Ti

iPGAAP 'exp1)( υ−−=≥ (6-3)

Step 5:  Implement Alternative Seismic Design/Strengthening Strategies for Individual
Components within Overall System

1. Implementation of Alternative Seismic Design Strategies  A preliminary seismic design of
the wharf is carried out for each L2E design acceleration level listed in Table 6-3.  Then, initial
construction costs for each design were estimated.  These are shown in Table 6-4, and are
expressed as a multiple of an assumed baseline replacement cost of $65 million, which is the
total replacement cost for the wharf when no seismic design is implemented (L2E acceleration =
0.0 g).  Therefore, initial seismic outlays are the marginal costs of constructing a wharf designed
to the range of non-zero CLE acceleration levels listed in Table 6-3.
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2. Seismic Vulnerability Assessment.  Assessment of the seismic vulnerability of this
hypothetical wharf is based on linear and nonlinear pseudostatic analysis methods.  This
assessment uses only very preliminary information on potential embankment deformations, and
does not include effects of soil-structure interaction.  In addition, the possible beneficial effects
of pinning action of the wharf’s pile elements are neglected.  A follow-up evaluation would be
desirable to incorporate these potentially important effects.

The following discussion outlines considerations for estimating repair costs due to damage to
each wharf design alternative that estimated by the seismic vulnerability analysis.  The resulting
repair cost model that is used for this demonstration analysis is also described.   It is noted that
this repair cost modeling for this demonstration analysis is based on a number of simplifying
assumptions.  When analyzing acceptable risks to an actual port, more detailed estimates of
repair costs should be developed.

(a) Repair Considerations

The estimation of repair costs and times at an actual wharf should consider the anticipated
damage modes, repair strategies, available labor, materials, and equipment for implementing the
repairs, and repair strategies to minimize impacts on ongoing operations at undamaged sections
of the wharf.  These considerations for this particular hypothetical wharf are listed below.
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TABLE 6-4
Initial Construction Costs For Various Seismic Design Alternatives

Seismic Design Alternative Initial Seismic Construction Cost

Number L2E Design
Acceleration

Total As Multiple of
Baseline Replacement Cost

($65 Million)

1 0.0 g $  0.0 0.00

2 0.24g $  0.7 M 0.011

3 0.30g $  2.2 M 0.034

4 0.37g $  3.3 M 0.051

5 0.45g $  4.9 M 0.075

6 0.51g $  5.2 M 0.08

7 0.60g $ 10.4 M 0.16

 At PGAs above the design L2E acceleration level, it is estimated that the landward row of
piles (i.e., the G row in Figure 6-8) will take the brunt of the seismic force, and will suffer the
major damage.  At these higher accelerations, damage is also anticipated at the F row of piles
outboard from the dike.  The pile damage is expected to be concentrated at the connection of
the pile to the deck.  However, at these high acceleration levels, it is estimated that ground
deformation could cause additional damage in the form of spalling of the cover to the piles
below grade.  Although this additional damage is not expected to impair the  structural
integrity of the piles, the loss of concrete cover could lead to accelerated corrosion of the
prestressing strands and the confinement steel.

 Possible repair strategies include: (a) excavation below the deck to expose the landward rows
of piles; (b) repair of the connection between the piles and the deck, and also any spalling
damage along the length of the pile,  to prevent corrosion of the prestressing and reinforcing
steel.; (c) backfill of the dike with rock to improve the dike’s lateral stability; (d) installation
of a cutoff wall; and (d) backfilling behind the wharf, preparation of a base for AC paving,
and installation of the paving
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 Repair work is estimated to occur over small lengths of the wharf (50-200 ft) in order to
reduce operational constraints on the container wharf.  Repair costs will not be very sensitive
to this length.

 The duration of the repair effort is assumed to be roughly proportional to the number of
crews assigned to the repair.  In this example, it is assumed that two crews will work
simultaneously to repair the wharf at different damage locations.

 It is assumed that the main variable in the repair model is the number of damaged piles,
which accounts for about 20 percent of the total repair costs.  Excavation and backfilling are
assumed to require a minimum of one (1) work week (5 work days) per 100 foot section.  At
lower PGA levels, the time to repair piles does not generally exceed the time to perform the
excavation and backfilling.

 If the underlying fault at the wharf generates an earthquake with surface rupture, it is
assumed that repair costs will  sharply increase. These repair costs are assumed to include
costs for repair of the pile connections and for replacement of 800 feet of wharf (the spacing
between expansion joints).  Crane rails may need to be realigned, and to do so may require
replacement of the wharf deck merely to provide adequate transition to allow the cranes to
traverse across the misaligned section.  It is estimated that one berth along the wharf will be
out of service for about one year during reconstruction.

(b) Repair Times

Based on the above considerations, repair times are estimated from the following
assumptions:

 At PGAs below the L1E design acceleration value, only a brief inspection period is required.
No subsequent repair time is needed.

 At PGAs equal to the L1E design acceleration value, approximately 180 work days (8
calendar months) are required to complete the repairs.

 At PGAs slightly above the L2E design acceleration (L1E design acceleration + 0.02 g),
approximately 200 work days (8 calendar months) are required to complete the repair.  This
estimate is assumed to be valid for all scenario earthquakes not involving significant surface
fault rupture at the wharf.

 If significant fault rupture occurs at the wharf, approximately 260 work days (12 calendar
months) are required to complete repairs.  This would significantly impact other wharf
operations.

(c ) Overall Repair Cost Model

The resulting repair cost model for this hypothetical wharf is based on the above assumptions
and considerations, together with regional construction rates adjusted to account for expected
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access difficulties and restrictions.  The repair cost model is summarized below, and is shown in
Figure 6-9 for each seismic design alternative.

 At PGAs below the L1E design acceleration, there are no repair costs.

 At PGAs slightly above the L1E design accelerations, damage repair costs are five (5)
percent of the baseline replacement cost of $65 million.

 At PGAs equal to the L2E design acceleration level, repair costs are six (6) percent of the
baseline replacement cost.

 For each incremental 0.03 g increase in PGA above the L2E design acceleration level, repair
costs increase by about 0.077 times the baseline replacement cost.

 Regardless of the dollar losses from ground shaking, serious surface fault rupture (leading to
between one and three meters of permanent ground displacement) causes an additional
repair/replacement cost of 18 percent of the baseline replacement cost, due to misalignment
of the wharf face.

Step 6:  Evaluate Seismic Performance of the Overall System  Because only a single port
component is considered in this example, analysis of secondary and higher order losses is limited
to an analysis of possible direct losses of throughputs to the port.  The complexity of even this
business interruption loss analysis can be very significant (Morrison et al., 1986). For performing
this analysis, one may consider such factors as: (a) the excess capacity of the port (the ability of
other wharves to handle cargo); (b) the various types of cargo handled at the port (e.g., metal
products, automobiles, cement, gypsum, and cement clinkers, ores scrap metal and other dry
bulk, break-bulk, forest products, crude oil, refined petroleum products); (c) daily schedules,
increased demand over time to the port facilities etc.;  and (d) which of various stakeholders
bears the secondary and higher order losses (e.g., shippers, the port itself, etc.)  (Werner et al.,
1998)

In this demonstration analysis, an upper bound estimate of business interruption losses is
developed.  This estimate is based on the following assumptions: (a) the wharf handles 3,300
TEU of container cargo during each work day; (b) the port will lose $26 for each TEU not
handled due to earthquake damage; and (c) the duration of the business interruption loss will be
directly proportional to the primary losses (repair costs) incurred due to earthquake damage to
the wharf; and (d) this constant of proportionality considers that if the required repair costs
following a given earthquake )( iL equal $0, the duration of the business interruption ( BID ) will

be zero days, and if the required repair cost equals the total baseline replacement cost
( 000,000,65$=cR ), the duration of the business interruption will equal 280 days, i.e.,

c

i
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Therefore, the total number of TEUs not handled at the port due to earthquake damage is 3,300 x
280Li , and the losses due to earthquake-induced business interruption, BIL , is

c

i

c

i
BI R

L
x

R

L
xxL 000,024,24$)

280
330,3($26$ ==

Substituting 000,000,65$=cR into the above expression,  the cost of business interruption

becomes

LBI = $24,024,000 x Li / $65,000,000 = 0.37 x Li (6-4)

The average annualized value of the business interruption cost, LBI,TOT is estimated by
substituting the average annualized value of repair costs, LR,TOT, for Li in the above equation, i.e.,

LBI,TOT = 0.37 x LR,TOT (6-5)

where the computation of LR,TOT is described in Step 7.

It is noted that the above estimate of business interruption losses is an upper bound because
the inherent assumptions ignore: (a) the likelihood that the some if not all of the entire wharf will
be operable after almost all earthquakes, and so will permit average to peak loads virtually
whenever they are available; and (b) double-counting considerations, e.g., the transportation
system for the wharf may also be damaged and wharf damage will therefore not necessarily be
responsible or solely responsible for business interruption losses incurred.

Step 7.  Assess Seismic Risks and Modify Component Designs if Appropriate   The seventh
step contains three major substeps: (a) development of risk and decision calculations for the
design alternatives, in terms of key performance criteria; (b) selection of the decision
alternative(s) that best meet these criteria; and (c) review these selections(s) and their rationale
with the public.  The following calculations of least costs and variances illustrate the application
of Substep a.

Step 7 Least Cost Calculations For each of the seven seismic design alternatives considered in
this example, calculation of overall mean life-cycle costs involves the following three steps: (a)
calculation of the average annualized loss; (b) calculation of the present value of the losses; and
(c) adding this present value of the losses to the initial construction costs to derive the overall
mean life-cycle costs.  These steps are further described below.

(a) Substep 7-1:  Calculation of Average Annualized Value of Repair Cost for Each Seismic
Design Alternative

To carry out this step, it is necessary to first calculate:
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 The annual frequency of occurrence of each PGA level.  As noted in Step 4, this quantity is
computed from Equation 6-2b, and is denoted as iυ for the ith PGA level iPGA)(

 The repair costs associated with each PGA level for each design alternative.  The estimation
of this cost should consider possible types of repairs needed for each PGA level, in
accordance with the results of the seismic vulnerability analysis.  The repair cost  at the ith

PGA level is denoted as iλ .

From this, the average annualized repair cost  for the decision alternative, 
TOTRL , is computed as

∑=
NA

i
iiTOTRL λυ, (6-6)

where NA is the total number of incremental PGA values considered in this example.

This formulation uses “frequencies” rather than probabilities, because probabilities can
underestimate average annualized losses1.  To illustrate, assume that the number of accidents by
drivers in a neighborhood averages 3 per year, with an average cost of $1,200 per accident.
Hence, the average annualized cost is 3 x $1,200, = $3,600 per year.  Using probabilities, one
may find that in 90 percent of the years at least one traffic accident occurs.  Ignoring the
probabilities of occurrence of 2, 3, 4, or more accidents in a year, one might erroneously
conclude that the average annualized loss is 0.9 x $1200, or $1080.  In general, the use of
frequencies of occurrence is preferable to probabilities in regions of higher seismicity with more
frequent earthquakes and/or strong ground motion levels.

To illustrate how the average annualized value of repair costs is calculated, one might
examine design alternative 5 (L2E acceleration = 0.45g).  Table 6-5 summarizes these
calculations.  It begins with a PGA of 0.25g since this is slightly above the L1E acceleration for
Design Alternative 5.  Below this level, it is assumed that no significant damage occurs.  It
should further be noted that the frequency of occurrence is not—as might be expected—
monotonically decreasing as PGAs increase.  This is chiefly a result of the Monte Carlo sampling
method employed.  Since almost 14,000 earthquake scenarios generate PGAs of 0.01 g or greater
for the 10,000 year time frame simulated, the number of simulations is statistically robust.  Only
for small probabilities should the simulation program consider longer time frames and many
more uncertainties; instead, most of the emphasis of the uncertainty evaluation should be on the
modeling itself.

(b) Substep 7-2:  Calculation of Present Value of Losses

                                                
1 This underestimation will occur unless probabilities of two occurrences, three occurrences, and
so on are considered.
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As noted above, the discount rate multiplier for a constant dollar value discount rate j (based
on annul loss) and a time of exposure of T years, denoted as TjR , , is computed from the

following equation:

j

j
R

T

Tj

−+−= )1(1
, (6-7)

Using the above equation for a 50-year time of exposure, the discount rate multipliers
associated with a range of discount rates are computed, as shown in Table 6-6. This table shows
that, as discount rates increase, the impacts of reducing earthquake losses decreases.

Once a discount rate is established and the corresponding discount rate multiplier is
computed, the present value of the total loss, including repair costs plus business interruption
losses, is computed as:

)( ,,, TOTBITOTRTjPV LLRL += (6-8)

Table 6-7 illustrates the computation of the total mean life-cycle cost for Design Alternative
5, based on discount rates of 1% and 7%, respectively.  This proceeds as follows:

 The last line of Table 6-5 has shown that the average annualized repair cost value for Design
Alternative 5 (computed using Equation 6-6), as a ratio of the baseline replacement cost for
the wharf, is

00075.0, =
TOTRL (6-9)

 Step 6 has shown that, for this hypothetical wharf, the average annualized business
interruption loss for Design Alternative 5, BIL  , is 37 percent of the average annualized

repair cost value, 
TOTRL , .  Therefore, the business interruption loss is

00028.000075.0*37.037.0, , ===
TOTRTOTBI LL (6-10)

From this, the total loss, TOTL' , (including both repair costs and business interruption losses)

is

00103.000028.000075.0' ,, =+=+= TOTBITOTRTOT LLL (6-11)
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Table 6-5
Average Annualized Value of Repair Cost For Design Alternative 5 (Cle = 0.45g)

PGA, g Frequency of

Occurrence, iυ
Repair Cost at ith

PGA Level, iλ
Annualized Repair Cost at ith

PGA level = iiλυ
0.25 0.0002 0.05 0.00001
0.26 0.0013 0.05 0.00007
0.27 0.0004 0.05 0.00002
0.28 0.0006 0.05 0.00003
0.29 0.0015 0.05 0.00008
0.30 0.0022 0.05 0.00011
0.31 0.0001 0.05 0.00001
0.32 0.0004 0.05 0.00002
0.33 0.0002 0.05 0.00001
0.34 0.0002 0.05 0.00001
0.35 0.0002 0.05 0.00001
0.36 0.0010 0.05 0.00005
0.37 0.0002 0.05 0.00001
0.38 0.0000 0.05 0.00000
0.39 0.0002 0.05 0.00001
0.40 0.0001 0.05 0.00001
0.41 0.0003 0.05 0.00002
0.42 0.0014 0.05 0.00007
0.43 0.0004 0.05 0.00002
0.44 0.0012 0.05 0.00006
0.45 0.0002 0.05 0.00001
0.46 0.0000 0.06 0.00000
0.47 0.0000 0.0626 0.00000
0.48 0.0004 0.0651 0.00003
0.49 0.0000 0.0677 0.00000
0.50 0.0000 0.0702 0.00000
0.51 0.0001 0.0728 0.00001
0.52 0.0000 0.0754 0.00000
0.53 0.0000 0.0779 0.00000
0.54 0.0000 0.0805 0.00000
0.55 0.0002 0.0830 0.00002
0.56 0.0000 0.0856 0.00000
0.57 0.0001 0.0882 0.00001
0.58 0.0000 0.0907 0.00000
0.59 0.0000 0.0933 0.00000
0.60 0.0001 0.0958 0.00001
0.61 0.0000 0.0984 0.00000
0.62 0.0000 0.1010 0.00000
0.63 0.0002 0.1035 0.00002
0.64 0.0001 0.1061 0.00001
0.65 0.0002 0.1086 0.00002
0.66 0.0000 0.1112 0.00000
0.67 0.0000 0.1138 0.00000
0.68 0.0000 0.1163 0.00000
0.69 0.0001 0.1189 0.00001
0.70 0.0000 0.1214 0.00000

Sum (=
TOTRL , ) 0.00075
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TABLE 6-6
Discount Rate Multipliers For 50 Year Exposure Time

Discount Rate, j Discount Rate Multiplier, 50,jR

(for annual loss)

1%
2%
3%
4%
5%
6%
7%
8%
9%
10%

39.2
31.4
25.7
21.5
18.3
15.8
13.8
12.2
11.0
9.9

 Table 6-6 shows that the present value of this total loss is obtained by multiplying it by 39.2
for a real discount rate of 1% and by 13.8 for a real discount rate of 7%.  Therefore, the
present value of the losses for  Design Alternative 5 is

0404.000103.0*2.39 ==PVL   for a discount rate of 1%

 and
0142.000103.0*8.13 ==PVL   for a discount rate of 7%

The values of PVL  for all design alternatives are shown in Table 6-7.

(c )Substep7- 3:  Determination of Overall Mean Life-Cycle Costs

The mean value of the total life cycle cost, LCC , is the sum of the present value of losses,

PVL , plus the initial construction cost, CC , i.e.,

CPVLC CLC += (6-12)

For Design Alternative 5, the initial construction cost is 0.075 times the baseline replacement
cost of the wharf.  Therefore,  LCC  is computed as
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115.0040.0075.0 =+=LCC  for a discount rate of 1% (6-13)

and
089.0014.0075.0 =+=LCC  for a discount rate of 7% (6-14)

The total life cycle costs for Design Alternative 5 and also for the other design alternatives are
shown in Table 6-7.

Table 6-7
Illustrative Calculations of Mean Life Cycle Costs for the Seven Design Alternatives

Cost*
Alt.. 1
(L2E=
0.0g)

Alt. 2
(L2E =
0.24g)

Alt. 3
(L2E =
0.30g)

Alt. 4
(L2E =
0.37g)

Alt. 5
(L2E =
0.45g)

Alt. 6
(L2E =
0.50g)

Alt. 7
(L2E =
0.60g)

Average
Annualized
Repair Cost

0.0482 0.00205 0.00150 0.00103 0.00075 0.00063 0.00037

Business
Interruption

Loss
0.0178 0.00076 0.00056 0.00038 0.00028 0.00023 0.00014

Total Average
Annual Loss 0.0660 0.0028 0.0021 0.0014 0.0010 0.0009 0.0005

Present Value of
Losses (Discount

Rate =1%)
2.588 0.110 0.080 0.055 0.040 0.034 0.020

Present Value of
Losses (Discount

Rate =7%)
0.911 0.039 0.028 0.019 0.014 0.012 0.007

Initial Seismic
Construction Cost 0.00 0.011 0.034 0.051 0.075 0.08 0.16

Total Mean Life-
Cycle

Cost (Discount
Rate = 1%)

2.588 0.121 0.114 0.106 0.115 0.114 0.180

Total Mean Life-
Cycle

Cost (Discount
Rate = 7%)

0.911 0.050 0.062 0.070 0.089 0.092 0.167

*Costs given as multiple of baseline replacement cost for wharf configuration with no
seismic design ( = $65,000,000).



6-52



6-53



6-54



6-55

  
Figures 6-10 and 6-11 illustrate the development of total mean life-cycle costs for each design
alternative, as the sum of the initial seismic construction cost (i.e., the construction cost over and
above the construction cost if no seismic design is implemented) plus the present value of the
losses.  These results are provided in Figures 6-10 and 6-11 for discount rates of 1 % and 7 %
respectively.

Figure 6-12 compares the mean life-cycle costs for discount rates of 1 % and 7 %.  This
comparison demonstrates the sensitivity of the results to the discount rate selected.  For example,
Figure 6-12 shows that, if a discount rate of 1 % is selected, Design Alternative 4 has the most
favorable mean life-cycle cost whereas, if a discount rate of 7 % is selected, Design Alternative 2
has the most favorable cost.  The figure also shows that, for a given design alternative, the mean
life-cycle cost decreases as the selected discount rate increases – i.e., higher discount rates will
generally reduce the importance of seismic risk reduction activities.

Figures 6-10 to 6-12 also show that Design Alternative 1 (no seismic design) has very large
mean life-cycle costs as compared to the other design alternatives.  This is due to the large
present-value losses estimated for that alternative.  Of the remaining alternatives, Design
Alternative 6 (L2E design acceleration = 0.6 g) has the next highest mean life-cycle cost, due to
its large initial seismic construction cost.  The differences in mean life-cycle cost among Design
Alternatives 2 through 5 are relatively minor if a discount rate of 1 % is selected, and are more
pronounced when a discount rate of 7 % is considered.

Step 7 Variance Calculations Supplementing this least-cost analysis is an analysis of the
variance of losses.  As stated already, investments do not aim merely at the highest rate of return.
To do so would be to ignore the volatility of investments, as represented by the variance or
standard deviation of the losses. Therefore, whereas minimizing the least cost represents a
maximization of the return of the investment in seismic risk reduction of this hypothetical wharf,
reducing the variance and standard deviation of the losses is also prudent, from the standpoint of
reducing the riskiness or volatility of the investment.  A careful investor would consider both of
these aspects when evaluating a potential investment.  For example, junk bonds often have high
rates of return; however, because of their extreme volatility, they are often not considered to be a
good investment.  Insurance purchase, hedging, portfolio diversification, and other activities are
used in investing in order to reduce the volatility of investments. (Bernstein, 1996).

In this analysis, the variance of initial construction costs has not been estimated.  Instead, the
analysis confines itself to the calculation of variance and standard deviation of the losses.  Also,
it is not necessary to calculate the present value of the variance or standard deviation in order to
demonstrate the relative volatility and riskiness of the various design alternatives.  This is
because the present value of variance and standard deviation is simply a linear multiple of the
variance and standard deviation.

The variance of the earthquake losses for this example, 2σ , is computed as:

( )2

1

2 '' TOTi

NA

i TOT

i LL −=∑
= υ

υσ  (6-15)
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where

NA  =  total number of PGA increments considered in the analysis

iυ   = annual frequency of occurrence of ith PGA level (Equation 6-2b)

∑
−

=
NA

i
iTOT

1

υυ = total annual frequency of occurrence of all PGA levels

iL'  = total loss due to ith PGA level including repair costs and business interruption losses

TOTL' = average annualized value of total loss including repair costs and business interruption

The standard deviation of the earthquake losses is

2σσ = (6-16)

To illustrate the use of Equation 6-15 and 6-16, consider Design Alternative 5, and a PGA
level of 0.01 g, whose parameters are as follows:

TOTL'  = average annualized loss including repair costs plus business interruption loss = 0.00103,

expressed as a multiple of the baseline wharf replacement cost), as computed using
Equation 6-8

iυ  = frequency of occurrence of PGAs with value of 0.01 g = 0.6809

TOTυ  = total frequency of occurrence of all PGA values = 1.3929

iL'  =  total loss at PGA of 0.01 g = 0.0

Therefore the variance increment for this PGA level is

( ) ( ) 7222 1019.500103.00
3929.1

6809.0
'' −=−=−= xLL TOTi

TOT

i
i υ

υσ

Similar calculations can be carried out for each of the other PGA levels.  Then, the variance
increments  for all of the PGA levels are summed to obtain the total variance (which turns out to
be 5.76 x 10-5 for Design Alternative 5.  The resulting value of the standard deviation of the
losses for this alternative is

35 1059.71076.5 −− == xxiσ
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Figure 6-13
Standard Deviation of Losses for Wharf Demonstration Analysis
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Table 6-8 and Figure 6-13 summarizes these estimates for standard deviation for all seven
alternatives.  This table and figure show that the standard deviation decreases as the CLE design
acceleration increases.  Thus, increasing the CLE design acceleration for this hypothetical wharf
reduces the riskiness of the seismic performance of the wharf and the resulting volatility in the
investment in the wharf’s seismic risk reduction.   Table 6-8 and Figure 6-13 also show that
Design Alternative 1 (CLE design acceleration = 0.0 g) clearly has the largest standard deviation,
demonstrating the extreme riskiness of the no seismic design option for this wharf facility.

Table 6-8
Standard Deviations for the Seven Seismic Design Alternatives

Seismic Design Alternative Level 2 Design
Acceleration

Standard Deviation,
σ , x10-2

(Multiple of Baseline
Replacement Cost)

1

2

3

4

5

6

7

0.0 g

0.24 g

0.30 g

0.37 g

0.45 g

0.50 g

0.60 g

5.190

1.455

1.192

0.950

0.759

0.685

0.507

Conclusion from Demonstration Application

The purpose of this demonstration analysis has been to illustrate the application of the
acceptable-risk procedure to a commercial container wharf for which the primary risks of
concern are earthquake-induced economic losses.  The analysis was based on a random-walk
evaluation that involved over 20,000 scenario earthquakes occurring over a 10,000 year time
frame.

By necessity, the analysis entailed certain limitations in the treatment of the seismic hazards,
in the modeling of the seismic vulnerability of the wharf, and in the estimation of repair costs
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and business interruption losses.  These simplifications may not be fully appropriate when this
procedure is applied to an actual port, for use in guiding the subsequent selection of a seismic
risk reduction strategy.  It is noted that the acceptable risk evaluation approach can accept
models with whatever level of sophistication is deemed appropriate by the user.  Whatever
degree of model sophistication is employed, the user should consider uncertainties in the models
and the input data when interpreting the acceptable-risk analysis results for decision-making
purposes.

Even though simplified models have been used, this demonstration analysis has clearly
illustrated the applicability of the acceptable-risk method as a seismic risk reduction decision-
making tool.  The analysis results have also shown the following clear trends:

 The risk analysis results are sensitive to the discount factor that is selected.

 The mean-variance approach that is incorporated into the acceptable risk procedure
enables the user to assess alternative seismic risk reduction options from the standpoint of
an investor concerned not only with optimizing the yield of his investment in seismic risk
reduction (i.e., examining the relative mean life-cycle costs of the various risk reduction
alternatives), but also with maintaining tolerable levels of riskiness or volatility of his or
her decision (by examining how the standard deviations of the earthquake losses differ
among the various alternatives).

 For this example, the no seismic-design option was clearly shown to be extremely
unfavorable, based on its very high values of mean life-cycle cost and standard deviation
of earthquake losses.

 This example was intended to illustrate the application of the acceptable risk procedure
and not to give specific guidance on cost-effective seismic design acceleration levels.

Application To Marine Oil Terminals

The demonstration application of the acceptable risk procedure that is described in the
previous section has shown how the procedure can be used to assess economic risks due to
earthquake damage at a commercial container port.  This section describes how this same
procedure can be used by a regulatory agency (i.e., CSLC) to assess various seismic risk
reduction alternatives new or existing marine oil terminals.  However, the performance criteria to
be considered by the regulatory agency for marine oil terminals will differ from those of port
decision-makers for a commercial container port.  For a marine oil terminal, the primary risks of
concern to the agency will be the environmental risks due to release of oil products into the
surrounding waterway during an earthquake.  However, cost would still be a factor from the
standpoint of the practicality of implementing the regulations once they are in place.  Therefore,
a suitable balancing of these costs and risks is needed.

To describe the applicability of this procedure to marine oil terminals, this section is
organized into two parts.  The first part summarizes how the previously described steps of the
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procedure can accommodate consideration of both economic and environmental risks.  The
second part outlines a qualitative application of the procedure to evaluate these risks for a marine
oil terminal.

Extended Procedure

In this extended procedure, Steps 1 through 5 are identical to those described and illustrated
above in the section titled “Expanded Economic Analysis To Include Risk”.  Steps 6 and 7 are
modified as described below.

Step 6: Evaluate Seismic Performance of Overall System Step 6 evaluates the seismic
performance of each alternative system configuration established in Step 5, when each
configuration is analyzed for each earthquake that occurs during each year of the walk-through
established in Step 4.  The results of each seismic performance evaluation for each system
configuration and each earthquake should indicate: (a) whether the marine oil terminal system
has been damaged; and, if so: (b) the present value of total losses due to this damage (sum of
initial construction costs from Step 5 plus repair costs, business interruption losses, oil spill costs
and any higher order economic losses that can be assessed); and (c) whether this damage has led
to a release of hazardous materials, quantification of the size of the release, and whether it
exceeds CSLC acceptable spill volumes (in excess of 1,200 barrels).

Note the cost of an oil spill was shown above to be high and to involve not only direct
cleanup costs but also costs of damage to the shoreline and environment and third-pary

costs. These costs must be included

Step 7: Assess Seismic Risks and Modify Component Designs if Appropriate  Step 7 carries
out a reliability assessment of each alternative system configurations, based on the walkthrough
analysis of scenario earthquakes that has a duration of 10,000 years.  The end results of the
analysis should provide the following information: (a) the present value of the total economic
losses incurred by the system alternative over the 10,000 year duration; and (b) the “reliability”
of each alternative – which is an assessment of the design alternative’s potential for limiting the
release of oil during an earthquake to an acceptable volume mandated by CSLC; and (c) the
“risk” associated with each design alternative – which is an assessment of the potential that the
design alternative will experience earthquake-induced oil spillage that will exceed CSLC
acceptable volumes (i.e., the risk is the converse of the reliability).  The focus here is on the risk
and size of an earthquake-induced oil spill.  Decision-making pertaining to the selection of an
appropriate system alternative is based on prudent management of this risk.  This reliability and
risk assessment process is illustrated below.
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Figure 6-14
Form of Results: Acceptable Risk Analysis of

Marine Oil Terminal
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Illustrative Application

To illustrate this process for a given marine oil terminal system, suppose that ten different
seismic design alternatives have been developed for the various oil terminal components, and
that the seismic performance of each alternative has been evaluated for a suitable number of
scenario earthquakes.  Also, suppose that this evaluation was in the form of a walk-through
analysis with a duration of 10,000 years, and that acceptable seismic performance of the terminal
system is defined in terms of limiting the volume of oil released during an earthquake to 1,200
barrels.

Finally, let us consider that the application of Steps 6 and 7 to each design alternative
provides the following results: (a) the present value of the total mean life-cycle costs due to
earthquake damage to the system over the 10,000 year duration; and (b) the “risk” associated
with each design alternative, which is number of times during the walk-through when the system
failed due to earthquake damage (i.e., more than 1,200 barrels of oil were released), divided by
the 10,000 year duration of the walk-through.  In addition, the “reliability” of each alternative is
computed, which is the number of times during the walk-through when the system did not fail
due to earthquake damage (i.e., less than 1,200 barrels of oil were released) divided by the
10,000 year duration of the walk-through.  (Note that reliability = 1.0 – risk).  Let us also assume
that these results are as follows:

  Alternative    Cost2   Reliability         Risk

1 $4.3M 9,996/10,000 4/10,000
2 $3.7M 9,990/10,000      10/10,000
3 $5.5M 9,995/10,000 5/10,000
4 $6.7M 9,997/10,000 3/10,000
5 $4.5M 9,995/10,000 5/10,000
6 $3.5M 9,991/10,000 9/10,000
7 $3.9M 9,991/10,000 9/10,000
8 $4.8M 9,993/10,000 7/10,000
9 $5.3M 9,994/10,000 6/10,000
10 $5.6M 9,996/10,000 4/10,000

A plot of the costs vs. risk for each alternative (Figure 6-14) shows that System Alternatives
1, 4, and 6 represent the most favorable cost–risk combinations.  Alternative 4 is the lowest risk
and highest cost option, Alternative 6 is the highest risk and lowest cost option, and Alternative 1
is a middle ground between these two extremes.

These cost vs. risk results provide information that can be used to guide the establishment of
an appropriate design alternative for the marine oil terminal.  This will depend on the
acceptability of alternative levels of cost and risk that may be experienced.  Input from various
stakeholders and interveners may bean important element of this decision process.

                                                
2 This cost is the total mean life-cycle cost, which is calculated as illustrated above.



6-63

References

Algermissen, S.T. and Perkins, D.M. (1976). A Probabilistic Estimate of Maximum Acceleration
in Rock in the Contiguous United States, U. S. Geological Survey Open-File Report 76-416.

Applied Technology Council, ATC-13 “Earthquake Damage Evaluation Data for California,
Redwood City CA 1985

Bernstein, P.L. (1996). Against the Gods:  The Remarkable Story of Risk, New York NY:  John
Wiley & Sons, Inc.

Boore, D. M., Joyner, W.B., and Fumal, T.E. (1993). Estimation of Horizontal Response Spectra
and Peak Acceleration from Western North American Earthquakes: An Interim Report, USGS
Open file Report 93-509.

Boore, D. M., Joyner, W.B., and Fumal, T.E. (1994a). Estimation of Horizontal Response
Spectra and Peak Acceleration from Western North American Earthquakes: An Interim Report
Part 2, USGS Open file Report 94-127.

Boore, D. M., Joyner, W.B., and Fumal, T.E. (1994b). Ground Motion Estimates for Strike- and
Reverse-Slip Faults (preprint).

Boore, D. M., Joyner, W.B., and Fumal, T.E. (1997). “Equations for Estimating Horizontal
Response Spectra and Peak Acceleration from Western North American Earthquakes:  A
Summary of Recent Work,”  Seismological Research Letters, Vol. 68, No. 1, pp. 128-153,
January/February.

Campbell, K.W. and Bozorgnia (1994). “Near-Source Attenuation of Peak Acceleration from
Worldwide Accelerograms Recorded from 1957 to 1993”, Proceedings of Fifth U.S. National
Conference on Earthquake Engineering, Earthquake Engineering Research Institute, Volume 3,
pp 283-292.

Cramer, C.H., Petersen, M.D., and Reichle, M.S. (1996). “A Monte Carlo Approach in
Estimating Uncertainty for a Seismic Hazard Assessment of Los Angeles, Ventura, and Orange
Counties, California,”  Bulletin of the Seismological Society of America, Vol. 86, No. 6, pp.
1681-1691, December.

FEMA 157 “Typical Costs of Seismic Rehabilitation of Existing Buildings” Sept. 1988

FEMA 227 “A Benefit Cost Model For the Seismic Rehabilitation of  Buildings” Volume 1 A
User’s Manual April 1992

FEMA 228 “A Benefit Cost Model For the Seismic Rehabilitation of  Buildings” Volume 2 ,
Supporting Documents April 1992



6-64

Ferritto, J (1982)  Technical Note N1640, "An Economic Analysis of Earthquake Design
Levels", July 1982

Ferritto, J. (1983)  Technical Note N 1671, "An Economic Analysis of Earthquake Design Levels
For New Construction", July 1983

Ferritto, J (1984a)  "Economics of Seismic Design for New Building", American Society of Civil
Engineers Journal of the Structures  Division, ASCE Journal of Structural Engineering Vol. 110
No. 12 Dec. 1984

Ferritto, J (1984b) "Economics, Expected Damage and Costs of Seismic Strengthening", 8th
World Conference on Earthquake Engineering, San Francisco July 1984

Frankel, A., Mueller, C., Barnhard, T., Perkins, D., Leyendecker, E.V., Dickman, N., Hanson, S.,
and Hopper, M. (1996). National Seismic-Hazard Maps:  Documentation June 1996, Denver
CO:  U. S. Geological Survey Open-File Report 96-532.

Harris J. L. and T. G. Harmon (1986). “ A Procedure For Applying Economic Analysis To
Seismic Design Decisions” Engineering Structures Vol. 8 Oct. 1986

Law, A.M. and Kelton, W.D. (1991). Simulation Modeling & Analysis, New York:  McGraw-
Hill, Inc.

Morrison, R.M., Miller, A.G., and Paris, S.J. (1986). Business Interruption Insurance:  Its
Theory and Practice, Cincinnati, OH:  The National Underwriter.

Sadign, K., Chang, C-Y, Abrahamson, N.A., Chiou, S.J., and Power, M.J. (1993). “Specification
of Long-Period Ground Motions: Updated Attenuation Relationships for Rock Site Conditions
and Adjustment Factors for Near-Fault Effects”, Proceedings of ATC-17 Seminar on Seismic
Isolation, Passive Energy Dissipation, and Active Control, Applied Technology Council,
Redwood City CA.

Taylor C. E. et al (1992) ASCE TCLEE Monograph “Seismic Loss Estimates for a Hypothetical
Water System”  New York, American Society of Civil Engineers, 1992

Taylor, C.E. and Werner, S.D. (1998). “Economics and Cost/Benefit Studies of Remediation
versus Potential Seismic Failure,”  Proceedings of Prevention First ’98, Oil Spill Prevention
Symposium and Technology Exhibition, September 9-10, Long Beach CA, California State Lands
Commission.

Taylor, C. E. and Werner, S.D. (1995). “Proposed Acceptable Risk Procedures for the Port of
Los Angeles 2020 Expansion Program,”  Lifeline Earthquake Engineering:  Proceedings of the
Fourth U.S. Conference, M. O’Rourke, ed., New York: American Society of Civil Engineers,
August, pp. 64-71.



6-65

Taylor C. and S. Werner, (1993) “Proposed POLA 2020 Acceptable Risk Procedures For
Earthquake Threats”, Dames & Moore,  San Francisco CA

Way, D (1995) “Earthquake Hazard Mitigation Technology Guidelines” prepared for Division of
the State Architect, State of California, by Base Isolation Consultants, San Francisco.

Wells, D.L. and Coppersmith, K.J. (1994). “New Empirical Relationships Among Magnitude,
Rupture Length, Rupture Width, Rupture Area, and Surface Displacement,”  Bulletin of the
Seismological Society of America, Vol. 84, No. 4, pp. 974-1002, August.

Werner, S.D., Dickenson, S.E., and Taylor, C.E. (1997). “Seismic Risk reduction at Ports: Case
Studies and Acceptable Risk Evaluation”, Journal of Waterway, Port, Coastal, and Ocean
Engineering, American Society of Civil Engineers, Volume 123, No. 6, November/December, pp
337-346.

Werner, S.D. Thiessen, D.A., and Ferritto, J.E. (1998). “Seismic Risk Reduction Planning,”
Chapter 3 in Seismic Guidelines for Ports, ed. By Stuart D. Werner, Reston VA:  American
Society of Civil Engineers, Technical Council on Lifeline Earthquake Engineering Monograph
No. 12.

Werner, S.D., Taylor, C.E., Moore, J.E. II, and Walton, J.S. (1998). Seismic Risk Analysis of
Highway-Roadway Systems, Volume 1 Draft Report, Oakland, CA:  Seismic Systems &
Engineering Consultants for the Multidisciplinary Center for Earthquake Engineering Research,
Buffalo NY under FHWA Contract DTFH61-92-C-00106, December.



7-1

CHAPTER 7 RELIABILITY

Introduction

This chapter is based on some of the work reported in detail in a technical report for the
Navy Facilities Engineering Service Center by Ferritto and Putcha (1995b). This chapter
presents an approach for evaluating the seismic reliability  of a typical element of waterfront
construction, wharves, but it is applicable to all types of construction.  The reliability evaluation
of a structure for various limit states, especially when these limit states are non-linear, is a
complex problem by itself. This becomes even more involved when the structure is subjected to
seismic excitation. A good amount of work has been done in the general area of seismic
reliability analysis and the reader may refer, among others, to work done by Hwang et al.(1987),
Hwang and Jaw(1990), Ang (1990), Tung and Kermidjian (1991), Moller and Rubinstein (1992),
Hwang and Hsu (1993), and Wen et al. (1994) . These studies dealt with structures such as
buildings, water tanks and nuclear power plants. Some of these studies in the literature , for
example, the study by O’Connor and Ellingwood (1987) also dealt with reliability of non-linear
structures under seismic loading. In the work by O’Connor and Ellingwood ( 1987)  reference
was also made to an earlier  equivalent static analysis  used for the reliability analysis of
structures subjected to seismic forces by Ellingwood et al. (1980). The corresponding safety
indices, β , were given along with the probability of failure, Pf ,  for each of the limit state. An

important point to be noted is that the number of specific studies on the seismic reliability
analysis of waterfront construction involving soil-structure interaction problems like wharves
reported in the literature is limited.

Reliability Analysis - General Methodology

The reliability analysis methodology that is being proposed is general in nature for all
structures subjected to seismic forces even though it is discussed with reference to  wharves.  The
probability of failure of a wharf  can be evaluated for each of the applicable limit states such as
strain or ductility limit exceedance and yielding of piles,  excess lateral displacement,  etc. Then
the bounds on the probability of failure of the wharf can be established, if need be, using the
methods  proposed by Ang and Tang (1984). The limit state function of a wharf is given by

g R L= −   (7-1)

where,
                        R  =  component of resistance capacity
                        L  =  component applied load

The above limit state uses the basic premise that the probability of failure is defined as:

( )P P gf = < 0    (7-2)
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( )P P R Lf = <    (7-3)

Once  Pf    is calculated  then the reliability can be evaluated from the following equation

as:

    Reliability  = −1 Pf    (7-4)

It has been common practice presently to express reliability in terms of a reliability index
β , which is expressed as,

( )β = −−Φ 1 1 Pf     (7-5)

Where  Φ-1 is the inverse of a standard normal cumulative distribution function.
To be specific, β   is the First Order Second Moment Reliability index, defined as the
minimum distance from the origin of the standard, independent normal variable space to
the failure surface  as discussed in detail by  Hasofer and Lind ( 1974), Ellingwood et al.
(1980), and Ang and Tang (1984). The above relation is exact if  the limit state function is
linear and all probability distributions are jointly normal or lognormal.

There have been several applications of the First Order Second Moment (FOSM) and
also the Advanced First Order Second Moment (AFOSM) methods in the literature,
Ayyuba et al. (1984), Ellingwood et al. (1980), Galambos et al. (1978a), Galambos
(1978b),  and Hoeg et al. (1974),   to name a few.

The safety index   β    is also expressed as,

β
σ

= g

g

     (7-6)

where,

( )g g X X Xn= − − − − −1 2, ,      (7-7)

                                                   σg
2

  =    Σ  ( ∂g/∂Xi )
2     σ2

X                        (7-8)



7-3

where the bar over the variable indicates the mean value. The partial derivatives are evaluated at
the corresponding mean value of the variable. If g is defined by equation 7-1 then, for  R   and
L   being  normal variables , β   can be expressed as,

β
σ σ

= −
+

R L

R L
2 2

         (7-9)

If  R   and   L   are assumed to have lognormal distribution then  β   can be expressed as,

β =









+

ln
R

L

V VR L
2 2

           (7-10)

where, V R  and  VL  represent the coefficient of variation of  R  and  L  respectively.

Knowing   β   the probability of failure  Pf   can be obtained  from the following equation

for each limit state:

Pf = Φ (  −β  )                  (7-11)

The above equation is exact if the limit state function is linear and all probability distributions are
jointly normal or lognormal(Ang et al. (1984), Ellingwood et al. (1980), Warner et al. (1968).

The general approach can be applied to a specific case study by evaluating the probability
of site acceleration based on procedures developed for performing site seismicity studies Ferritto
(1993).  The site ground motion should be based on historical and geologic data for the region
and  reflect local site soil conditions.  The ultimate capacity of the structure must be determined.
Measures of uncertainty need to be established for both the load and the capacity.

Reliability Methodology For  Seismic Loads

Wen et al.(1994)  suggest the calculation of  probability of failure based on the following
equation. This is similar to the equation developed by Ang and Tang ( 1984)

( )
( )

P
SA SA

f
c r

c r

= −
+













Φ

ln /
/

β β2 2 1 2
(7-12)
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where,   Φ (  )   is the standard cumulative normal distribution function. SAc  and   SAr   are the
median values of spectral acceleration of structural capacity and load of a lognormal distribution
respectively.   βc   and  βr    are logarithmic standard deviation for structural capacity and load
corresponding to a lognormal distribution.

In this case the median value of spectral acceleration is determined by means of the
capacity spectrum method Freeman (1978), Wen et al. (1994).  The median value of the spectral
acceleration of  load SAr  given by  Wen et al. (1994),

SA SA Ar n p= ( ) * ( ) (7-13)

    Ap    is the value of peak ground acceleration (PGA) and   SAn   is the median normalized

spectral acceleration determined from response spectra in the Tri-services guidelines (5). The
calibration of seismic structural design parameters as related to reliability based design is
discussed in detail elsewhere, Han et al. (1994), Wen (1994).

Detailed Development Of Methodology For Seismic Loads

The following outlines steps suggested for use as a general procedure for the  seismic
reliability analysis of waterfront construction and used in the case study of a wharf reported in
following sections.

1.  The uncertainty in structural loading  is obtained by first identifying the level of the
earthquake. There are two  levels of earthquake that are used  for waterfront structures. One is
the Level 1 event often termed OLE ( Operating level earthquake)  and the other is the level 2
event often termed CLE (Contingency level earthquake) . The first one has a probability of
exceedance of 0.5 in 50 years and the second one has a probability of exceedance of 0.1 in 50
years. Using this information on acceleration, obtain the corresponding mean value of
acceleration and the 95% confidence  limits from cumulative acceleration plots. This uses the
general procedures for computing site seismicity and seismic hazard analysis, Ferritto (1993),
Sykora (1989).

2. From the mean  value  and 95%  confidence limits of acceleration  calculate the corresponding
standard deviation of acceleration for a normal distribution. This   will be  L   and   σ L .

3. Identify the limit state of the structure which controls capacity.

4. Identify the random parameters in the structure capacity. The uncertainty in structural capacity
is obtained by first identifying all the random properties to be included. The geometric properties
may be treated as deterministic variables, as was done in the case study in the following section.
The material properties are treated as random variables. In the case study the two random
variables are--  My  ( yield moment of each pile),  subgrade soil stiffness(K).
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5. For a set of random parameters of the variables, use an automated analysis program to
compute response and collapse load. This will give a random value of the collapse load.

6. Repeat the process illustrated in step 5 for 1000 samples of random values which in turn will
give 1000 random collapse loads. Monte Carlo simulation, Ang et al. (1984), Warnet et al.
(1968)   is used for this purpose.

7. For each random collapse load calculated in steps 5-6 calculate the corresponding random
value of capacity acceleration.

8.  Calculate the mean and standard deviation of all the random values of accelerations. This
gives   R     and     σR .

9.  From the results of steps 2 and 8 calculate the safety index  β   , for the collapse limit state
considered, from Equation 7-9 for normal distribution.

10. The probability of failure  is also obtained from Equation 7-12 or Equation 7-10 if the
distributions of accelerations for capacity and loading are assumed as lognormal.

Wharf Reliability Demonstration

The Navy has recently completed design for dredging and construction of a carrier wharf
at the Naval Air Station, North Island, California.  This project is typical of wharf design and was
used in a simple form as a demonstration study to illustrate the procedures discussed above.
Since the wharf model incorporated a number of simplifications and assumptions where actual
soil data was not available, it should not be looked upon as a performance evaluation of the
actual construction project.

Regional Seismicity Required

A reliability analysis requires quantification of the seismic load environment and its
associated uncertainty. To that end a seismicity study must be performed. The results of such a
study are discussed in this section.

The seismicity and regional geologic structure of the San Diego area can be interpreted in
light of current plate tectonic theory.  California lies on the junction of two relatively rigid plates
of the earth's crust that respond to movement of subcrustal material.  The main evidence of this
juncture is the San Andreas fault.  These same forces that tend to move the portion of California
on the westerly side of the San Andreas fault northward have resulted in the formation of other
faults, such as the San Jacinto, Whittier-Elsinore and Newport-Inglewood faults. Distant faults
that must be considered significant to the site region include the Elsinore and San Jacinto fault
zones to the northeast and the San Clemente fault zone to the west.  Local faults include the Rose
Canyon and La Nacion.  The San Andreas fault zone is not considered very significant because of
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its great distance from the study area. This section is based on a detailed study performed by
Ferritto (1994).

The San Diego Bay contains Cretaceous, tertiary, and quaternary strata, which is
generally flat but locally folded and cut by normal and right lateral faults.  This area is called the
Rose Canyon zone Lee et al. (1988).  A bottom survey of the bay revealed numerous faults which
were difficult to correlate.  The quaternary deformations observed along the Rose Canyon fault
zone attest to the tectonic importance of the zone.  Although no major earthquakes have occurred
near San Diego recently, several earthquakes of about magnitude 3.5 have been recorded during
the past 41 years.  Eleven took place near the Rose Canyon fault.  The magnitude 3.5 earthquake
is associated with a fault rupture length of 1 km.  The geologic structure of this area shows
evidence of previous movement.  Surface traces of more than 24 km in length and vertical
separation of hundreds of feet are visible.  Table 1 shows the key faults and the maximum
credible earthquake.

Probability Analysis

The bounds of the study area are 115.0 to 119.0 W longitude, 34.0 to 32.0 N latitude.
The coordinates of the site are 117.18N, 32.705N.  A set of historical data was prepared for the
site containing over 6,000 events with magnitudes of 3 or greater.  Figure 7-1 shows the region of
interest with the epicenters plotted.  Figure 7-2 shows a similar plot with only the faults shown.
Figure 7-3 shows the total probability of not exceeding the acceleration for a 50-year exposure.

The best estimate of site seismic exposure from all sources is as follows:

 1000 year 0.60 g
500 year 0.42 g
250 year 0.28 g
100 year 0.18 g

For the purpose of engineering analysis the causative events are as follows:

 The 1000 year earthquake is a magnitude 6.5 event at 1 to 3 miles from the site.
 

 The 500 year earthquake is a magnitude 5.5 event at 1 to 3 miles from the site or a magnitude
6. to 7  event at about 10 to 20 miles from the site.

 

 The 250 year event is a magnitude 5 event at about 2 miles from the site.
 

 The seismicity at the site is totally dominated by the Rose Canyon fault.   Generally the causative
events associated with ground motion return times specified are caused by  magnitude 5 to 5.5
earthquakes close to the site.  These events would not have durations as long as those associated
with magnitude 6 to 7 events.  As noted there is the possibility of magnitude 6 to 7 events 10 or
more miles from the site which would produce longer duration shaking.  To support this study a
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Table 7-1
Fault Systems of Interest

Fault Maximum
Credible

Magnitude
Coyote Creek

Elsinore
Imperial

La Nacion
Malibu

Newport-Inglewood
Palos Verdes

Pinto Mountain
Raymond Hills
Rose Canyon
San Clemente
San Gabriel
San Jacinto

Santa Susana
Sierra Madre

South San Andreas
Superstition Mountain

7.0
7.5
7.0
6.8
7.5
7.0
7.0
7.5
7.5
7.1
7.7
7.7
7.5
6.5
6.5
7.5
7.0
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Figure 7-3. Probability distribution of site peak acceleration.
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number of earthquake time history records were selected using procedures documented in
Ferritto (1992).
 

 

Site Soil Model For Ground Motion Amplification/Attenuation

The following site soil foundation model was developed for this study to model a section
of the dike below the wharf and soil layers below.

Profile Thickness
ft

Density
Lb/cu ft

Blow Count Shear Modulus
fps

Rock Dike 50 140 1500
Bay Point Formation Layer 1 10 120 40 1040
Bay Point Formation Layer 2 10 120 60 1200
Bay Point Formation Layer 3 600 120 80 1400-3000

The blow count data was used to establish the shear velocity and shear modulus using data from
Sykora (1989). The shear modulus was allowed to increase with depth to bedrock. It was also
decided to use mean values for the shear modulus and damping relationships as a function of
strain rather than lower bound values.  A one dimensional wave propagation analysis was
performed to estimate the acceleration time history in the rock dike using the established level of
seismicity as a bedrock acceleration. A series of records were used to represent possible ground
motion variation and the variance determined.  This example is based on an existing project
which used  the 1,000 year event as the design earthquake rather than the 500 year event
suggested for use in the criteria section. It is recommended that the events shown in the criteria
be used and the data used herein is intended only to demonstrate the methodology. The 1,000
year peak acceleration earthquake level motion using the 1-dimensional wave propagation
analysis was computed for each of the records; the average acceleration is 0.5g  with a standard
deviation of 0.14 g. The motion is seen to be transmitted to the surface with some attenuation
from the rock motion of  0.6g.  The uncertainty of the level of this motion was computed.  This
uncertainty was combined with the uncertainty of value from the seismicity study The values to
be used for the reliability analysis are:

1,000 Year Peak Acceleration Mean Value  0.5g

1 Ã Standard Deviation 0.147g

Example Wharf and Lateral Resistance Structural Model

The example wharf is shown in Figure 7-4. It was decided to model the structure in two
dimensions using the typical cross-section shown in Figure 7-4.  The structure is composed of a
reinforced concrete deck supported on pile caps. The first pile on the land side is a 28-inch
diameter steel pipe pile filled with concrete. The next four piles are 24-inch octagonal prestressed
concrete piles and the outboard fender pile is a square 24-inch prestressed concrete pile.  A
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preliminary analysis showed that 90 percent of the lateral resistance was provided by the 28-inch
diameter steel pipe pile filled with concrete.  The lateral force model of the wharf could thus be
simplified to model the pile as a series of beams, constrained by the deck and supported by lateral
springs representing the dike. The structural model and procedure used for this study,
utilized the ultimate moment - thrust capacity of the pipe pile to define the lateral force capacity.
The mass of the structure including deck, piles and restraining soil around the piles was
computed. A reliability analysis requires computation of the mean value of capacity and an
estimate of its uncertainty.  The variance of  pile capacity was estimated to be 0.15 and the
variance in soil stiffness subgrade modulus for lateral pile restraint was estimated to be 0.10,
Arbabi et al. (1991), Ellingwood et al. (1980).  The weights of the wharf itself could be estimated
with a high degree of reliability. An amount of soil representing the lateral spring stiffness of the
dike was included; this could only be determined approximately. The uncertainty of this soil
mass was set by giving it a variance of 0.5.

Results  Of Reliability Analysis And Discussion

For the analysis conducted the following was found:

OLE Operating Level Event
100 year return time ground motion

Loads, 0.18g Ã = 0.07g
Capacity 1.248g Ã = 0.382g

³ = 2.72  P f  = 0.003
For normal distribution

³ = 4.09  P f  = 0.00002
For lognormal distribution

CLE Contingency Level Event
1000 year return time ground motion

Loads, 0.5g    = 0.147g
Capacity 1.248g   = 0.382g

 = 1.827  P f  = 0.034
For normal distribution

 = 2.20  P f  = 0.014
For lognormal distribution
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The reason for choosing the normal distribution for either structural capacity or loads is mainly
based on the principle of maximum entropy ,  Harr (1987). Based on this principle the normal
distribution is to be assumed if the expected value and standard deviation of a distribution are the
known parameters. Further it has been stated by Ang and Tang (1984) that the normal or
lognormal distribution is frequently used to model non-deterministic problems even when there
is no clear basis for such a model. Since almost all of the random data for structural capacity and
load are positive it was decided to use a lognormal distribution in addition to the normal
distribution. The decision to use a lognormal distribution in addition to a normal distribution is
also based on the recent research by Wen  et al. (1994) wherein they advocate use of the
lognormal distribution for structural capacity and loads in connection with seismic studies.  The
lognormal distribution computes lower probabilities of failure and is thought to be a more
accurate estimate of the results for the seismic study which is consistent with current practice
Turkstra et al. (1978), Wen et al. (1994).

The results indicate that the probability of failure under the operating load to be about
0.003 or 0.3 percent for the normal distribution and 0.00002 or 0.002 percent for the lognormal
distribution. The probability of failure under the collapse level of loading is about 0.034 or 3.4
percent for normal distribution and 0.014 or 1.4 percent for lognormal distribution.  The
uncertainty in both loading and capacity was found to be significant as can be seen by the high
coefficient of variation values. The uncertainty levels for structural capacity and loading
computed in this report are in the same range as in recent report by Wen  et al. (1994). A major
element in the uncertainty is the manner of wharf -dike coupling.  The procedure developed
requires the computation of the mean collapse level capacity and its uncertainty.  This can not be
computed directly in a closed form manner and use of a finite element program is required.  This
project is of limited scope, intended to demonstrate the feasibility of a general procedure; the
analysis options were constrained by available project duration and funding.  Determination of
the collapse load can be performed by an equivalent static lateral load model as was done here or
a more elaborate dynamic soil structure interaction model.  The Monte Carlo procedure requires
repetition of the analysis varying the strength parameters to evaluate the mean and variance of the
capacity. Typically repetitions on the order of 1,000 are used.  This poses a problem for
implementation of a dynamic finite element approach.  The equivalent static approach is thought
most appropriate. A major factor in the analysis as shown by the sensitivity of results to the
variance in capacity is the estimate of the mass of the system to be used to compute the
equivalent capacity acceleration.  The effective mass of the soil coupled to the pile was estimated
to be a region associated with the pile about 1.5 pile diameters wide by about 3 pile diameters
long for the length of the pile.  A 50 percent uncertainty was assigned to this soil weight to
account for this uncertainty.  It should be noted that the more soil mass that is included the lower
is the equivalent lateral force capacity.  This aspect should be given additional study using a
dynamic soil-structure model of the problem to verify the mass effect.

The results show that for the two load conditions specified the probability of collapse is
between 0.00002 and 0.003 under the operating level and between 0.014 and 0.034 percent under
the contingency level. The wharf design allowed possible major repairable damage under the
CLE.  This case study is meant only as an illustrative example and is loosely based on the design
of the wharf at Naval Air Station, North Island. Thus direct conclusions about the actual wharf
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should not be made.  From this simplified model, it would appear that the wharf in this case
study would be expected to perform well under both the OLE and the CLE event.

The safety index  β   values, for the capacity and load having normal and lognormal
distributions, have been calculated using uncertainties in these parameters for a typical wharf
structure subjected to seismic loads. Both the OLE ( Operating Level Event ) and the CLE
(Contingency Level Event) are considered in this study. The uncertainties in capacity and load
parameters reported in this study are consistent with other work dealing with seismic loads by
Wen et al. (1994). A high value of safety index β   is found to be for the OLE  while a low level
of safety index  β   is found to be for CLE. This is consistent with the fact that for CLE the safety
index  β   should be low as it is a contingency level event.

Limitation in Analysis and Need for Additional Study

Limitations in the scope of this effort necessitated use of a simplified wharf model. A
major element of uncertainty is the wharf dike response. It is possible that dike slope
deformations can induce additional curvature into the piles. This  aspect of soil structure
interaction could not be addressed in the model used in this study. It is expected that this would
be of concern only for the CLE.  As suggested above a more detailed study could better evaluate
the effect of dike deformation on wharf capacity.
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U.S. NAVY
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For

MARINE CONCRETE REPAIR

ABSTRACT

The U.S. Navy is continually looking for the best methods and materials to repair its
reinforced concrete waterfront structures.  The goal is to identify methods and materials that
provide at least 15 years of service.  Corrosion of the steel reinforcement is the paramount failure
mechanism for Navy waterfront facilities.  Sometimes the repair area is so extensive that
"patching" the concrete is not practical and replacement is the favored alternative.  Therefore,
this document addresses new construction criteria in addition to repair methods and materials.
Corrosion activity manifests itself as cracks, spalling, delamination, and eventually the reduction
of structural capacity and operational readiness.  Corrosion mitigation methods and materials are
emphasized through the use of low shrinkage cementitious repair materials, proper concrete
cover, and proper surface preparation and placement techniques that result in durable repairs.
Epoxy-coated rebar is recommended for new construction because it provides supplemental
corrosion protection.  Discussions, guidelines, specifications, and illustrative details are provided
for inspection, new construction, and repairs above and below the waterline.
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PART A

CONDITION ASSESSMENT AND INSPECTION

SUMMARY

The average age of Navy waterfront structures is about 50 years and they typically
exhibit deterioration due to rebar corrosion, cracking, and carbonation.  Rebar corrosion is
usually very active in the splash zone and at curbs, joints, and where concrete cover over the
rebar is insufficient.  Prior to repairs being made, a comprehensive inspection of the concrete is
necessary to delineate the amount of concrete needing repair.  Guidelines for condition
assessment are contained in various industry standards.1,2

During the removal of the damaged concrete and while the contractor is "chasing" the
corroded rebar to a point where it is not significantly corroded, it is typical to uncover areas that
need to be repaired that were not identified in the initial inspection.  Non-destructive inspection
techniques and tools are not always adequate to predict the extent of repairs that need to be
made.  Because of the frequent occurrence of "going over budget" during repairs, it is common
for planners and estimators to increase the estimated repair amounts when preparing the repair
budget.  Contingentency factors of two to four times are typically used by some planners.  Even
then, many repair projects go over budget.

INSPECTION TOOLS

The degree of deterioration is often much more extensive than is first apparent.  Many
tools are available to collect data to make repair estimates, the usual tools are summarized below:

 Delaminations are usually detected by using a hammer or chain.

 Powder samples taken from the top and bottom deck are used to measure the degree of
chloride contamination at the depth of the rebar.  Values that exceed 1.5 pounds per cubic
yard are at the threshold at which rebar corrosion may occur if sufficient moisture and
oxygen are present.

 A pachometer (rebar locator) may be used to measure the depth of concrete cover over the
rebar.  Rebar that has less than 1.5 inches of cover is very likely to be corroded or will
corrode.

                        
1 Military Handbook Maintenance of Waterfront Facilities Sept 1997 MO-104
2 Guide for Making a Condition Survey of Concrete in Service ACI 201.1R-84



 A Schmidt Hammer may be used to approximate the concrete's compressive strength
according to ASTM C 805 (Standard Test for Rebound Number of Hardened Concrete).
Variations in surface strength may indicate areas of concrete that that are soft from
carbonation or delamination.

 A petrographic analysis can be very useful to approximate the water-to-cement (w/c) ratio,
quantify the cement paste-to-aggregate bond, and to identify other failure mechanisms such
as alkali silica reaction and the formation of ettringnite.  Higher w/c ratios are generally
associated with greater permeability.

 A portable adhesion tester may be used to determine the concrete’s surface tensile strength
according to ASTM D 4541 (Standard Test Method for Pull-Off Strength of Coatings Using
Portable Adhesion Testers).  Concrete in good condition will exhibit tensile strengths
between 300 psi to 500 psi.  Surface condition is important information if coatings or
membranes are to be applied as part of the repair. If coatings are used, a vapor emission test
is necessary and the results are expressed in pounds of vapor per 1,000 square feet.  Coating
selection is dependent on vapor transmission.



PART B

NEW CONSTRUCTION
(REPAIR BY REPLACEMENT)

Repairs to marine concrete facilities are typically required because of insufficient cover
to the reinforcement or inadequate concrete quality.  In other cases, the structure may have been
damaged by ship impact or a seismic event.  When repairs are very extensive, it may be more
economical to replace all or part of the structure.  Part B addresses the scenario of "repair by
replacement."



CHAPTER  1

CONCRETE DURABILITY



CONCRETE DURABILITY

INTRODUCTION

This chapter has been extracted from an introduction to the subject of durability of
marine concrete structures1. It addresses the general deteriorating mechanisms that may occur in
concrete structures and fundamental guidelines for specifying durable materials for reinforced
concrete in a marine environment.

All materials are vulnerable to destructive actions. The destruction can be slow or rapid,
depending on the material and the surrounding environment. Materials that are very durable in
one environment may deteriorate rapidly in another environment. The ability of materials to
withstand destructive actions is expressed by the term durability.

The durability of one specific material naturally varies with the type of attack. Steel
within concrete can be destroyed by electrochemical attack or corrosion, for which the concrete
itself is completely unsusceptible. The concrete, however, can be affected by other destructive
forces of chemical and physical origin, such as deterioration from different aggressive chemical
substances, deterioration by means of frost action, deterioration by abrasion, and so on.

Concrete is a porous material, porosity being the presupposition for almost every form of
deteriorating forces. Concrete may also be vulnerable to cracking due to thermal movements,
shrinkage, and moisture movement. The pore system and small cracks make it possible for
different substances to enter the interior of the reinforced concrete and attack the different
elements that constitute the material. Water, oxygen, and chlorides can reach the steel
reinforcement and destroy it by means of corrosion. Water that fills up the pore system and small
cracks can freeze, expand, and deteriorate the concrete. The permeability of the concrete,
therefore, is a main parameter governing the durability of concrete.

STEEL REINFORCEMENT CORROSION

The most serious and probably most frequent type of deterioration of marine concrete
structures in general is reinforcement corrosion. In a young concrete structure, the steel
reinforcement does not corrode because of the alkaline nature of the surrounding concrete. The
steel is said to be in a passive state. The adequacy of the alkaline protection is dependent upon
the thickness of the concrete cover to the reinforcement, the quality of the concrete, the details of
the geometry of the structure, the degree of chlorides in the concrete constituent materials, and
external sources.2 3   However, over a period of time the protecting environment may disintegrate
and the passivity destroyed. This may happen by:

 Carbonation of the concrete cover caused by ingress of carbon dioxide

                                                          
1 Draft report on “Durability of offshore concrete structures,” prepared by Aker Maritime, Lars Bjerkeli,
   for the Office of Naval Research, Feb 1999.
2 ACI 201.2R-92: Guide to durable concrete.
3 ACI 222R-96: Corrosion of metals in concrete.



 Penetration of chloride ions to the reinforcement

Sound marine concrete has a very low permeability. A permeability coefficient of less
than 10-12 m/s measured on drilled samples is required according to the Norwegian Petroleum
Directorate4. Carbon dioxide penetration in concrete with this low permeability is so slow that
carbonation is not an issue for marine concrete.

The required low permeability and the minimum concrete cover requirements according
to Norwegian Standard NS 34735 are the main efforts implemented to attain a chloride ion level
adjacent to the reinforcement that is low enough not to break the reinforcement passivity. Even if
the steel passivity is broken, corrosion requires an electrolytic cell in which oxygen must
penetrate the concrete cover and reach the steel. The low permeability of the concrete cover and
the low diffusion rate of oxygen from the seawater significantly reduce the possibility of oxygen
reaching the reinforcement.

If the concrete is cracked, a more rapid penetration of chlorides to the steel may take
place. The effort to reduce this deteriorating effect to an acceptable level is limitation of the
crack widths. The most stringent crack width limitations apply to the splash zone and the
atmospheric zone. These zones are more or less continuously subjected to wetting and drying
and there is enough oxygen to sustain the corrosion process. In addition, frost action may
occasionally occur.

A more relaxed crack width limitation applies to the permanently submerged zone. In this
zone, cracks that permit water ingress tend to close themselves by additional hydration of the
cementing materials, autogenous healing, and deposition of filling materials. Leaching of
calcium hydroxide and other soluble substances from the cement paste fill up the cracks and may
close them completely. Deposition of materials such as argonite and brucite resulting from
reactions of the seawater and the cement will also seal cracks.

An extensive introduction to the influence of crack widths and self-healing of cracks on
durability may be found in Jakobsen, et al.6

Deterioration of concrete due to corrosion may result in significant cracking because the
products of corrosion (rust) occupy a greater volume than the steel and exert substantial stresses
on the surrounding concrete. The outward manifestations of rusting include staining, cracking,
and spalling of the concrete.

CORROSION PROTECTIVE MEASURES

The concrete mix design, sufficient cover to the reinforcement, and limitation of crack
widths have already been mentioned as important factors to prevent reinforcement corrosion.
These factors are introduced as requirements in the design basis.

Experience from pouring of concrete in full-scale production proves that a theoretically
durable concrete mix design, tested and qualified by laboratory tests, may be difficult to apply in
“real life” construction. This may be because of the applied production technique and equipment
or due to high reinforcement densities, weather conditions, and or some other reason.

                                                          
4 Norwegian Petroleum Directorate: Regulations for loadbearing structures in the petroleum activities. 1992
5 Norwegian Standard NS 3473. “Concrete Structures, Design Rules”, 4th edition 1992.
6 S.Jakobsen, J,Marchand and B.Gerard: Concrete cracks I: Durability and self healing  - A review. Proceedings of

the second international conference on concrete under severe conditions, CONSEC –98, Tromsø, Norway



To avoid these potential problems, trial mixes should be qualified under full-scale
production situations. Efforts to obtain the most optimal curing conditions must also be tested
out prior to being applied in production. Non-structural cracks, i.e., cracks that are a result of
unfavorable curing and hardening conditions rather than tensile stresses in the concrete caused
by external loads, are often a larger concern than structural cracks. According to Mehta,7 thermal
shrinkage and drying shrinkage is the primary cause of cracks in many new concrete structures.
These cracks are related to high early-strength concrete mixes that typically have a relatively
high content of fine ground cement. In addition, the cement often has a relatively high sulphate
and alkali content. These types of cracks are not controlled by the amount of minimum
reinforcement.

Preventing the chlorides from entering the concrete is an additional effort that may be
applied to reduce the potential corrosion problem. An extensive list of methods for controlling
and monitoring corrosion may be found in ACI 22R-96.8

FREEZE THAW CONSIDERATIONS

The mechanism for freezing and thawing marine concrete is the same as for onshore
concrete. It consists of two parts, one related to the material (“the strength”) and one to the
environment (“the load”).

The material-related part is concerned with how much water within the concrete is
sufficient to cause frost damage. This material property is called the critical degree of water
saturation Scr.

The environment-related part is concerned with how much water is present within the
concrete. This part is called the actual degree of water saturation Sact. For frost damage to occur,
Sact has to be as high as Scr. or higher.

The following recommendations apply to concrete that will be exposed to a combination
of moisture and cyclic freezing.9

 Design of the structure to minimize exposure to moisture
 Low water–cement ratio.
 Appropriate air entrainment
 Quality materials
 Adequate curing before first freezing cycle
 Special attention to construction practices

SULPHATE ATTACK

Sulphate ions in the seawater can attack the calcium hydroxide in the cement paste, the
final reaction product being ettringite. As ettringite is very voluminous, the result can be a
volume increase with a subsequent disruption or softening of the concrete.8  The concentration of

                                                          
7 P.K.Mehta: Durability – Critical issues for the future. Concrete International, July 1997
8 ACI 222R-96: Corrosion of metals in concrete.
9 ACI 201.2R-92: Guide to durable concrete.



sulphate ion in seawater can be increased to high levels by capillary action and evaporation
under extreme climatic conditions.

Low permeability, low water–cement ratio (w/c < 0.4), and a low C3A content in the
cement are the key factors to obtain acceptable sulphate resistance of concrete.

ALKALI-SILICA

Reactive siliceous minerals in the aggregates can be attacked by alkaline hydroxides in
the pore water, the hydroxides derived mainly from the oxides of sodium and potassium in the
cement paste. The reaction product is an alkali-silicate gel. The gel can absorb water resulting in
an increase of volume and internal pressure, which eventually may cause cracking of the
concrete. At low temperature, the reactions may become dormant.

The expansion of the gel is dangerous only for certain combinations of reactive
aggregates, alkaline hydroxides, and water in the concrete. If the content of alkaline hydroxides
is low (the equivalent amount of sodium dioxide should not be higher than 0.6% according to
ASTM), the reaction is small and of no significance. Also, if the content of reactive silica
aggregates is low or high, or the particle size is very small or very big, the reaction is small and
of no significance.

In general, the reactivity of the aggregate should be tested before being recommended for
use. Outline of test methods, criteria for judging reactivity, and recommended procedures to be
used with alkali-reactive aggregates may be found in footnote 8.

ALKALI-CARBONATE

Some dolomitic limestone aggregates can react with the alkaline hydroxides in the pore
water. The result is an expansion similar to that occurring as a result of the alkali-silica reaction
described above. The expansion causes a network of pattern or map cracks usually most strongly
developed in areas of the structure where the concrete has a constantly renewable supply of
moisture. The expansion can be very severe, and has led to extensive problems onshore in
Canada and the U.S. Fortunately, reactive carbonate rocks are not very widespread and can
usually be avoided.

An outline of test methods, criteria for judging reactivity, and recommended procedures
to be used with alkali-reactive aggregates may be found in ACI 201.2R-92.8

SULPHUR REACTION

Sometimes aggregates contain sulphur compounds, usually as sulphates and sulphides,
which can be the cause for deleterious expansions. Sulphides, together with water and oxygen,
can produce reaction products similar to those which can be produced by sulphates. Careful
testing and examination of the aggregates will usually indicate the presence of such reactive
impurities and their use in concrete avoided.



LEACHING

Under special circumstances, submerged concrete may undergo some leaching of the
more soluble substances (mainly calcium hydroxide) from the cement paste.  The actual leaching
is very small and probably takes place mainly in cracks, where it serves the useful purpose of
helping to close the cracks.

WATER TIGHTNESS

The water permeability of uncracked concrete is governed mainly by the cement paste
and the contact zone between the aggregates and the paste.

Concrete with a water/cement ratio below 0.45, which is the case for the North Sea
marine structures, is for all practical purposes non-permeable with respect to transport of liquids
through the section thickness. Tightness is therefore primarily a matter of avoiding through
cracks that may arise during hardening of the concrete or during platform construction and
operation. A minimum requirement for amount of ordinary reinforcement is equally important
for the efficient distribution into many small cracks rather than a relatively few larger cracks. In
addition, special attention has to be paid to construction joints.

CONSTRUCTION JOINTS

Potentially, construction joints can act as waterways through a concrete structure. To
avoid this completely, it is necessary to have skilled labor and well-proven routines to treat the
joints properly.

The routines vary quite a lot, depending on the situation. Typically, the concrete surfaces
at all joints are thoroughly cleaned prior to placing adjoining concrete. Then, if possible, a layer
or concrete with increased cement content and workability is placed against the joint, followed
immediately by ordinary concrete, with vibration through the first layer.

If water tightness of a construction joint is required, procedures must be prepared to test
the joint for leakage before construction work is completed. Observed leakage is repaired with
epoxy injection. Precautions can be taken by pre-installation of epoxy injection tubes in the
casting joint and injection of epoxy after hardening of the concrete.

CLIMATIC EFFECTS

The temperature will affect the rate of the deteriorating chemical processes involved, but
the processes themselves will be basically the same. Other important factors that may influence
the deteriorating processes are the oxygen content and the salinity of the seawater. Different
experiences in various climatic zones are often related to quality control during construction, the
local material sources applied, and the conditions during construction; not to the environment
itself.



In Fookes, et al.10  the climatic situation world-wide is divided into four types:  (1) hot
wet, (2) hot dry, (3) temperate, and (4) cool (which also includes freezing). Their
characterization is shown in Figure 1, together with a world ocean salinity and temperature chart.
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ET REGIONS

According to ACI committee 30511 the definition of hot weather is any combination of
lowing conditions:  (a) high ambient temperature, (b) high concrete temperature, (c) low
 humidity, (d) high wind velocity, and (e) solar radiation. A comprehensive presentation
mmended practice and precautions for hot weather concreting may be found in RILEM
HC12 and footnote 10.

ICE LIFE CALCULATIONS FOR MARINE CONCRETE STRUCTURES

lytical models have been developed to be able to calculate the service life of marine
te structures. The basis for the models is that reinforcement corrosion due to chloride
 is the main deteriorating mechanism. The traditional assumption has been that chloride
 into concrete obeys Fick's second law of diffusion for a semi-finite medium with constant
re, and that there is a critical value of the chloride content in the concrete, C = Ccr, leading

                                             
ookes, J.D.Simm and J.H.Barr: Marine concrete performance in different climatic environments, Marine
te ’86 London Sept.1986.
ommittee 305; Hot weather concreting. ACI chapter 305 R-91 American Concrete Institute

M TC 94CHC (1993): Concrete in hot weather environments. Draft “Part I: Influence of the environment
nforced concrete durability. Part II: design approach for durability”.



to the corrosion of the steel. Typical parameters in such models are chloride background content,
chloride content on the exposed surface, exposure time, penetration depth, and diffusion
coefficient. Recent research has shown that the diffusion resistance improves over time and that
this has to be taken into account in analytical models, i.e., the diffusion coefficient is time
dependent.

SUMMARY

The key requirements for new marine concrete structures are low initial cost, low
maintenance costs, and a long service life. The main requirements for production of durable
marine concrete in all environments are summarized as follows:

 Make concrete as dense as possible
 Use fairly rich mixes, i.e., 350 kg to 450 kg of cement per m3 of concrete.
 Use appropriate cover to the reinforcement.
 Use sulphate-resisting cement and non-reactive aggregates.
 Keep chloride content at a minimum in the concrete mix
 Consider the use of air-entraining agent to improve frost resistance if required
 Avoid thin sections and complicated geometry for properly pouring of the concrete.
 Apply the highest standards of workmanship and supervision
 Consider the effects of ambient temperature and environment during preparation of

procedures for casting and curing.



CHAPTER 2

MIX DESIGN



MIX DESIGN

INTRODUCTION

This chapter is an extract1 that describes some very significant developments in concrete
technology and site practices have taken place over the past decades enabling improved concrete
qualities to be produced on site. By means of selected constituent materials and mix proportions,
high strength or high performance concrete can be produced to uniform and predictable levels of
quality which will ensure long maintenance free service life under rough and hostile conditions.

Concrete mix design is an interactive process where selected constituent materials are
combined to meet the technical requirements of the design and, at the same time, meet the
practical performance requirements of the chosen plant and construction procedures on site. The
design requirements apply primarily to the hardened concrete (strength, durability, ductility,
density), whereas the site performance requirements apply to the fresh concrete (workability,
pumpability, curing).

The process starts in the laboratory or with existing records with a view to identify
suitable constituent materials. The requirements are laid down in relevant national and
international Codes or Standards, supplemented with additional project-specific requirements.
Tests may also be required to evaluate the mutual compatibility of individual materials.

The concrete strength and other mechanical properties are a function of the w/c, or water
to binder, ratio. A low w/c ratio is required both for strength and durability reasons. To achieve
this, while maintaining adequate workability and a moderate cement content, is often the key to a
successful mix design. (The term w/c ratio is used throughout this report to define the ratio
between water and total cementitious material, i.e., cement + silica fume + PFA or other
pozzolans.)

Heat of hydration, or the temperatures generated during curing and hardening, sets up
thermal stresses and may lead to undesirable cracking of the young concrete and impaired
durability. The type and dosage of cement is the key factor in this respect and a low cement
content consistent with the required strength and w/c ratio is desirable. In this respect, a
combined binder of Portland cement, PFA, and/or silica fume may be an attractive option.
Special curing measures may also be required to limit temperatures and temperature gradients in
the early phase.

The target mean strength of the concrete required to achieve the stipulated characteristic
value depends on the uniformity of production (coefficient of variation) which can be
maintained. The efficiency of the Quality Assurance/Quality Control (QA/QC) system therefore
also affects the mix design process.

The above demonstrates the loop linking material properties to site procedures. The
choice of mix proportions is therefore an interactive process where site trials constitute an
essential element. The experience from similar projects and from field experience with the
proposed constituents provides valuable input and the recommendations contained in the present
report should be seen in this light.

                                                
1 Draft report on “Concrete mix design,” by Aker Maritime, Tom Moksnes, for the Office of Naval Research,
  Feb 1999.



It should also be emphasized that the chosen mix proportions must be sufficiently robust
to stand up to changing site conditions. High performance concrete is generally sensitive to fairly
minor changes in material properties and procedures. A ‘hands on’ approach to concrete
production with immediate response and adjustments to the mix as the need arises imposes
requirements on the efficiency of the quality control system and the competence of the operators.

In the past there was a tendency to focus on the strength properties at the expense of
equally important properties such as durability, workability, and weight.

DURABILITY

Concrete in seawater has adequate and satisfactory durability provided attention is paid to
a few simple rules of mix design and construction.  The essential requirements are the use of
high quality concrete with low permeability and high frost resistance, and adequate and uniform
concrete cover to the reinforcement.

Corrosion of the reinforcement is the most fundamental concern in concrete sea structures
(rather than concrete deterioration), and ensuring that the steel is surrounded by adequate
thickness of low permeability concrete will prevent corrosion. In simple terms, corrosion will not
occur if neither oxygen nor seawater carrying chlorides can penetrate to the steel and cause a
lowering of the pH and the creation of an electrochemical circuit.

 The quality and minimum thickness of the concrete cover is the major durability
factor.

Cracks caused by shrinkage, creep, thermal gradients, and loads may also render the steel
vulnerable to seawater ingress and subsequent corrosion and must be dealt with during design
and construction. These factors are affected by the concrete composition as well as by the site
procedures related to placing and curing. Adequate water spray or membrane curing should
always be applied to the fresh concrete.

Other durability concerns for concrete in sea structures may include alkali-aggregate
reactivity (AAR), sea water reactivity (sulphate and chloride reactions with the cement
compounds), and frost resistance in the case of concrete exposed to freezing and thawing. The
total chloride content in the fresh concrete needs to be restricted and the mixing water should
always be fresh and potable.

For marine structures and particularly for unknown aggregate sources, petrographic
examination by thin section microscopy should always be performed

Concrete deterioration due to sea water is the result of separate reactions between
sulphates and chlorides present in the sea water and the cement compounds tricalcium aluminate
C3A and portlandite Ca(OH)2. A well-compacted high performance concrete with a low w/c ratio
will provide adequate durability in the marine environment. Cement with a low C3A content is
recommended for concrete exposed to aggressive types of sulphate attack. Some caution should
be exercised in less aggressive environments due to the effect this may have on other and equally
important concrete properties. A moderate C3A content of 5 – 7 % is commonly specified for
concrete sea structures and has worked well.

Freeze-thaw resistance is dealt with by air entrainment, using air entraining admixtures to
achieve the desired size and spacing of the air voids. It should be kept in mind that air



entrainment reduces the compressive strength and that stable air voids are not always easily
achieved in highly workable (superplasticized) concrete.

CONSTRUCTABILITY

Pumping is an expedient and cost efficient method of placing concrete in large and tall
structures and pumpability of the concrete becomes a key factor in the mix design. Also, tall
structures are often built by slipform construction that imposes special requirements on the fresh
concrete. Finally, high strength concrete is commonly used for structures that are densely
reinforced and prestressed and therefore demand highly workable mixes.  This adds up to the fact
that the properties of the fresh concrete are essential considerations in the mix design process.
The main quality parameters for fresh concrete, commonly labeled constructability, are:

 Workability (flow characteristics)
 Stability (lack of segregation and water separation)
 Open time (pot life)

Essentially, what is required is a high slump (superplasticized concrete), a cohesive mix
with little or no bleeding and segregation during pumping, compaction, and setting, and a mix
with the ability to retain its fresh characteristics until the mix is placed and compacted. The
setting time, i.e., the time after which the concrete can not be vibrated or remoulded and starts to
harden, is critical for the rate of slipforming and is significantly affected by the choice and
dosage of admixtures.  A summary of the main quality challenges and the chosen remedies is
shown in Figure 2-1.

HIGH STRESSES
30m design waves.
High hydrostatic pressures.
Dynamic loads  (earthquakes).
Severe loading in some construction phases, e.g.,
extreme water pressure on the cell walls during
submergence for mating.

REQUIREMENTS:
High performance constituent materials of
uniform and predictable quality.
Characteristic 28 day cube strength up to 80 MPa.
Acceptable fatigue properties

DEMANDING CONSTRUCTION
Dense reinforcement (300 kg/m3  + ).
Large volumes, tight tolerances.
Pumping to heights over 200m.

Large scale slipform construction.

High slump (250 mm)
No bleeding or segregation.
Acceptable and verified pumpability.
Adjustable and predictable setting time.

HOSTILE ENVIRONMENT
Sea water
Steel corrosion.
Concrete deterioration.
Freeze thaw damage.

Low w/(c+s) ratio (0.35 – 0.40).
Cement (binder) content min.400 kg/m3 in splash zone.
Permeability coeff.  10-12 m/sec.
Water intrusion (ISO/DIS 7031)  25mm (target 15mm)
Curing temp. max. 65-70oC.
Concrete cover min 50mm to ord.
Reinforcement, min 70mm to prestressing steel.
Air entrainment in freeze/thaw conditions.



Figure 2-1.  The main concrete quality requirements adopted in the North Sea 2

CEMENT

Different cements will have different water demands for a given cement paste
consistency and will therefore affect the rheological properties of the concrete mix. The C3A
content of the cement affects several properties and the suggested value of 5.5 is a compromise
between its effect on sulphate resistance, chloride initiated rebar corrosion, heat of hydration, and
early loss of slump.

 A major step in the mix design process is to identify a suitable cement or
cement/pozzolan combination for the prevailing high performance concrete
requirements.

AGGREGATES

Aggregates constitute 70% of the volume of the concrete mix. For low or medium
strength concrete a wide range of natural or crushed aggregates will have adequate properties
provided they comply with the mandatory requirements.  This is not the case for modern high
strength/high performance concrete where the strength of the aggregate particles will affect the
ultimate strength and deformation characteristics of the chosen mix. Similarly, the particle size,
grading, and mineral composition will significantly affect the water content required for a given
workability, and hence the w/c ratio and durability.

The properties of the aggregates depend on their geological origin, their geological
history in terms of transportation and sedimentation, and their quarrying, processing, and
handling methods.

This development of tailoring the sand grading, including the content of silt and fines, has
had a profound effect on the properties of the fresh concrete, the w/c ratio, and the strength
properties. These properties are also affected by the particle size, shape, and texture of the coarse
aggregate which can also be modified by selected processing methods.  The mechanical
properties of the aggregates play an important role in controlling the strength, E-modulus,
ductility, and fracture mechanics properties of high strength concrete. Variations in the E-
modulus of the coarse aggregate may significantly affect the E-modulus of the concrete (by as
much as 25 to 50%). For equal uniaxial compressive strength levels, different rock types may
cause 15 to 40% differences in tensile and flexural strength.

The durability aspect concerning aggregates is linked to their chemical stability and to
their secondary role in determining the concrete density through their effect on w/c ratio and
workability. A main concern regarding chemical stability is the ability to identify potentially
alkali reactive aggregates and thin section microscopy should be conducted on any unknown
source of aggregates.

LIGHTWEIGHT AGGREGATES

                                                
2 A.K.Haug, M.Sandvik. Mix design and strength data for concrete platforms in the North Sea. 2. International

Conference on Performance of Concrete in Marine Environment, St.Andrews, Canada, August 1988.



Different types of LWA concrete have been developed and been found to enhance
properties such as durability and energy absorption. LWA concrete comes in a wide range of
densities and strengths and there are no clear lines of division separating LWA concrete from
normal density (ND) concrete.

Some lightweight aggregates with lower water absorption may be suitable for pumping
provided the aggregates are thoroughly soaked in water prior to mixing. One such material is
Stalite, a proprietary material of the rotary kiln expanded shale type produced in the U.S. Stalite
was used on the Hibernia GBS project in Newfoundland for the production of large quantities of
80 MPa MND concrete.3

The high porosity and water absorption of the LWA aggregates is a major factor in mix
design and production. The water absorbed during mixing must be uniform and predictable to
achieve consistent properties.

LWA concrete has lower thermal conductivity and lower heat storage capacity than ND
concrete and the temperature rise due to heat of hydration will be higher. Cooling measures may
need to be implemented in large sections.

All the design properties of high strength LWA concrete have been studied and many
differ to some extent from those of ND concrete. A summary of the general trend that has been
observed is given below in Figure 2-2:

Advantages of LWA Concrete Disadvantages of LWA Concrete
Reduced weight and improved buoyancy.
Better crack behaviour from shrinkage,
   creep and thermal expansion.
Reduced cracking from deformation loads.
Better energy absorption from impact loads.
Lower permeability.
Improved durability and corrosion
   resistance.
Improved freeze-thaw resistance.
Equal or better fatigue behaviour.

Reduced resistance to locally concentrated
   loads and need for confining reinforcement.
Lower E-modulus, brittle failure mode.
Higher cement content for given strength.
Higher heat of hydration.
Liable to spalling of cover under HC fire.
Need to control water content and absorption
   for consistent workability.
More demanding to batch, place and cure.
Higher cost per m3.

Figure 2-2.  Observed relative merits of high strength LWA compared to ND concrete.

It should be emphasised that the test results and observations reported above need to be
verified for the chosen concrete mix design and lightweight aggregate. LWA concrete is well
suited for marine applications provided all the different properties, such as the increased
brittleness, are accounted for in the detailed design of the structure.

                                                
3 C.G.Hoff, R.Walum, J.K.Weng, R.A.Nunez: The Use of Structural Lightweight Aggregates in Offshore Concrete

Platforms, Proceedings International Symposium on Structural Lightweight Aggregate Concrete, Sandefjord
Norway June 1995, Norwegian Concrete Association, Oslo.



ADMIXTURES

Chemical admixtures, and particularly the water reducing types, are essential to the
production of high strength/high workability/low w/c ratio concrete. Major improvements in
their performance have been achieved in recent years.

Today, a range of very efficient proprietary high resolution water reducing admixtures
(HRWRA) are available and are used in dosages of 1 - 2% of the cement weight. Site trial mixes
need to be performed to decide the best product(s) and dosage for the specific purpose as the
total mix composition and the batching process and procedure may affect the results.

If air entrainment is deemed necessary to achieve frost resistance in freeze/thaw
conditions, air-entraining admixtures can be used to obtain the desired volume of very small
micropores. Acceptable frost resistance is commonly evaluated by measurement of the air void
system or by freeze/thaw test procedures. The need for freeze/thaw protection of high strength
concrete in the North Sea is an ongoing discussion and research suggests that non air entrained
low w/c ratio concrete has a high resistance to freeze/thaw deterioration.

Air entrainment will lead to a loss of compressive strength, and this must be taken into
account when air entrainment is contemplated and decided. Air entraining admixtures are
commonly used in small dosages of 0.1% of the cement weight and work better with some
HRWR admixtures than with others.

Set retarding admixtures are used when the rate of construction is such that the set
retarding effect of the HRWR admixtures is not sufficient. Chloride free set accelerators have
also been developed for a quicker set but have so far only had limited application for the large
offshore projects.

Common to all admixtures is that their performance is dependent upon a number of mix
design and site specific factors and that they are marketed under proprietary brand names. Site
trials are therefore essential prior to selecting the most efficient brands and dosages.

SILICA FUME

Modern high strength concrete benefits by a small dosage of silica fume and is
considered essential for high strength MND and LWA concrete.

Silica fume (microsilica) is a by-product of the ferro-silicon industry. It is an extremely
fine powder with grain size less than 0.1 m and specific surface of about 20,000 m2/kg. It is a
reactive pozzolan, consisting of 90% amorphous SiO2 and acts as a very effective filler. Its
fineness and its reactivity account for the beneficial effects of silica fume in high performance
concrete.

Silica fume in moderate dosages will increase the compressive strength, increase the
resistance to corrosion of the embedded steel, and improve the resistance to segregation of a high
slump concrete. Dosages of 5 – 8% are considered very beneficial for all high performance LWA
concrete. Silica fume can be blended into the cement at the mill or distributed and added as a
slurry during batching. There are side effects, particularly at high dosages, related to stickiness
and plastic cracking if proper curing measures are not implemented.

FIBER REINFORCEMENT



Fibers may be used to increase the tensile strength and the toughness of concrete, an
example of the improved ductility that can be achieved by the addition of 1% fiber.  Fibers will
also increase the impact strength and reduce shrinkage. The fibers may be steel, carbon, glass,
polymers, and other synthetic materials. The length, shape, and mechanical properties of the
fibers affect the way they impact on the properties of the concrete. Fiber contents of 1 – 5% by
volume have been used for special applications such as sprayed concrete, precast units, special
hard wearing pavements and caps for driven piles.

The inclusion of fibers significantly affects the properties of fresh and hardened concrete
and introduces special requirements on the batching plant and procedures. Fibers have not been
used for the mass concrete on any of the large offshore projects described in this report.
Although they may appear to offer advantages as ‘crack reinforcement’, their impact on
constructability and on construction procedures is negative. The addition of even small quantities
of fiber reinforcement should be considered very carefully and thoroughly tested on site before
they are adopted for improved ductility and durability of large marine concrete structures.

COATINGS

Polymer impregnation of concrete may improve the resistance to freezing and thawing,
the abrasion resistance, and the general durability in an aggressive environment. The application
is difficult and demanding and would not be practical to perform on very large structures.
Polymer coatings have not been applied to the offshore projects described in this report. Polymer
modified mortar coatings were, however, applied in some critical areas on the Northumberland
Strait Bridge Project.4

Epoxy coatings have been applied to some of the North Sea structures to provide
additional protection in the splash zone. The epoxy was applied by trowel to the freshly
slipformed surfaces of the shafts and subsequent inspections have revealed that the coatings have
been successful.5

THE SIGNIFICANCE OF THE W/C RATIO

The general relationship between the w/c ratio and compressive strength is good for the
0.35 to 0.40 range of w/c ratio commonly specified for offshore concrete structures.  Above a
w/c ratio of 0.40 the volume of capillary water and air pores increases rapidly and contributes to
a more porous cement paste and reduced durability.

Permeability tests show that the coefficient of permeability of cement paste increases
exponentially as the w/c ratio increases above 0.50.6   The low permeability associated with low
w/c ratios gives added durability which in some cases is a more significant feature of high
performance concrete than the strength itself.

                                                
4 E.W.Tromposch, L.Dunaszegi, O.E.Gjørv, W.S.Langley: Northumberland Strait bridge project-strategy for

corrosion protection. Proceedings 2. International Conference on Concrete under Severe Conditions, CONSEC 98
Tromsø, E&FN Spon, London.

5 R.Aarstein, O.E.Rindarøy, O.Liodden: Effect of Coatings on Chloride Penetration into Offshore Concrete
Structures. Proceedings, CONSEC 98, Tromsø. E&FN Spon, London.

6 A.M.Neville, J.J.Brooks: Concrete Technology, Chapter 14, Longman, London 1987.



The low w/c ratio benefits both strength and durability and the range of 0.35 to 0.40 is
commonly adopted for high performance concrete. A w/c ratio below 0.35 requires high binder
contents and very high dosages of HRWR admixtures to achieve a satisfactory workability and
may have undesirable side effects with respect to early cracking. Such concrete has also been
found to be vulnerable to inadequate site procedures and to require more skilled and experienced
operators.

SUMMARY

No mix design can be completed without site experience and full scale site trials. The
chosen mix proportions for high performance concrete need to be continuously monitored and
adjusted as the work progresses to account for variations in the local conditions.  From a
virtually total focus on high strength working close to the level of feasibility, industry is shifting
their focus to high performance.

It should be remembered that high strength concrete is less tolerant to variations in site
conditions and practices than ordinary concrete and the quality obtained depends to a larger
extent on the knowledge and skill of the operators.

The designer has the freedom to choose within a broad range of options to achieve the
desired properties of the fresh and hardened concrete while still operating within the realm of
high strength/high performance concrete. The fundamental requirements for durability are high
quality constituent materials, a low water/binder ratio, good constructability facilitating placing
and compaction, proper curing, and adequate cover to the steel.

The term “high quality constituent materials” requires special attention and implies
thorough durability testing according to the relevant Codes as well as mechanical testing where
compliance with the Code is only the first step in the process. Full scale site tests on concrete
mixes and mock-up tests on site procedures will be needed for a finalization of the concrete mix
design. Once the mix constituents and proportions have been selected, a quality assurance system
needs to be established and implemented that ensures continuous monitoring and adjustments to
the mix to suit the prevailing and changing conditions on site. An important aspect of this system
is the interface with the site procedures for formwork and rebars to ensure that the concrete can
be properly placed and compacted and that the specified concrete cover can be maintained.
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USE OF NEW GENERATION EPOXY-COATED REBAR
IN THE ADMIRAL CLAREY BRIDGE

INTRODUCTION

The design and construction of the Admiral Clarey Bridge exemplifies the use of durable
reinforced concrete in a marine environment.  Planners, designers, and builders must pay great
attention to the many critical factors that ultimately contribute to the durability of the reinforced
concrete.  This paper provides a brief summary of some of the important concrete material issues
related to performance with particular emphasis on supplemental corrosion protection using new
standards for prefabricated epoxy-coated steel rebar.

Construction of the Admiral Clarey Bridge, Pearl Harbor, Hawaii

THE ADMIRAL CLAREY BRIDGE

The Admiral Clarey Bridge connecting Ford Island to the Pearl Harbor Hawaii Naval
Complex was dedicated April 15, 1998.  The 4,700-foot long bridge is one of six reinforced
concrete floating bridges in the world.  The 650-foot moveable span is the longest in the world.
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The request for proposals (RFP) for the design/build contract was developed with the
assistance of a number of people and organizations.  For the bridge concept, the RFP relied
heavily on studies by the Pacific Division Naval Facilities Engineering Command's
(PACNAVFACENGCOM) Planning Department.  These included various Ford Island Access
studies accomplished in 1987/88 and the Final Environmental Impact Study in 1990.

The RFP provided specific design criteria, which were developed mostly by
PACNAVFACENGCOM's Design Division engineers with assistance from the following:

 Naval Facilities Engineering Command, John Headland, Coastal Engineering.

 Washington State Department of Transportation, Myint Lwin, floating pontoon section
and concrete.

 Federal Highway Administration, Raymond McCormick, highway/bridge.

 Naval Facilities Engineering Service Center (NFESC), Douglas Burke, prefabricated
fusion-bonded pipeline-type epoxy-coated reinforcement.

Because rebar corrosion occurs much faster in a tropical environment, such as Hawaii, it
was particularly important that emphasis be placed on the design of the concrete materials to
provide long term durability.  To maximize concrete durability, these design decisions were
made:

 The use of 5 percent silica fume was recommended by Mr. Lwin based on his experience
and success in using silica fume on the most recently constructed Washington State
floating bridges.

 The use of a maximum allowable water-to-cement ratio (w/c) of 0.38 was based on
waterfront engineering practices using locally available Hawaiian concrete materials.

 The use of a zero tension under service load criterion was based on the State of Hawaii
Department of Transportation requirement for all bridges in Hawaii.

 The use of prefabricated fusion-bonded epoxy-coated rebar was a difficult decision to
specify since the Navy's new standard was still under development by NFESC and the
increased cost was uncertain.  Ultimately, 4,600,000 pounds of epoxy-coated mild
reinforcing steel was used to construct the bridge.
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COST/BENEFIT

For the Admiral Clarey Bridge a cost comparison of using plain steel rebar versus
prefabricated epoxy-coated rebar was done.  The predicted costs were  $1.20/pound for plain
rebar compared to $1.60/pound for coated rebar, installed.  Therefore the additional cost
amounted to ($0.40) x (4,600,000) = $1,840,000.  Since the cost of the total project was $86
million, the premium to use this technology was 2.1 percent.  Use of high quality concrete
materials and workmanship with proper concrete cover should provide a 50-year service life.
Field performance evaluations and accelerated laboratory tests of coated rebar indicate that the
technology will provide a substantial increase in life performance.  Rebar life extension on the
order of 20 to 40 years is a rational expectation.

EPOXY-COATED REBAR DEVELOPMENT

The decision to use epoxy-coated rebar in new Navy construction was based on extensive
evaluations that began in 1984, when the Office of Navy Research tasked the Naval Civil
Engineering Laboratory to conduct long-term field evaluations.  Test specimens were suspended
in a marine intertidal zone for 76 months at Key West, Florida to rank the relative performance
of popular corrosion control methods.  Damage-free epoxy-coated rebar performed best.
Results from this study were presented by the Concrete Reinforcing Steel Institute in their
Research Series 2 report of July 1994.

Despite the good performance in the Navy's long-term field tests, the Florida Department
of Transportation and other agencies had found moderate to severe corrosion much earlier than
expected on some marine structures using epoxy-coated rebar.  By 1994, much controversy
surrounded the use and performance of epoxy-coated steel reinforcing bars produced and placed
in accordance with current specifications.  Consequently, the Navy Criteria Office funded the
NFESC to identify the failure mechanisms in current practices and to develop a new standard in
cooperation with industry experts.  This effort resulted in an Interim User's Guide for
Prefabricated Epoxy-Coated Rebar for Oceans and Other Severe Environments (PROSE).  The
document included two new Navy Facilities Guide Specifications (NFGS), 03201 and 03202,
and recommendations for a quality control program.  The Navy Criteria Office identified
candidate construction projects to incorporate the new generation of epoxy-coated rebar.  Two
Navy submarine piers were constructed, one in Pearl Harbor, Hawaii, and the other in New
London, Connecticut.  NFESC monitored the construction of each project and evaluated the cost
and constructablity.  Both projects proved highly successful and the differential costs were about
2 percent higher for each with respect to the overall construction cost.  The toughness of the new
epoxy powder formulation developed by 3M proved exceptionally good, requiring very few
repairs after shipping, storage, and placement.  The bridge also included small sections of epoxy-
coated rebar coated with epoxy powder formulated by Akzo Nobel and Herbert’s-O'Brien, which
appeared to be equally durable.
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The American Society of Testing and Materials (ASTM) used the Navy's draft
specifications as a basis for the development of ASTM A 934/A 934M published in July 1995,
“Standard Specification for Epoxy-Coated Prefabricated Steel Reinforcing Bars.”  Mr. D. Burke
of NFESC is the current chairman of the ASTM Subcommittee A01.05 task group for
development and revision of coated reinforcement standards.  In February 1998, the NAVFAC
Criteria Office published, for the first time, a definitive guide for Marine Concrete, NFGS 03311.
Included is a requirement to use prefabricated epoxy-coated reinforcing steel according to the
new ASTM Standard.

Magnified View of Epoxy-Coated Rebar

IMPORTANT FEATURES FOR ENHANCED PERFORMANCE

There are many important features of the new technology for prefabricated epoxy-coated
rebar contained in the ASTM Standard that contribute to improved performance.  Some of these
are:

 All of the rebar is prefabricated to final size and shape prior to coating.  This avoids stress
cracks in the coating and loss of coating adhesion in the bend areas during post
fabrication, which has been a typical site for corrosion.

 Since the coating no longer needs to be flexible, new epoxy powder formulations can be
used.  These formulations are more durable and resistant to the intrusion of corrosive
elements.

 Extensive quality control tests must be performed on every batch of coated rebar,
including cathodic disbondment tests for coating adhesion.  This requirement greatly
reduces problems with underfilm corrosion.
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 All visible defects in the coating must be repaired prior to concrete placement.  This
minimizes the number of locations in the barrier coating that might otherwise become
corrosion sites.

In addition to the recommendations contained in the ASTM standard, NFESC strongly
recommends that:

 Coated rebar is not mixed with plain rebar in the structure.  This avoids the possibility of
creating a large corrosion cell if there is electrical continuity between the coated and
uncoated steel.

 Coated rebar should not be used in structures that are subject to large impact loads and in
areas where the steel is severely congested (e.g., 50 percent or more of the cross section is
steel).  Because of the lack of adhesion of the cement paste to the epoxy coating, the
concrete that covers the reinforcement may disbond when subject to impact loads, which
was reported when a reinforced concrete component was accidentally dropped.

 Designers should not specify the use of coated rebar that exceeds number 11 (2-3/4"
diameter) until definitive data is available that addresses the effect on bond and
anchorage.

CORROSION ACTIVITY

The purpose of providing supplemental corrosion protection, such as an epoxy coating, is
to reduce the rate of rebar corrosion, thus increasing the time before corrosion related repairs are
necessary.  This is accomplished in two important ways:

 If the quality of the concrete is compromised in any manner that results in cracks,
increased concrete permeability, or reduced concrete cover, then chloride, oxygen, and
water will find their way to the rebar sooner than expected.  An excellent barrier coating
on the steel will extend the time before corrosion will take place.

 Eventually corrosive elements will reach the rebar regardless of the concrete materials
used and the quality of the workmanship.  When the chloride contamination reaches the
threshold level necessary for the initiation of steel corrosion, the presence of a highly
impermeable well-adhered barrier coating with a minimum number of defects will retard
the potential for corrosion activity in the steel reinforcement.

CONCLUSION

Concrete durability in a marine environment requires strict attention to many important
aspects of planning, materials, design, and workmanship.  Life performance of marine structures
can be enhanced by the use of prefabricated epoxy-coated steel reinforcing bars with good
coating adhesion and no visible damage to the coating.  Construction of the Admiral Clarey
Bridge exemplifies the use of these design and construction principles.
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OTHER PROJECTS USING EPOXY-COATED REBAR

Several projects within the Navy and in the private sector have used the new standards
for prefabricated epoxy-coated rebar, such as, the Muni-Metro Turn Back in San Francisco,
California and the Long Beach Aquarium in Long Beach, California.  In June 1997, the
technology was reviewed and adopted by the California Department of Transportation
(CALTRANS) for reinforced concrete structures in contact with sea and brackish water.

Construction of Muni-Metro Turn Back, San Francisco, California

ADDITIONAL INFORMATION

Additional information about the design and construction of the Admiral Clarey Bridge is
contained in an excellent and comprehensive article by Michael Abrahams and Gary Wilson
featured in the PCI Journal July/August 1998 issue.  For more information about the use of
prefabricated epoxy-coated reinforcement, please contact Douglas Burke at 805-982-1055 or
burkedf@nfesc.navy.mil.
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CLACIUM NITRITE ADMIXTURE

BACKGROUND

Due to the severity of a marine environment and the likelihood for corrosion of the steel
reinforcement, designers must specify high quality concrete and an adequate concrete cover over
the rebar.  In addition, the use of a corrosion protection system can provide for additional
corrosion protection.  Epoxy-coated steel rebar, galvanized steel rebar, and calcium nitrite
admixture all provide beneficial effects.  (“Performance of Epoxy-Coated Rebar, Galvanized
Rebar, and Plain Rebar with Calcium Nitrite in a Marine Environment,” D. Burke, July 1994.)

PASSIVATION OF STEEL IN CONCRETE

Due to the alkaline environment of concrete, a protective passive layer of iron oxide
forms on the surface of the steel rebar.  This passive layer is composed of ferrous (Fe2+) and
ferric (Fe3+) oxides (refer to Figure 1).  Ferrous oxides are susceptible to chloride attack,
whereas, ferric oxide resists chloride attack.  It is important to note that the ingress of carbon
dioxide, water, and oxygen can also contribute to the breakdown of the protective passivation
layer.  This is called carbonation corrosion.

Figure 1.  Passivation of steel in concrete.
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CHLORIDES AND CORROSION

Corrosion of steel reinforcement in concrete occurs in locations where chloride intrusion
has weakened and/or destroyed the passive layer.  This commonly occurs at the ferrous oxide
sites.

The chloride level necessary to initiate corrosion of steel in concrete is approximately 1.5
lb/yd3.  The time it takes to reach this level of contamination at the depth of the rebar is
dependent on the exposure, quality of concrete, depth of concrete cover over the reinforcement,
and the number and depth of cracks that develop in the concrete.  Due to the high availability of
chloride ions in a marine environment, the chloride corrosion threshold can be reached within a
few years.

CALCIUM NITRITE ADMIXTURE

To protect the rebar and passive layer from attack, calcium nitrite can be introduced into
the concrete mix during batching as an admixture.  It is introduced into the concrete at either the
precast or cast-in-place concrete operation.  Calcium nitrite reduces the steel rebar’s
susceptibility to corrosion by increasing the oxide surface concentration, hence strengthening the
passive layer.  The duration of protection offered by calcium nitrite is dependent on the dosage
used and corrosion rate.

The amount of calcium nitrite the specifier selects is a function of concrete quality and
the environment to which the structure is to be exposed.  Therefore, these factors need to be
considered when selecting a dosage of calcium nitrite.  General guidelines as to the dosage
amount for certain environments are provided by the manufacturer.  A marine environment
typically has a recommended calcium nitrite (30% solution) dosage of 4 to 6 gal/yd3.  The most
common dosage is 4.5 gal/yd3 of concrete.  American Concrete Institute has published two
applicable references:  ACI 212.R-91 Chemical Admixtures for Concrete and ACI 222-89
Corrosion of Metals in Concrete.

Calcium nitrite has not detrimental effects to hardened concrete properties.  Both neutral
set and accelerated set versions are available to accommodate project requirements.

CAST-IN-PLACE CONCRETE

Cast-in-place concrete is frequently used in the construction of seawalls, piers, and
berthing docks.  Cast-in-place concrete quality is dependent on many factors.  Some of these
factors are water-to-cement ratio (w/c), total cement content, aggregate type and gradation,
curing conditions, and job site weather conditions.  A corrosion protection system is required for
direct marine exposure.  When the use of more than one protection system is specified for the
same structural component, this is referred to as a redundant system.  The use of a redundant
corrosion protection system properly addresses the durability required for these marine-exposed
structures.  Calcium nitrite and epoxy-coated rebar is an example.  The calcium nitrite helps
protect the steel where defects occur in the coating.  One may wish to use a redundant system to
increase confidence in long term durability.



PRECAST CONCRETE

Precast concrete is commonly used in marine piles and substructure deck members.  Due
to the controlled manufacturing conditions, precast members are typically of high quality and
uncracked.  In use, these concrete members are exposed to direct sea water and therefore will
benefit from supplemental corrosion protection.  The use of epoxy-coated rebar and a calcium
nitrite admixture should be considered.

CONCLUSIONS

Research has shown that the addition of calcium nitrite admixture to concrete can slow
the onset of corrosion for both cracked and uncracked test specimens.  Calcium nitrite admixture
has been used commercially since 1978.  The dosage of the product needs to be determined for
each project based on the predicted chloride diffusion rate and desired design life.  To be
successful with calcium nitrite, be sure to follow the manufacturer’s recommendations and
instructions for application.  All marine concrete should use quality concrete with a low water-
to-cement ratio concrete (<0.40), proper concrete covers, and proper curing to maximize
performance.  These recommendations are consistent with ACI concrete practice guidelines,
which should be followed.

POINT OF CONTACT

If you would like further information on this subject, contact Mr. Douglas Burke, Naval
Facilities Engineering Service Center, Code ESC63, at (805) 982-1055 or DSN 551-1055, or e-
mail at burkedf@nfesc.navy.mil.
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10.3 Reinforced Concrete for MOB

The reinforced concrete used in MOB construction shall be of sufficient durability and
strength to meet the intended service conditions and performance life as expressed in the MOB
Mission Requirment Statement.   A satisfactory methodology for design, material selection,
placement, and quality control shall be developed.   Consideration shall be given to the use of
prestressed lightweight concrete and modified density concrete.  Development of the criteria and
specification shall reflect international performance records, codes, standards and research data.

10.3.1 General Requirements

10.3.1.1 Scope

The scope of this section is to set forth requirements for prestressed lightweight concrete
and modified density concrete to construct the MOB.  These requirements are also applicable for
a "hybrid" MOB, constructed with structural steel and prestressed concrete.  Emphasis is placed
on the use of structural modified density concrete and a methodology for material selection that
will result in a durable concrete structure.  The term "concrete MOB" implies a concrete hull
using columns and pontoons that support a steel deck.  On top of the steel deck, the aircraft-
wearing surface may also be constructed with concrete. Design and construction of the MOB will
present unique challenges; issues related to design and construction are addressed in other
documents. 1,2

10.3.1.2 Exposure Conditions

The MOB will operate in a severely aggressive environment and will be continuously
exposed to ocean currents, wave action, seawater spray, tidal action and submerged conditions.
Concrete exposure for MOB may be determined from the exposure classes defined in appropriate
standards.3,4,5,6   Materials criteria and specifications shall be developed to produce durable
concrete to resist the failure mechanisms summarized in section 10.3.1.4 Design Methodology.

10.3.1.3 Durability Requirements

The use of prestressed concrete and reinforced concrete has been found appropriate for
construction of ships and offshore structures in severe marine environments. 7,8,9  The United

                                     
1 U.S. Navy Mobile Offshore Base ARCOMS Concept Study

2 Structural Analysis and Design, 7 April 1998, Document No. 9019-ANC-JD-RN-0005

3 Building Code Requirements for Structural Concrete, ACI 318, Chapter 4. American Concrete Institute POB 9094 Farmington
Hills, MI 48333.

4 British Standards Institution (1997a). pr EN206. Concrete - performance, production and uniformity.  Draft for Public
Comment, BSI Document 97/104685, Committee Reference B/517.

5  Norwegian Standard NS 3473 E

6 Hobbs, D.W., Minimum requirements for durable concrete, British Cement Association 1998

7 ACI, State-of-the-Art Report on Barge-Like Concrete Structures Reported by ACI Committee 357, ACI 357.2R-88
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States Navy commissioned the construction of at least 15 concrete ships during World War I
including the USS Selma, USS Atlantis and USS Polias.   During World War II more than 100
concrete ships were constructed.  Several of these ships have been the subject of material
durability investigations that have concluded that concrete can provide long term durability in a
marine environment. 10,11    However, “many structures built in accordance with codes and
guidelines of recommended practice have shown deterioration much before their intended service
life”.12  Therefore, it is mandatory to incorporate a high level of quality in design, material
selection and construction.  To accomplish the necessary durability it is recommended that the
designer take a holistic approach to durability.13  In addition, the development of the criteria and
specifications should incorporate recommendations contained in the following documents.

 ACI 357 Concrete for Offshore Structures

 ACI  357.2R Concrete for Barge-like structures

 Canadian Standards S-374 Structures for Offshore and Frontier Areas, Concrete

 ACI committee reports on structural lightweight aggregate concrete14,15

 ACI 318 Building Code16

 U.S. Navy specifications for marine concrete17

 European Standard pr EN 2061 (draft)

 Norwegian Standard NS 3473 E.

  CEB Bulletin 238 - New Approach to Durability Design

 FIP Manual of Lightweight Aggregate Concrete

                                                                                                                       
8 Severin, L. et. al. “Troll A Gas Production Platform – Implications of 50-70 Years Life Span, OTC 8412, Offshore Technology
Conference, 1997

9 Anderson, A. R., “ A 65,000-Ton Prestressed Concrete Floating Facility For Offshore Storage Of LPG”

10 Heun, Raymond C., "Concrete Ships  -- Long Forgotten," Concrete International, April 1995, pp. 54-56.

11 Bremmer, Theodore W.; Holm, Thomas A.; and Morgan, Dudley R., "Concrete Ships -- Lessons Learned,"
Performance of Concrete in Marine Environment, AP-163, American Concrete Institute, 1996, pp. 151-169

12 Mehta,  P. K. “Point of View, Durability – Critical Issues for the Future”, Concrete International, July 1997, pp. 27-33.

13 Mehta, P. K. and Gerwick, B.C.,  “Concrete in the Service of Modern World,” Proceedings of the International Conference on
Concrete in the Service of Mankind, University of Dundee, Scotland, June 1996.

14 ACI Committee Report 304  “Batching, Mixing, and Job Control of Lightweight Concrete”, 1991.

15 ACI Committee Report 213B  “State-of-the-art Report on Structural Lightweight Aggregate Concrete for Bridges and Other
Exposed Structures” Draft October 1996.

16 ACI Committee Report 201.2R “Guide to Durable Concrete,” Manual of Concrete Practice, American Concrete Institute,
Farmington Hills, MI, 1997 pp. 33-37.

17 Naval Facilities Engineering Service Center, Naval Facilities Guide Specification NFGS-03311, February 1998
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10.3.1.4 Failure Mechanisms

A long service life with no major repairs in a marine environment demands the use of
high quality reinforced concrete.   The design methodology used shall account for the failure
mechanisms that may manifest as deterioration of the concrete.  Typically, the most likely
deterioration mechanism for marine exposure is corrosion of the steel reinforcement. The
concrete must be resistant to deterioration from the following mechanisms over the performance
life of the structure.

 Concrete shall be of high tensile strain capacity to be able to resist the formation of cracks
due to the volume changes, and shall be reinforced and/or prestressed to provide adequate
toughness to resist the crack propagation due to the various mechanical, physical and
environmental loadings.

 Concrete shall be resistant to chemical disintegration caused by alkali-aggregate reactions,
sulfate attack, and delayed ettringite formation.

 Concrete shall have adequate resistance to freezing and thawing attack.
 Resistant to wear and to the formation of cracks and crack propagation from impact loads,

chains, cables, minor collisions, wave action, vibration, fatigue, abrasion, freeze and thawing,
and other physical and environmental loading.

 Resistant to the ingress of environmental agents such as air, water, chlorides, sulfides and
carbonates.

10.3.1.5 Basis of Design

“One important limitation of conventional concrete, even of good quality, is the presence
of microcracks, capillaries and micro-capillaries into which water is able to penetrate; sucked in
by surface tension forces or driven by an external hydrostatic pressure.”18  Intrusion of water is a
significant factor affecting the rate at which many concrete failure mechanisms progress. The use
of high performance lightweight concrete or modified density concrete can provide superior
impermeably to structure subject to hydrostatic pressure when compared to normal weight
concrete..19   A durable concrete MOB must be highly resistant to the ingress of moisture.
Chloride ions also migrate through permeable concrete by diffusivity, even without actual flow
of water.  Therefore, the design and materials selection must strive to minimize the ingress and
migration of water, oxygen, chlorides, sulfides, and carbon dioxide into the concrete.  In time,
these substances are directly responsible for the deterioration of the concrete and corrosion of the
reinforcing steel.   Because the penetration of these substances is inevitable, proper concrete
cover over the reinforcing is critical to achieve long life.

 Conventional reinforced concrete is designed to crack in tension; consequently, the
reinforcement that coincides with these cracks may be exposed to corrosive agents soon after the

                                     
18 Roy, Salil, K. and Northwood, Derek, O. “Admixtures to Reduce the Permeability of Concrete” SP 170-13 p. 269

19 Dr. Lar,  PhD thesis  (incomplete footnote at this time)
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structure is put into service.  Alternatively, structures built with prestressed concrete will have no
cracks transverse to the direction to prestress under service conditions. Temporary crack widths
during construction should be less than 0.30mm provided the cracks are crossed by reinforcing
steel and will be relieved from stress in service.

Prestressed concrete requires supplemental steel reinforcement to control the formation
and propagation of numerous crack mechanisms.  This is provided by the use of plain steel
reinforcement for stirrups, spiral coils, bolsters, T-headed bars, anchor dowels, stitch bolts and
transverse reinforcement.

Lightweight concrete bridges and other exposed structures have a proven history of long-
term performance.20  Compared to structures using normal weight aggregates, LWC will have
greater resistance to microcracking because of their lower modulus of elasticity, lower coefficient
of thermal expansion/contraction and strain compatibility at the aggregate-cement matrix
interface.21  Additionally, prestressed lightweight concrete structures are capable of providing
good energy absorption.

The designer of MOB shall use the following as a minimum basis for design to provide
durable performance for the design life of the MOB.

 In the Serviceability State, concrete that is fully submerged should have crack widths less
than 0.25mm. Membrane shear cracks and transverse cracks in the hull shall be less than
0.15mm in the splash zone. Through cracks in external bulkheads and ballasted tank walls
should be less than 0.10mm.22

 The hull shall be prestressed longitudinal and transversely (if necessary) so as to prevent the
development of repeated cyclic tension under the waves in the serviceability limit state.

 Pontoon and other portions of the hull should be sloped and scuppers should be adequate to
prevent ponding of water.

 Minimum reinforcement in both directions, and on both faces should be provided in order
that a crack, which opens for any reason, will be restrained by rebar below yield stress.  The
potential tension zone is defined as (c + 7 ) where c = cover thickness and  = diameter of
rebar transverse to the potential crack.  The area of required reinforcing is AS = AC fCt / fy ,
where AC  is the area of concrete in a unit length of thickness equal to the potential tension
zone, fCt  is the flexural tensile strength of the concrete at age 7 days, and fy is the yield
strength of the reinforcement.  For example, for concrete with f’C of 60MPa at 28 days and fy

= 400 MPa, this results in a requirement of 0.8% reinforcement in the tension zone.

                                     
20 ACI Committee Report 213B  “State-of-the-art Report on Structural Lightweight Aggregate Concrete for Bridges and Other
Exposed structures” page 1, Draft October 1996.

21 Vaysburd, A.M.  1992.  Durability of Lightweight Concrete and its Connections with the Composition of
Concrete, Design, and Construction Methods.  Proceedings of the International Symposium on Performance of
Lightweight Concrete, ACI SP-136  pp. 295-318

22 Gerwick, Ben, C. “Construction of Prestressed Concrete Structures” Second Edition, Wiley Professional Series, 1993,        p.
141
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 Adequate prestressing and/or reinforcing steel shall be provided to effectively resist in-plane
(membrane) shear.  This shall take into account the reduction in efficiency of orthogonal
reinforcement for resisting diagonal cracking.

 Fatigue of prestressed concrete under cyclic loading of waves can be effectively resisted by
keeping the stresses in the serviceability Limit State below 0.5f' C compression and zero
tension. Fatigue must be considered since it has been well established both by tests and
experience in the North Sea that fatigue for concrete members, especially those submerged in
water, under repeated waves is a serious problem. 23

 Through-thickness reinforcement shall be provided in all elements subjected to high
compressive stresses in the extreme Limit State in order to provide confinement.  Such
through thickness reinforcement is also required in the sides of hulls to resist transverse (out-
of-plane) shear and impact.

 Adequate prestressing and/or reinforcing steel shall be provided to effectively resist in-plane
(membrane) shear.  This shall take into account the reduction in efficiency of orthogonal
reinforcement for resisting diagonal cracking.

10.3.1.6 Materials for Construction

MOB design life can be accomplished by using lightweight aggregate and modified
density concrete, and implementing sound construction practices and quality control.24,25,26,27,28

The following considerations for the design, criteria development and specifications are
provided.

                                     
23 The Lacy V. Murrow floating bridge in Lake Washington developed cracks over the years that led (or contributed)
to its sinking.  Now the Evergreen Point Bridge, also in Lake Washington, has started to develop similar cracks at the
same age.  It is currently undergoing a major retrofit.

24 Neville, A., “Point of View: Is Strength Enough?  Maintenance and Durability of Structures” Concrete International,
November 1997 pp.52-56

25 Lamond, J. F., “Designing for Durability” Concrete International,  November 1997 pp. 34-36

26 Mehta, P. K. “Point of View, Durability – Critical Issues for the Future”, Concrete International, July 1997, pp. 27-33.

27 Gerwick, Ben, C. “Construction of Prestressed Concrete Structures” Second Edition, Wiley Professional Series, 1993 pp. 137-
177

28 The Japan Society of Civil Engineers, Guidelines for Durability Design of Concrete Structures (Draft), 1996
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 Use prestressing and closely spaced reinforcement to prevent and or minimize crack width.
 Use lightweight aggregates that are resistant to water absorption, limit absorption to 8%.
 Use controlled processing of the aggregates.29

 Use proper aggregate grading.
 Limit size of the coarse aggregate to 20 mm.
 Ensure that the concrete has low water permeability.
 Use good design and construction practices to minimize thermal gradients during curing.
 Restrict maximum temperature of the concrete during curing to 65oC.
 Use rounded or chamfered corners to minimize impact damage.
 Use 6 to 10% of aluminate in the cement.
 Use a SO3  cement content of less than 0.4% by mass.
 Use fly ash, ground blast furnace slag, and microsilica.
  Use small diameter reinforcing steel.
 Use chemical admixtures and low w/cm ratio to enhance the air-void system, placement,

compaction and workability of the concrete mix.
 Use adequate quality concrete cover over prestressing steel, 75mm minimum.  Cover over

conventional reinforcement shall be 50-mm minimum.
 At least 50% of the concrete coarse aggregate shall be lightweight.  Fine aggregates may be

normal weight. Aggregates must be sound and resistant to the mechanisms of deterioration.

 The lightweight concrete and the prestressed tendons must remain sufficiently dimensionally
stable.

 Provide for proper and complete consolidation of the fresh concrete.
 Use proper finishing and curing methods.
 Seal all joints.
 Consider concrete surface protective coatings.
  Use qualified and comprehensive inspection to ensure that the construction conforms to the

specifications and the intent for a durable structure.
 All concrete which will be exposed above water in normal service shall be properly air

entrained to prevent freeze-thaw attack.

10.3.1.7 Reinforced Concrete Design Criteria

The design criteria shall be developed from these ABS Guidelines and applicable world-
wide industry standards.  Note that durability is determined by many factors, especially
impermeability, and is not directly related to concrete strength.30    Draft design criteria based on
performance characteristics are presented in section 10.3.2.2.

                                     
29 Sandvik, M. et. al. “Chloride Permeability of High-Strength Concrete Platforms in the North Sea”  CANMET/ACI
International Conference on Durability of Concrete, Nice, France, May 1994

30 Gjorv, O.E. “Steel Corrosion in Concrete Structures Exposed to Norwegian Marine Environment” Concrete International,
April 1994 pp. 35-39
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10.3.1.8 Material Specifications

The specifications are the link between the vision of the Department of Defense and the
construction of the project.  They provide a written vehicle between the Navy and Contractor to
meet the Navy’s needs.  To accomplish this objective, the specifications must be easy to
understand and to implement, therefore good specifications are fundamental to the project’s
success.  The designer must write the specifications for the project.   The specifications will be
performance based in their nature.

10.3.2 Criteria for Reinforced Concrete

10.3.2.1 Final Criteria

The final criteria shall be developed using a systems approach. Various tools are available
to aid in the prediction of the concrete durability.   Examples include trial mixes, durability
studies (computer models and laboratory testing) and finite element analysis for predicting
thermal stresses.  Extreme caution must be exercised in accepting claims and test data provided
by material suppliers.  A full-scale mock up of critical sections should be made in order to verify
the analytical result.  It is important to observe and measure any cracking due to thermal strains,
shrinkage strains, and prestressing.

10.3.2.2 Draft Criteria

Table 10.1 presents draft design criteria for MOB.  Industry standards contained in the
draft criteria include American Concrete Institute (ACI), Norwegian Standard (NS), American
Standards for Testing and Materials (ASTM).                     CEB, New Zealand Concrete
Structures Standard (NZS).
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Table 10.1 Draft Design Criteria for MOB

PPrrooppeerrttyy CCrriitteerriiaa RReelleevvaanntt  SSppeecciiffiiccaattiioonnss

Concrete
Durability

w/(c+m) splash zone  < 0.35
w/(c+m) atm. & submerged < 0.37
Min.  (c+m) (splash zone)   400 kg/m3

(675 lb./cu yd)
Min. cement content (atmospheric and
submerged)     350 kg/m3 (590 lb./cu yd)

ACI 318, ACI 605, ACI 306
NS 3473 E
CEB Bulletin 238
pr EN206
BSI Document 97/104685
NZS 3101:1995

Ec Ec: 20-25 Gpa (2900-3600 psi) LWA. ASTM C469

Constructibility Minimum bleeding and segregation
Consistent quality and constituents
Control of batching and distribution
Slump 200-250 mm with plasticizers

ACI 211.3
ACI 143

Cement Blended cement ASTM C 150, ASTM C 595, ASTM
C 845.
Japanese Belite-Rich Type A
HS 65 Norcem

Mixing Water Chloride ions  <   650 ppm
Sulfate ions     < 1000 ppm
No oil, No nitrates

Aggregates Lightweight Aggregates
Normal weight Fine Aggregates
Resistance to abrasion and degradation
Resistance to disintegration by sulfates
Particle shape and surface texture
Grading
Bulk unit weight
Absorption and surface moisture
Aggregate constituents
Resistance to alkali-aggregate reactivity

ASTM C 330
ASTM C 33
ASTM C 131, C 535, C 779
ASTM C 88
ASTM C 295, D 3398
ASTM C 117, C 136
ASTM C 29
ASTM C 70, C 127, C 128, C 566
ASTM C 40, C 87, C 117, C 123, C
142, C 295
ASTM C 227, C 289, C 295, C 342,
C 586

Chemical
Admixtures

High range and normal plasticizers as
required to obtain workability and
consolidation.
Entrained air content 3-7%

ASTM C 494
ASTM C 260
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Mineral
Admixtures

Silica fume 6-8% by mass of cement
Fly ash Type C, F or N (optimum dosage
to be established by experimental
program).

ASTM C 1240
ASTM C 618
ASTM C 989

Compressive
Strength

55-70 MPa (7900-10,000 psi) lightweight
aggregate concrete (LWA)

ASTM C 469

Tensile Strength Determined by the structural design. ASTM C496 (splitting)
ASTM C78   (flexural)

Thermal
Stresses

Maximum concrete curing temperature
60 C
Maximum gradient 20 C per 300 mm
(36 F per 12 in.)

ACI Committee 207

Chloride
Contamination

Not to exceed 0.9 kilograms per cubic
meter at 75mm depth after 40 years
(1.5 pounds per cubic yard )

Laboratory tests using same materials
proposed for construction and
Fick’s Second Law of Diffusion

Conventional
Curing

Continuous moist curing for 7 days ACI 308
ACI 305R

Steam Curing 60oC  maximum

Control  Surface
Cracks width

During construction, 0.30mm (if crack is
crossed by rebar)
Serviceability state: 0.15mm in splash
and atmospheric zones, 0.20mm
submerged.

ACI 318
Norwegian Standard NS 3473 E.
CEB Bulletin 238 - New Approach
to Durability Design

Fatigue
Resistance

Unless justified by detailed analysis,
place limits under serviceability limit
state of 0.5 f’c  compression , zero
tension

Freeze/Thaw
Resistance

Note: Conventional freeze thaw tests and
methods are inadequate.  Proposed
criteria must be carefully prepared and
evaluated with regard to research by the
Canadian Dept. of Minerals and US
Waterways Experiment tests at Treat
Island, Marine

Resistance to
Abrasion

For lightweight aggregate, use of Silica
Fume is essential.

ASTM C 779
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Depth of
Carbonation

Not to exceed 1mm per year Indicator  test pH < 10
ASTM STP 169A

Resistance to
Impact

Under evaluation

Prestressing
steel

7-wire strands of cold drawn wire, stress-
relieved, low relaxation. 75mm concrete
cover minimum.
 Ducts. Corrugated plastic ducts, not less
than 0.25mm thickness, and anchorage
caps, Grout for tendons. To be neat
cement grout, with up to 15% fly ash
allowed, and including a non-bleed
thixotrophic admixture.

NS 3420, chapter L45

Supplemental
steel rebar

Grade 400 to grade 500 Mpa weldable
reinforcing steel.
Fusion Bonded Epoxy Coated Steel
Reinforcement for all stirrups,
confinement, bolsters, T-headed anchors,
and cast-in place fasteners located in the
tidal zone and above.

ASTM A 934 A

Hybrid
Structures

Structural Steel and Reinforced Concrete
Hybrid Structures are allowed

NS 3476

Quality Control Third Party Continuous Q.A. Inspection
and Documentation

ACI 318

10.3.3 Reinforced Concrete for MOB Construction

10.3.3.1 Scope

To obtain durable concrete, one must carefully consider the materials to be used in the
construction.  Material characteristics that affect concrete permeability are of particular
importance.  Prestressed, structural lightweight concrete (LCW) and modified density concrete is
the recommended material for the construction of MOB.  The scope includes hybrid design
concepts employing LCW in combination with structural steel construction.

10.3.3.2 Performance History



ABS Guidelines Section 10.3  Date: 7/21/99
File name:  CH6.DOC

page 14

LWC has a good performance history of producing high-quality concrete for the marine
environment.31, 32 Concrete has been used successfully by the United States for maritime ship and
barge construction since 1918 and can perform on an equal basis with comparable steel vessels.33

“Concrete ships constructed during World War II are still in service and showing little
deterioration.”34  “High strength, prestressed, lightweight concrete also offers excellent durability
and energy absorption -- two important considerations in harsh environments”.35  Numerous
large prestressed LWC marine structures have proven to be durable, including Hibernia, CIDS
offshore platform in the Beafort Sea, the Coronado Bridge in San Diego,  and the San Francisco-
Oakland bay bridge roadway deck.   Several platforms in the North Sea have successfully utilised
lightweight or modified density concrete.

10.3.3.3 Cementitious Materials

The cementitious materials include all materials that chemically bind to form the
hardened paste including; cement, fly ash, silica fume and rice husk ash.  The cementitious
materials must be selected to resist the deterioration mechanisms.  Portland cements should
comply with ASTM C 150, ASTM C 595, and ASTM C 845.  The optimum proportions of
ground granulated blast-furnace slag, are 70% and 30% cement. The grind (Blaine fineness) of
ground granulated blast furnace slag should be less than 380,000mm2 per/g. (3800 cm2/g).  Other
cements may be considered to satisfy the performance and durability requirements such as
Japanese Belite-Rich or HS 65 Norcem.  The use of 5 percent silica fume was used to construct
Washington State floating bridges.

10.3.3.4 Water-Cementitious Materials Ratio [w/(c+m)]

Durability is directly related to the [w/(c+m)].  It is defined as the ratio of water used to
the amount of cementitious materials used in the fresh concrete mixture.  The total water content
should include the free water on the aggregate but normally excludes that absorbed by the
aggregate prior to initial set.   Criteria for w/(c+m)] during full-scale production should be
established based on the results of the durability study and industry standards.36  The
cementitious materials include all materials that chemically bind to form the hardened paste.

                                     
31 Holm, T.A. 1980 Performance of Structural Lightweight Concrete in a Marine Environment.  ACI Publication, SP, 1-15.

32 The Federation International de la Precontrainte (FIP) report, State-of-the-Art Report: Lightweight Aggregate Concrete for
Marine Structures.

33 Technical Division of Concrete Control Subsection. 1944.  History of the Concrete Ship and Barge Program 1941-1944. U.S.
Maritime Commission

34 Barge-Like Structures ACI Committee Report 357.2R-88 p29. 1988

35 ACI Committee Report 213B  “State-of-the-art Report on Structural Lightweight Aggregate Concrete for Bridges and Other
Exposed Structures” Draft October 1996.

36 ACI 318R-89
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10.3.3.5 Aggregates

The selection of an aggregate source that has a proven record for producing stable and
durable materials is essential to meeting the durability requirements for MOB.  Lightweight
aggregates are typically, processed natural materials yielding concrete with a unit density of less
than 120 pcf (1920 kg/m3).  Examples include; expanded clay and shale. Use of modified density
concrete with a fraction of hard rock aggregate may be considered in order to obtain higher
modulus and compressive strength.  The ultimate strength and durability properties are highly
affected by the characteristics of the aggregate.   Important characteristics include; water
absorption, water content, uniform strength, stiffness, grading, degree of burning, unit weight,
size, surface texture, creep, shrinkage, pore structure, contaminates and manufacturing
processes.37, 38 The compressive strength of the hardened concrete is often limited to the
properties of the lightweight aggregate selected.  Compressive strengths of 9000 psi (62 MPa)
and greater can be reliably produced. ASTM C 330 does not provide sufficient restrictions nor
guidelines for lightweight aggregates for marine applications.

It is critically important to select the highest quality aggregate available in order to obtain
high performance concrete.  Although high-quality lightweight aggregates have been obtained
from the U.S. for the Hibernia platform and for major bridges, from Japan for the CIDS, and
from Germany for the Troll platform in the North Sea, there are no standards yet established.
Critical properties are compression strength, modulus, creep and shrinkage, water absorption and
abrasion resistance.   In exposures subject to freezing, a maximum of 8% moisture absorption
should be required.  The lightweight aggregates should not be pre-soaked.  Reference is made to
research on high-performance lightweight aggregates by the Petroleum Operators’ Research
Association, as published in the ACI journal.  The code and standards requirements for resistance
to alkali-aggregate reactivity are not proving adequate for extended marine service beyond 30-50
years.  Therefore, the addition of silica in the form of Fly ash and silica fume is important.
Petrographic analyses of natural aggregates, both coarse and fine, are recommended.

10.3.3.6  Chemical Admixtures

Admixtures are commonly used to modify the properties of the fresh and hardened
concrete.  Care should be taken to understand their side-effects and interactions.  Their effects are
often time and temperature related.39  Their use with lightweight aggregate concrete may have
different results from those experienced with normal weight materials.   Trial batches and
sensitivity studies are recommended to optimise the selection and dosages used.

                                     
37 ACI 221R

38 ACI 213R

39 ACI 212.3R, Chemical Admixtures for Concrete
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10.3.3.7 Steel Reinforcement (to be written)

10.3.3.8 Prestressed  Reinforcement (to be written)

The use of a zero tension under service load criterion should be considered.

10.3.3.9 Fusion-Bonded Epoxy-Coated Steel Reinforcement

The U.S. Navy in co-operation with industry has developed an ASTM Standard for
prefabricated fusion-bonded epoxy coated steel reinforcement for use in severe environments.40

The U.S. Navy has used this technology successfully to construct several piers and the Admiral
Clarey Bridge in Pearl Harbor, Hawaii in 1997-98.

The decision to use epoxy-coated rebar in new Navy construction was based on extensive
evaluations that began in 1984.  The Naval Civil Engineering Laboratory conducted long-term
field evaluations at Key West, Florida to rank the relative performance of popular corrosion
control methods.  Damage-free epoxy-coated rebar performed best.41  In contrast to these results,
some State Highway Agencies experienced a few projects were epoxy-coated rebar performed
poorly.  Consequently, the Navy identified the failure mechanisms in current practices and
drafted  new criteria in cooperation with industry experts.  The American Society of Testing and
Materials (ASTM) used the Navy's draft specifications as a basis for the development of ASTM
A 934/A 934M published in July 1995, “Standard Specification for Epoxy-Coated Prefabricated
Steel Reinforcing Bars.” In February 1998, the NAVFAC Criteria Office published, for the first
time, a definitive guide for Marine Concrete, NFGS 03311.  Included is a requirement to use
prefabricated epoxy-coated reinforcing steel according to ASTM A 934/A 934M .

10.3.4  Considerations for Long-Term Materials Performance

10.3.4.1  Scope

This section presents an introduction to some of the performance relationships that should
be considered.  To accomplish the durability objective for MOB, emphasis must be placed on
understanding the relationships between the environmental conditions, physical loading,
deterioration mechanisms and material properties.  There are many significant factors involved in
these relationships that will ultimately effect the durability of the structure.42  It is expected that
the designer will review the literature and use the information to aid in formulating the
construction criteria.

10.3.4.2  Abrasion Resistance

                                     
40 American Society for Testing and Materials, Standard Specification for Epoxy-Coated Prefabricated Steel Reinforcing Bars,
ASTM Designation: A 934/A 934M-97

41 Concrete Reinforcing Steel Institute  Research Series 2,  July 1994.

42 ACI Committee Report 213B  “State-of-the-art Report on Structural Lightweight Aggregate Concrete for Bridges and Other
Exposed Structures” Chapter 4 Properties of Lightweight Concrete. Draft October 1996.
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Abrasion of the concrete surface due to berthing, docking operations, mechanical
equipment, cables or ice scouring may wear away the concrete surface.  Reinforcement must be
placed with sufficient concrete cover to avoid risk of damage or failure.  Strength of the cement
matrix, bond to the aggregate and hardness of the aggregate must be considered.  Considerable
data is available because of work done on LWC marine arctic facilities for the oil and gas
industry.  Relative performance of candidate materials may be evaluated using ASTM C 779.

10.3.4.3 Creep

Excessive creep of the LWC under load can result in cracks and excessive deformation of
the structural element.  The creep properties of the specified LWC must be determined by
laboratory testing since each mixture has unique properties.  Creep characteristics are a function
of many variables, including the aggregate, mix design, moisture content of the aggregate, curing
method, and the ambient humidity and temperature of the exposure site. Creep is accelerated
during steam curing and will result in loss of prestress stain.43

10.3.4.4 Durability Study

Computer models are being developed by various organizations world wide that are
striving to predict the service life of reinforced concrete in the marine environment.44,45,46,47

Appropriate models should be identified and evaluated for use.  The purpose is to use the model
to determine what combinations of material properties are needed to produce a prestressed LWC
that will perform as required.

10.3.4.5 Crack Control

The matter of crack width control and its impact on corrosion and durability is the most
controversial matter in concrete design and construction today.  The problem is the exceeding
complexity of cracking, the inability to accurately complete and to measure crack widths, the
seemingly chaotic relationship between these and the onset of corrosion.  The Norwegian Code
NS3473 represents one of the most conservative codes for the amount of reinforcing steel
required to control crack width.   Excessive use of steel may be counter-productive and
expensive.

Variables that affect Crack Widths

                                     
43 Gerwick, Ben, C. “Construction of Prestressed Concrete Structures” Second Edition, Wiley Professional Series, 1993, p. 23

44 A. Yamamoto, K. Motohashi, S. Misra and T. Tsutsumi, Proposed Durability Design for RC Marine Structures, Concrete
Under Severe Conditions Environment and Loading, Volume 1, pp. 544-553, CONSEC ‘95, 1995

45 Yokozeki, K., Motohashi, K., Okada, K., and Tsutsumi, T., A Rational Model to Predict the Service Life of RC Structures in
Marine Environment SP 170-40  pp.778-799

46 Collins, F.G., and Grace, W.R., Specifications and Testing for Corrosion Durability of Marine Concrete: the Australian
Perspective, SP 170-39 pp. 758-777

47 Maage, M., Helland, S. and Carlsen, J.E., Service Life Prediction of Marine Structures, SP 170-37 pp.724-743
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 Temperature
 Relative humidity and/or degree of water saturation
 Time (age)
 Orientation and amount of reinforcement
 Cover thickness
 Rate of loading
 Percent of reinforcement transverse to cracks
 Size of bars and spacing
 Number of cycles of loading, thermal extremes and wetting-drying

Variables that affect Corrosion Rate of Reinforcing Steel

 Permeability of concrete cover to oxygen
 Cover thickness
 Moisture and relative humidity, degree of saturation
 Concentration and size of bars
 Stress in the bars

10.3.4.6 Impact Resistance:   Impact can best be resisted by use of headed rebars or stirrups
in amount of 25% of the through thickness area, in zones of potential impact.
(this section hasn't been written yet)

10.3.4.7 Shrinkage:   With proper curing, shrinkage strain can be limited to about 400
microstains, ie.  400x10-6 (this section hasn't been written yet)

10.3.4.8 Corrosion Resistance (this section hasn't been written yet)

10.3.4.9 Fatigue Resistance (this section hasn't been written yet)

10.3.4.10 Fire Resistance Fire resistance is important in interior areas where equipment is
operating.  High strength lightweight concrete will not provide adequate fire
resistance but will spall, probably explosively.  Therefore a separate insulating
layer of vermiculite or other fire resistant insulating concrete as necessary to
obtain the desired resistance to fire.

10.3.5 Concrete Materials for Aircraft Traffic Surfaces

10.3.5.1 Scope

Concrete, steel, or a combination of the two may be considered for the MOB aircraft
traffic areas.  All of the general requirements for concrete, previously stated apply to aircraft
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traffic surfaces.  This section provides supplemental requirements and considerations that are
unique to Navy aircraft operations.

10.3.5.2 General Considations

Concrete requires periodic maintenance including crack sealing, patching, and re-sealing
of expansion joints.  In addition, concrete is subject to the buildup of rubber deposits from
landing aircraft that must be removed periodically using high pressure water blasting. Repeated
high pressure water blasting will abrade the concrete thickness.  Ether 75mm cover or a 37mm
additional topping of latex-modified morter., You may want to reference the La Guardia Airport
Overwater Runways and Taxiways originally built in 1965 or prestressed hard-rock concrete and
under continuous heavy air traffic ever since.

  Steel requires a non-skid coating similar to that used on aircraft carriers and landing
mats (AM2 mat), that must be re-applied periodically.  The designer must also consider the
following.

 Stresses and possible damage to the concrete aircraft deck surface due to the flexibility of an
underlying steel structure.

 Inspection, maintenance, and repair of concrete

 Frequency, cost, and impacts to operational availability.

10.3.5.3 Applicable Documents

Most all documents for concrete pavement design are based on the premise that the
substrate is compacted and stable. 48   The MOB platform may be a relatively flexible surface to
construct a concrete aircraft deck upon.   Criteria developed for MOB aircraft deck surfaces must
be based on simulation from laboratory and field-testing of s floating airfield pavements.  The
following documents are provided for reference because they contain criteria for aircraft traffic
surfaces.

 MIL-HDBK-1021/1:  Airfield Geometric Design

 MIL-HDBK-1021/2:  General Concepts for Airfield Pavement Design

 MIL-HDBK-1021/4: Rigid Pavement Design for Airfields

 NAVFAC DM 21.9: Skid Resistant Runway Surface

 MIL-HDBK-1023/1:  Airfield Lighting

 MIL-HDBK-1024/1:  Aviation Operational and Support Facilities

 NAVFAC DM 21.06:  Airfield Subsurface Drainage and Pavement Design

 NAVFAC DM 2.04:  Concrete Structures

                                     
48 MIL-HDBK-1021/4, Rigid Pavement Design for Airfields,
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 MIL-HDBK-1002/1:  Structural Engineering General Requirements

 MIL-HDBK-1002/3: Steel Structures

 NAVFAC P-80:  Criteria for Navy and Marine Corps Shore Installations

 ASTM D 2628

 FAA Advisory Circular 150/5320-12C, Measurement, Construction, and Maintenance of
Skid-Resistant Airport Pavement Surfaces

10.3.5.4 Concrete

All loading aspects, including static and dynamic that would influence the integrity of the
surface to carry the aircraft loading, shall be considered.  The fatigue characteristics shall be
determined based on the proposed amount of traffic and the combined effect of critical and non-
critical design aircraft.  The concrete shall perform as the wearing surface for aircraft traffic and
meet the following draft criteria.
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Table 10.2 Draft Criteria for Concrete Aircraft Surfaces

 Maximum longitudinal slope of 0.5 percent.
 Transverse crown with slope no less than 1 percent or greater than 1.5 percent.
 Skid resistance within acceptable limits of > 0.7 (Mu number) per U.S. Navy and Federal

Aviation Administration (FAA) Advisory Circular AC No. 150/5320-12C dated 3.18.97,
Measurement, Construction, and Maintenance of Skid-Resistant Airport Pavement Surfaces.

 Roughness index such that resonance frequency of the aircraft is avoided for all anticipated
aircraft and landing situations.  Acceptable Roughness is a function of wheel spacing, mass
of the aircraft, speed, landing gear suspension, and other parameters.

 The concrete shall be maintainable according to the Condition Indexes (PCI) and not fall
below the value of 70 for the runway and 60 for all other areas subjected to aircraft traffic.

 Shall be structurally adequate for all loading conditions including but not limited to aircraft
static and dynamic loads, and blast and high temperature exhaust effects.

 Shall be resistant to the combined effects of fatigue and differential movements.
 Shall be resistant to abrasion of wheel loads and arresting gear.
 Concrete reinforcement can be ordinary deformed reinforcing bars, prestressed, and/or post-

tensioned reinforcing strand.
 Fusion-bonded epoxy-coated steel reinforcement shall not be used in the runway.
 Supplemental reinforcement such as synthetic fibers are allowed.
 The surface shall not contain any steel fiber reinforcing material
 Longitudinal Joints - use Preformed Polychloroprene Elastomeric Joint Seal
 Transverse Joints - use Dow Corning 890-SL Self-Leveling Silicone Joint Sealant (or

equivalent) with a compatible backer rod as recommended by the manufacturer.
 Airfield Marking Paints - as recommended in NAVFAC Guide Specification 02761A.
 Aircraft Tiedowns - as recommended in NAVFAC Guide Specification 02762A and MIL-

HDBK-1021/4
 Arresting Gear Inlays:  Use NAVFAC Definitive Steel Plate Design (NAVFAC definitive

drawings 1404521 and 1404522)
 VSTOL Launch Pads: Use  AM-2 Matting
 Parking Areas Subject to Jet Aircraft Auxiliary Power Units: Place an inlay of high

performance concrete resistant to blast and high temperature exposures.   Proprietary
materials such as  "Set 45" cement used with a lightweight aggregate such as "Solite" has
been evaluated by the Naval Facilities Engineering Service Center as having enhanced
properties compared to conventional concrete mixtures.  Other surfaces resistant to blast and
high temperature exposure such as steel plates or AM-2 Matting may be used.

10.3.6 Quality Control

The literature recommends that strict adherence to quality control is necessary to assure
that good concrete placement practices are followed.  The contract must contain necessary quality
control requirements to assure that the repairs are accomplished satisfactorily.
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10.3.6.1 Third Party Inspection:

The Navy will hire a third party certified Quality Assurance (Q.A.) firm to assure that the
highest quality product is consistently produced for MOB construction.  The Q.A. firm must have
qualified experience and a full time licensed engineer.  Daily Q.A. documentation must be
submitted to the Contract Officer for review.

10.3.6.2   Demonstration:

The contractor shall successfully demonstrate to the Navy a successful method of
forming, placing, prestressing, and curing the concrete prior to full-scale production.  All
appropriate parties should witness and approve the materials, procedures and quality control
program.  The demonstration will set the quality standard for the full-scale production.

10.3.6.3 Laboratory Testing

10.3.6.4 Field Controls

Aggregate
Mixing
Placement
Unit Weights
Air Content
Finishing
Curing

------------------ end --------------------------



PART C

PATCH REPAIRS

This section contains guidelines, specifications, and case studies for marine concrete
repair above and below the waterline.



CHAPTER 7

NFESC SPECIFICATIONS FOR
MARINE CONCRETE REPAIR



NFESC

SPECIFICATIONS FOR:

Marine Concrete Repair

For:

Top deck patch repair
Under deck hand pack patch repair

Drip edge for penetrations
Crack repair
Joint repair



MARINE CONCRETE REPAIR
SITE DEMOLITION

1. GENERAL

1.1 REFERENCES

The publications listed below form a part of this specification to the extent referenced.  The publications
are referred to in the text by the basic designation only.

AMERICAN NATIONAL STANDARDS INSTITUTE (ANSI)
CODE OF FEDERAL REGULATIONS (CFR)

1.2 GENERAL REQUIREMENTS

Do not begin demolition until authorization is received from the Contracting Officer.  Continuously remove
rubbish and debris from the project site; do not allow accumulations on the structure deck.  Store materials
that cannot be removed daily in areas specified by the Contracting Officer.  Contain all materials from
entering the harbor waters.

1.3 SUBMITTALS

Submit the following documentation to the Contracting Officer prior to receiving authorization to proceed
with demolition.

1.3.1 Statements

a.  Demolition plan
b.  Notification of demolition and renovation

Submit proposed demolition and removal procedures to the Contracting Officer for approval before work is
started.

1.3.1.1 Required Data

Demolition plan shall include procedures for coordination with other work in progress, a detailed
description of methods and equipment to be used for each operation and of the sequence of operations.

1.4 REGULATORY AND SAFETY REQUIREMENTS

Comply with federal, state, and local hauling and disposal regulations.  In addition to the requirements of
the “Contract Clauses,” safety requirements shall conform with ANSI A10.6, “Demolition Operations -
Safety Requirements.”

1.4.1 Notifications

Furnish timely notification of demolition and renovation projects to Federal, State, regional, and local
authorities in accordance with 40 CFR 61-SUBPART M, if required.  Notify the local air pollution control
district/agency and the Contracting Officer in writing 10 days prior to the commencement of work in
accordance with 40 CFR 61-SUBPART M.

1.5 DUST AND DEBRIS CONTROL



Prevent the spread of dust and debris and avoid the creation of a hazard or nuisance in the surrounding area.
Do not use water if it results in hazardous or objectionable conditions such as, but not limited to, pollution
or runoff into the harbor waters.  Minimize the application of water to that required for dust control.
Prevent unpermitted discharges into the storm sewer, soil and harbor.  Water washdown of the areas is not
allowed.  Prevent all debris concrete cutting, chipping, demolition, and repair from entering the harbor
waters.  The contractor must retrieve any material that enters harbor waters.

1.6 PROTECTION

1.6.1 Traffic Control Signs

Where pedestrian and driver safety is endangered in the area of removal work, use traffic barricades with
flashing lights.  Notify the Contracting Officer prior to beginning such work.

1.6.2 Existing Work

Protect existing work that is to remain in place, be reused, or remain the property of the Government.
Repair items which are to remain or which are to be salvaged that are damaged during performance of the
work to their original condition, or replace with new.  Do not overload structural elements.  Additional
structural supports and reinforcement must have Contracting Officer approval.

1.6.3 Facilities

Protect electrical and mechanical services, utilities, and facilities.  Where removal of existing utilities and
pavement is specified or indicated, provide approved barricades, temporary covering of exposed areas, and
temporary services or connections for electrical and mechanical utilities.

1.7 BURNING

Burning will not be permitted.

2. EXECUTION

2.1 EXISTING FACILITIES TO BE REMOVED

2.1.1 Concrete

Break out the concrete and prepare repair surface as detailed in the Contract Drawings and the
Specifications for REPAIRS.

2.1.2 Demolition

Prior to the start of demolition or crack repairs, the areas to be demolished or repaired shall be marked out
and jointly inspected by the Contractor, Contracting Officer and quantities estimated as specified under the
Specifications for DECK REPAIRS and SILICONE CRACK REPAIR.  Abandoned pipelines and conduits
may be removed at the discretion of the contractor to facilitate concrete repairs.

2.2 TITLE TO MATERIALS

Except where specified in other sections, all materials and equipment removed, and not reused, shall
become the property of the Contractor and shall be removed from Government property.  Title to materials
resulting from demolition, and materials and equipment to be removed, is vested in the Contractor upon
approval by the Contracting Officer of the Contractor’s demolition and removal procedures, and
authorization by the Contracting Officer to begin demolition.  The Government will not be responsible for



the condition of, loss of, or damage to, such property after contract award.  Materials and equipment shall
not be viewed by prospective purchasers or sold on the site.

2.3 CLEANUP

2.3.1 Debris and Rubbish

Remove and transport debris and rubbish in a manner that will prevent spillage into the ocean, harbor or
bay  waters, on streets, or adjacent areas.  Clean up spillage from the structure and adjacent areas daily.



CONCRETE REPAIRS
DECK REPAIRS

1. GENERAL

This specification covers the use of prepackaged cementitious concrete repair materials and procedures for
making partial-depth repairs to Structure.

1.1 REFERENCES

The publications listed below form a part of this specification to the extent referenced.  The publications
are referred to within the text by the basic designation only.

AMERICAN ASSOCIATION OF STATE HIGHWAY AND
TRANSPORTATION OFFICIALS (AASHTO)

AASHTO T 2771989 Standard Method of Testing for Rapid Determination of the Chloride
 Permeability of Concrete

AMERICAN CONCRETE INSTITUTE

ACI 301 (1994) Structural Concrete for Buildings

AMERICAN SOCIETY FOR TESTING AND MATERIALS (ASTM)

ASTM C 309 (1994)  Liquid Membrane-Forming Compounds for Curing Concrete

ASTM A 615 1993 Deformed and Plain Billet-Steel Bars
for Concrete Reinforcement

ASTM C 33 1993 Concrete Aggregates

ASTM C 109 1991 Standard Method for Compressive Strength
of Hydraulic Cement Mortars

ASTM C 157 Standard Test Method for Length Change of
Hardened Hydraulic-Cement Mortar and Concrete

ASTM C 490 Standard Practice for Use of Apparatus for the
Determination of Length Change of Hardened Cement
Paste, Mortar, and Concrete

ASTM C 496 1990 Test Method for Splitting Tensile Strength
of Cylindrical Concrete Specimens

ASTM C 882 1991 Test Method for Bond Strength of Epoxy-Resin
Systems Used with Concrete (modified for
cementitious material)

ASTM C884 1987 Test Method for Thermal Compatibility Between
Concrete and an Epoxy-Resin Overlay

1.2 DESCRIPTION OF WORK



Concrete repair work must be accomplished prior to installing the cathodic protection system and the
application of composite upgrade materials.  The concrete repair work consists of several parts:  A) Partial-
depth repairs of deteriorated concrete on the top and bottom of the structure deck.  B) Removal of steel
crane rail and placement of concrete into the resulting cavity.  C) Removal of sound concrete that protrudes
from the under deck surfaces.  These areas are identified as existing "built-up" repairs.  Removal of the
built-up areas may result in a cavity, which must be repaired with concrete to establish a suitable surface
profile flush with the adjacent surfaces.   D) Removal of sound concrete along some of the construction
joints on the underside of the deck to establish a suitable surface profile flush with the adjacent surfaces.
E) Installation of a drip edge at existing holes on the underside of the deck to direct water away from the
concrete surface.  F) Sealing construction joints and cracks on the top of the deck to prevent water from
wetting the underside of the deck.  The repair work shall proceed by removing concrete from the areas
identified by the contracting officer using approved methods identified in the Contract Drawings and
herein, cleaning the area by abrasive blasting, placing an approved bonding agent, placing an approved
repair material, finishing and texturing, curing, and, finally, sealing joints and saw overcuts.

1.3 LOCATION

The Contracting Officer will designate the locations and boundaries of each repair area with the Contractor.
The Contractor will remove all unsound concrete and expose the rebar as necessary based on the repair
criteria so that no visible corrosion is evident beyond normal “mill scale.”  Refer to Contract Drawings.

1.4 SUBMITTALS

Submit the following documentation and materials to the Contracting Officer prior to receiving
authorization to proceed with concrete repair.  Some laboratory tests shall be conducted on 35-day-old
specimens.  Therefore, it would be prudent for the Contractor to prepare for these tests with an approved
test laboratory well in advance to avoid delays in the concrete repair work.

1.4.1 Manufacturer’s Catalog Data/Instructions

a.  Cementitious Repair Material
b.  Curing Compounds

1.4.2 Laboratory Test Results and Verification

The Contractor will submit to the Contracting Officer test results from an approved concrete laboratory
showing that the repair material meets or exceeds the Navy’s specifications on shrinkage and strength.
Some laboratory tests shall be conducted on 35-day-old specimens.  Therefore, it would be prudent for the
Contractor to prepare for these tests well in advance to avoid delays in the concrete repair work.

1.4.3 Batch Samples

When requested by the Contractor shall provide batch samples of any materials that are used throughout the
progression of the work. Batch samples will not exceed 2% of the total material used on this job.

1.5 DELIVERY, STORAGE, AND HANDLING

Inspect materials delivered to site for damage, unload and store with a minimum of handling.  Deliver
cementitious repair material components and aggregate materials in original sealed containers and store in
dry covered areas at temperatures below 100 F.

1.6 WEATHER LIMITATIONS

Halt work when the weather conditions are inclement and detrimentally affect the quality of patching
concrete.  Windy conditions and rain will affect the concrete curing. Apply patching materials only when
the atmospheric and surface temperature ranges are suitable for the specified material.  Halt work if the



temperature is below 40 F (4 C).  Follow manufacturer’s instructions for weather conditions and
temperature ranges.  Patches placed during adverse weather conditions may have to be removed and
replaced.

1.7 EQUIPMENT

Use a container recommended by the manufacturer as the mixing vessel.  Use equipment specified by
repair material manufacturer for field mixing, transporting and consolidation of cementitious repair
materials.

1.8 QUALITY ASSURANCE

A Technical Representative of the manufacturer of the cementitious repair material being used shall be
present during the start of repair work.  The Technical Representative shall inspect and approve the surface
preparation and observe the initial application.   The Technical Representative may demonstrate and
instruct the Contractor on proper procedures.

A written report shall be submitted to the Contracting Officer outlining the Technical Representative’s
observations and suggestions, including but not limited to recommendations regarding mixing and
placement procedures, and equipment used for mixing, placement, consolidation, and curing.

Mixing and handling instructions shall be available at the site at all times during the repair operations.

Throughout the progress of the work in this Specification, the Contractor will provide at least one (1)
person certified by the material manufacturer who is thoroughly familiar with the specified requirements,
completely trained and experienced with the necessary skills, and who will be present on the site and direct
all work performed under this Specification.

In performing the work of this Specification, the Contractor will use an adequate number of skilled
workmen to ensure the installation is in strict accordance with schedule, specification and the procedures
recommended by the material manufacturer.

2. MATERIALS

2.1 MATERIAL SPECIFICATIONS

The materials used shall meet the requirements of the following specifications as well as other Contracting
Officer approved Proprietary repair materials:

AASHTO M-80 & M-6 Aggregate
AASHTO M-148 Curing compound
AASHTO M-194 Concrete admixtures

2.1.1 Cementitious Patch Material

The product shall be prepackaged by the manufacturer with premeasured, properly proportioned
components.  It shall be suitable for the hand-packed repair method (see Contract Drawings) and shall have
the following properties:

a. Minimum pot life of 30 minutes at 75 F.

b. Bond strength per ASTM C 882 modified for cementitious material at 28 days: 2,200 psi minimum.

c. Maximum permeability of 1,000 coulombs per AASHTO T 277.



d. Drying shrinkage: Specimens shall be prepared per ASTM C 157 as modified to use molds per ASTM
C 490 (3x3x11.25 inches) with a 10-inch gauge length.  During the first 7 days the molded specimen
shall be covered with a water-saturated rug or burlap.  After the 7 day wet curing period, the mold shall
be removed and the specimen cured for an additional 28 days at 46 to 54% relative humidity at 70 to
76 F.  The ultimate shrinkage to be reported is that value measured at the end of the 35th day.
Allowable shrinkage shall not exceed 0.05%.

e. Minimum compressive strength per ASTM C 109 modified for cementitious material shall be 3,000 psi
@ 3 days.

f. The water to cementitious ratio shall not exceed 0.40.

2.1.2 Aggregate

If aggregate is added to the prebagged mixture, then all tests for acceptance criteria per Section 2.1.1 shall
be conducted with the added aggregate.  Aggregate added to the repair material, if allowed by the
manufacturer, shall be 3/8-inch minus, clean, well graded, saturated surface dry material, having low
absorption and high density, and conform to ASTM C 33.  Aggregate must be approved for use by the
Contracting Officer.

2.1.3 Reinforcing Bars

ACI 301 unless specified otherwise.  ASTM A 615, Grade 60 bars.

2.1.4 Laboratory tests per Section 2.1.1 shall be submitted to the Contracting Officer for approval before
concrete repair can proceed.  Laboratory tests shall be conducted on 35-day-old specimens.  Therefore, it
would be prudent for the Contractor to prepare for these tests well in advance to avoid delays in the
concrete repair work.

3. EQUIPMENT

3.1 GENERAL

The Contractor shall furnish and maintain such equipment as necessary to complete the work in accordance
with the specifications.

3.2 CONCRETE SAW

The concrete saw shall be equipped with a diamond blade(s) or approved equal.  The saw shall be capable
of sawing concrete to the specified depth without damaging the surrounding concrete.  Depth of cut shall be
adjusted so as to avoid cutting the existing steel reinforcement.

3.3 CONCRETE REMOVAL EQUIPMENT

The Contractor shall provide equipment capable of removing the deteriorated concrete in the repair area to
the depth required without damaging the sound concrete surrounding or below the repair.  The Contractor
shall provide the necessary means to assure that no concrete debris or slurry water enters the harbor waters,
refer to SITE DEMOLITION Specifications.

3.3.1 Pneumatic Jackhammers

Jackhammers heavier than 15 pounds (6.8 kg) shall not be permitted.



3.3.2 Abrasive Blasting or Mechanical Scarification

Abrasive blasting  or mechanical scarification shall be capable of removing all contaminants and loose
particles from the surface of the steel reinforcement and concrete in the repair area.  The equipment shall be
fitted with suitable traps, filters, drip pans, or other devices to prevent oil, fuel, grease, or other undesirable
matter from being deposited on the cleaned surface and the harbor waters.

3.3.3 Brooms, Shovels

Stiff-bristled brushes shall be used to apply the bonding agent.  Shovels may be used to place the repair
materials, if appropriate.

3.4 FINISHING AND FLOATING EQUIPMENT AND STRAIGHTEDGES

The finishing and floating equipment shall be capable of consolidating and floating the concrete.  A dense,
homogenous repair must be produced and finished to the same surface slope as the existing concrete slab.

3.4.1 Pressure Hand Sprayer for Membrane-Curing Compounds

The pressure sprayer for membrane-curing compounds shall be capable of providing a uniform, even
coating of the compound over the surface of the repair.  Manually operated spray equipment may be used.

4. CONSTRUCTION METHOD

4.1 DETERMINATION OF REPAIR AREAS

The Contracting Officer shall determine areas to be repaired by using a hammer or other techniques to
determine the extent of the unsound concrete.  The Contracting Officer shall mark the boundaries of the
repair area.  Large areas such as the rail slot may use flowable repair materials while small areas and all
areas below deck shall be repaired by the dry-pack method.  Holes through the deck will be either filled
with low shrinkage concrete or lined with a drip edge according to the Contract Drawings.   All previous
built-up repairs under the deck that interfere with areas to be structurally upgraded must be modified to
achieve a compatible surface profile with the adjacent concrete surfaces.   See the Contract Drawings for
details of repairs.

4.2 PREPARATION OF REPAIR AREA

A hand-held 15-lb chipping hammer may be used.  All other methods must be approved by the Contracting 
Officer.

4.2.1 Concrete Removal

The deteriorated material in the repair area shall be removed using the methods specified in this section.  A
saw cut shall be made around the perimeter of the repair area to provide a vertical face at the edges and
sufficient depth for the repair.  The saw cut shall have a minimum depth of 1 inch (25 mm).   Depth of cut
shall be selected to preclude cutting reinforcing steel bars.

Concrete within the repair area shall be broken out to a minimum depth of 2 inches (51 mm) or until sound
concrete is exposed.

Remove loose concrete from the designated areas.  Inspect the cavity for remaining unsound concrete by
tapping with a hammer or steel rod.  In areas where tapping indicates unsound concrete, remove additional
concrete.  Make the entire cavity at least 2 inches deep.  Where rebar is exposed remove all corrosion by
abrasive blasting or mechanical means to a near white metal condition as per recommendations of patch



material manufacturer, prior to installing patch material.  Continue to “chase” all corroded steel
reinforcement until no corrosion is visible beyond normal “mill scale.”  Prepare surfaces by abrasive
blasting or mechanical scarification to achieve a uniformly rough surface.

4.2.2 Concrete Removal of Built-up repairs  (underside of deck)

Existing form and pump concrete repairs made to the underside of the deck were built up to increase the
cover over the steel, resulting in areas that are not flush with the adjacent concrete surface.  Typically these
built-up areas extend 2 to 3 inches from the original surface.  These areas must be cut back, so that they are
flush to permit the application of the structural upgrade materials. The contractor shall propose to the
Contracting Officer the method by which the concrete will be removed.  If a cavity results from the
removal of the concrete, then this area must be repaired so that the surface is flush with the adjacent
concrete.

4.2.3 Hand-Held Chipping Hammer

Concrete within the repair area shall be broken out to a minimum depth of 2 inches (50 mm) with
pneumatic tools until sound concrete is exposed.  The maximum size pneumatic hammer shall be 15
pounds (6.85 kg).  Pneumatic hammers and chipping tools shall not be operated at an angle exceeding 45
degrees from the vertical.  Such tools may be started in the vertical position but must be immediately tilted
to a 45-degree operating angle.  The removal shall start within the interior of the repair and work outward.
Care shall be used to prevent fracture of the sound concrete below the repair area and the surrounding
concrete.  A minimum 1-inch (25-mm) vertical face (saw cut) on all sides shall be provided.  However,
adjustments shall be made to avoid cutting any steel rebar.  All concrete chips/debris shall be contained and
prevented from falling into the harbor waters.

4.3 SURFACE PREPARATION

4.3.1 Concrete

Abrasive blast or mechanically scarify the exposed faces of the concrete to remove all loose particles, oil,
dust, cement or slurry residue, paint, and other contaminants.  Immediately prior to placing the concrete
bonding agent, clean the exposed surfaces by compressed air blasting.  All loose particles, oil, dust, cement
or slurry residue, paint, and other contaminants shall be contained and prevented from falling into the
harbor water.

4.3.2 Steel Reinforcement

Reinforcing steel bar that has lost more than 25% cross-sectional area must be repaired by welding a new
segment of rebar of the same diameter to the existing rebar.  Corroded or damaged rebar will be identified
in the field by the contractor and verified for replacement by the Contracting Officer.  The splice will cross
the damaged length and the welds made at locations where the existing rebar is in excellent condition
without loss of area.  New reinforcing steel shall be ASTM A-615 grade 60 and welded in accordance with
the Structural Welding Code – Reinforcing Steel (AWS D1.4).  The welding surface shall be prepared by
power cleaning as per SSPC-SP11.  The weld will be a continuous 0.25-inch fillet that is at least 2 inches
long.  The contractor will remove any concrete that is damaged during the welding process.  Abrasive blast
or mechanically clean the steel to bright steel no more than 48 hours prior to application of concrete patch
material.  All loose particles, oil, dust, cement or slurry residue, paint, and other contaminants shall be
contained and prevented from falling into the harbor water.

4.4 APPLYING THE BONDING AGENT

Use a bonding agent recommended by the supplier of the repair material.  It may consist of neat cement,
cement-sand, or latex-cement slurry.  Bonding agents must be approved by the Contracting Officer.  Apply
the bonding agent to a clean surface saturated dry (SSD) concrete substrate and scrub it into the surfaces
using a stiff-bristled brush.  Bonding agents that contain epoxy will not be allowed.



4.5 PLACING THE REPAIR MATERIAL

Always place materials containing aggregate with a shovel to avoid segregation.  Flowable materials may
be placed by a bucket or other suitable means.

4.5.1 Proprietary Repair Materials

Place dry pack repair materials according to the method in the Contract Drawing.  The application shall be
in accordance with manufacturer’s recommendations.  Special attention shall be paid to pack the material
below reinforcing bars and to working the material into the concrete substrate to achieve a sound bond.
Use a hard wood dowel to ram the material tightly below and around reinforcing.

4.6 FINISHING REQUIREMENTS

Partial-depth repairs are usually small enough so that a stiff board resting on adjacent sound concrete can
be used as a screed.  Work the materials toward the perimeter of the patch to establish contact and enhance
bonding to the existing slab.  Make at least two passes with the screed to ensure a smooth repair surface
that is level with the surface of the deck.  Care should be taken to not "overwork" the surface.
When practical, match the surface texture of the repair with that of the surrounding deck.

4.7 CURING

Spray apply two coats of a concrete curing compound (ASTM C 309) as soon as the concrete surface has
set sufficiently to apply the curing agent without damage.  Apply the curing compound at the rate of 150
ft2/gal (3.7 m2/L).  In addition, repairs to the top deck shall also be moist cured for 7 days by covering with
saturated pieces of wet rug or carpet.

4.8 SAW OVERCUTS

The saw cuts extending from the repair area into to the surrounding sound concrete must be filled with
epoxy mortar or cement mortar.

4.9 OPENING TO STRUCTURE OPERATIONS

The concrete repairs may be opened to structure operations when a compressive strength of 3,000-psi (21
MPa) has been achieved.

5. QUALITY CONTROL

5.1 CONCRETE REPAIR MATERIALS

Material supplied to the job shall comply with Section 2.1.1 of this specification.  Test reports shall be from
an independent testing laboratory approved by the Contracting Officer.

5.3 INSPECTION

The Contracting Officer shall check each repaired area for cracks, spalls, popouts, and loss of bond
between repaired area and surrounding concrete one week after the repair material was placed.  Each repair
area will be checked for voids by tapping with a hammer.  In addition, they may take one, 1-inch diameter
core in each span to verify depth, bonding integrity, and material quality of the concrete repair.  The
Contractor shall repair the cored site to the same level as required by this specification. Areas found to be
defective will be removed and replaced by the Contractor to the satisfaction of the Contracting Officer and
the required performance and quality level of this specification.



CONCRETE REPAIR
CRACK SEALANT

This specification applies to the requirements for repairing either static or dynamic concrete cracks by sealing on the
top surface of the deck.  This specification details both application procedures and material requirement.  The
sealant must provide a service life for a minimum of 10 years in a marine environment.

1. GENERAL

1.1 REFERENCES

The publications listed below form a part of this specification to the extent referenced.  The publications
are referred to within the text by the basic designation only.

AMERICAN SOCIETY FOR TESTING AND MATERIALS (ASTM)

ASTM D 412 1997 Standard Test Method for Vulcanized Rubber and Thermoplastic
Rubbers and Thermoplastic Elastomers - Tension

ASTM D 638 1996 Standard Test Method for Tensile Properties of Plastics

ASTM D 1475 1990 Standard Test Method for Density of Paint, Varnish, Lacquer, and
Related Products

ASTM D 2240 1997 Standard Test Method for Rubber Property - Durometer Hardness

ASTM D 5893 1996 Standard Specification for Cold Applied, Single Component,
Chemically Curing Silicone Joint Sealant for Portland Cement
Concrete Pavements

CODE OF FEDERAL REGULATIONS (CFR)

29 CFR 1910.134 Respiratory Protection

29 CFR 1926.59 Hazard Communication

40 CFR 261 Identification and Listing of Hazardous Waste

1.2 SUBMITTALS

Submit the following documentation and materials to the Contracting Officer prior to receiving
authorization to proceed with crack sealing.  The Contractor shall use a silicone sealant.  The color of the
sealant must be gray.

1.2.1 Instructions

a. Two Part Self-Leveling Silicone Joint Sealant

Submit formulator’s printed instructions to include brand name, catalog numbers, and names of
manufacturers.  Include in the instructions detailed mixing and application procedures, quantity of material
to be used per size of crack, total quantity of material to be used on job, minimum and maximum



application temperatures, and curing procedures.  Include copies of Material Safety Data Sheets (MSDS)
for all materials to be used at the job site in accordance with OSHA & 29 CFR 1926.59.

1.2.2 Field Test Reports

a. Tests and Inspections

The contractor will submit reports on tests and inspections as set forth in section 3.3.

1.2.3 Certificates

a. Two Part Self-leveling Silicone Joint Sealant

Certify conformance to the requirements set forth in section 2.1.1.

b. Primer Coat Material

Certify conformance to the requirements set forth in section 2.1.2.

c. Bond Breaker Material

Certify conformance to the requirements set forth in section 2.1.3.

1.2.4 Records

a. Installers Qualification.

The Contractor shall have verifiable and specific experience repairing and sealing concrete cracks and
expansion joints utilizing routing equipment, bondbreaker tape, and silicone sealant.  Throughout the
progress of the work in this Specification, the Contractor will provide at least one (1) person who is
thoroughly familiar with the specified requirements for crack sealing with silicone, certified by the material
manufacturer to be completely trained and experienced with the necessary skills, and who will be present
on the site and direct all work performed under this Specification.

In performing the work of this Specification, the Contractor will use an adequate number of skilled
workmen to ensure the installation is in strict accordance with schedule, specification and the procedures.

b. Disposal of Material.

All unused material, whether in its cured or uncured state, shall be removed from the job site by Contractor.
No material will be allowed to enter harbor waters.  Any material that enters harbor waters will be retrieved
by the Contractor.

1.2.4 Batch Samples

When requested by the Contractor shall provide batch samples of any materials that are used throughout the
progression of the work.  Batch samples will not exceed 2% of the total material used on this job.

1.3 DELIVERY AND STORAGE

Ship sealants and other materials in their original, sealed containers.  Materials delivered to site shall be
inspected for damage and container opening prior to use.  Material delivered in dented, rusty, leaking, or
previously opened containers and, in addition, material with an expired shelf life shall be returned to
manufacturer.  Material shall be unloaded and stored out of sun and weather, preferably in air-conditioned
spaces.



1.4 SAFETY

Ensure that employees are trained in the requirements of OSHA &29 CFR 1926.59 and understand the
information contained in the MSDS for their protection against toxic and hazardous chemical effects.
Follow safety procedures as recommended by manufacturer.  Procedures may include employing the use of
impervious clothing, gloves, face shields, and other appropriate protective clothing necessary to prevent
eye and skin contact with materials.

2. PRODUCTS

2.1 MATERIALS

2.1.1 Silicone Joint Sealants

Silicone joint sealants shall be rapid cure, 100 percent silicone, self-leveling, two-part formulation, and
cold applied.  Acid cure sealants are not acceptable for use on concrete.  Silicone sealant shall be
compatible with the surface to which it is applied.

Rapid cure is defined as developing sufficient integrity within 8 hours to accommodate both thermal and/or
vertical movements due to traffic loading.

Specific Gravity, as per ASTM D 1475 1.25-1.35

Nonvolatile Content (% minimum) 93

Skin-over Time (minutes, maximum) 20

Joint Elongation (% minimum), as per ASTM D 5893 600
Section 14 modified – pull rate (2 in./min.) and joint size
Joint size = ½” x ½” x 2”

Joint Modulus (psi, @ 100% elongation), as per ASTM D 5893 3-12
Section 14 modified – pull rate (2 in./min.) and joint size
Joint size = ½” x ½” x 2”

2.1.2. Primer Coat Material

Once the crack has been cut, cleaned and dried, the crack shall be coated with a primer prior to the
installation of the bond breaker and sealant.  The primer coat material to be used shall be from the same
manufacturer as that of the silicone sealant and as recommended by the sealant manufacturer and must be
compatible with the concrete, bond breaker, and the sealant.

2.1.3. Bond Breaker Material

A bond breaker material shall be installed prior to installation of the sealant.

2.1.2.1. Purpose of Bond Breaker

a. Maintain minimum and/or maximum depth of sealant.
b. Prevent three (3) sided adhesion of sealant.  Bond breaker serves to ensure that the bottom of the

sealant is bond free thereby allowing sealant to adhere to the sides of the joint only.

2.1.2.2. Requirements of a Bond Breaker



a. Shall be compatible with sealant or any component of the joint sealant system.
b. No bond or adverse reaction shall occur between the bond breaker and the sealant.

2.1.2.3. Acceptable Types of Bond Breakers

a. Closed-cell expanded polyethylene foam backer rod.  Primary use is with new joint construction and
uniform remedial joint construction.

b. Bond breaker tape or approved equal.  Primary use is with wide, shallow joints.
c. Backing material that is open cell with an impervious skin to prevent adhesion.  Primary use is with

irregular remedial joint construction.

3. EXECUTION

3.1 CRACK PREPARATION

3.1.1 Locate Rebar and Conduit

All rebar and conduit located a minimum distance of three inches from each side of the crack shall be
identified and mapped along the length of the crack.  Mapping shall include depth of concrete cover and the
exact location of rebar and/or conduit in relation to the crack.  Cracks shall be 1/4” wide by 5/8” to 1” deep.
The backer rod diameter shall be 3/8” with the sealant thickness of 1/4” (even with the top surface).  Joints
shall be cleaned and prepped by removing the existing sealant and using an abrasive blast to clean the
surface of the joint.  The following procedures shall be observed for both cracks and joints.

3.1.2 Surface Cleaning

Cracks shall be routed/cut out to 1/4” width and 5/8” to 1” depth without disturbing or damaging existing
rebar and conduit.  All dirt, debris, efflorescence, chipped concrete, grease, oil, and other obtrusive material
in each crack shall be removed both inside and a minimum of one half inch (1/2”) in width on both sides of
each crack to be repaired.  Cleaning shall be accomplished by a combination of wire brushing, hand tool
cleaning, power tool cleaning, compressed air, and aqueous based detergent cleaning.  Cleaning utilizing
organic solvents is prohibited.  All dirt, debris, chipped concrete, grease, oil, and other obtrusive material
removed shall be contained and prevented from falling into the harbor water. 

3.1.3. Primer Coat

Use a primer recommended by the sealant manufacturer.  Only apply the primer following the day’s high
temperature to avoid off gassing of the concrete and to permit maximum penetration of the primer.  Prepare
the joint by abrasive blasting and then air blowing the joint.  Air compressors used for this purpose must be
equipped with traps capable of providing moisture and oil free air.  As with any application involving
primer, backer material should not be installed until the primer is applied to avoid pooling of primer at the
joint wall interface.

For best results, apply the primer with a mist sprayer.  (Applying with a clean, lint-free cloth is an
alternative, although less desirable method.)  Uniformly coat the entire surface primer, being careful not to
saturate the substrate.  If applied correctly, the substrate will darken in appearance, but there should be no
signs of primer run down.  Once dry, there should be no visible signs of the primer, only a slight odor.  If
the primer is over-applied, a white powder will form the substrate surface.  If this occurs, the joint/crack
must be recleaned and the process repeated.

Allow the primer to dry for approximately 60 minutes.  Gently air blow the prepared joint/crack, install the
backer material and then install the joint sealant as recommended.

3.1.4 Install Bond breaker



The bond breaker shall be applied to the inner base of the routed out, cleaned, and dry crack.  Bond breaker
shall be placed flush with inner walls of crack.  

3.2 SEALANT APPLICATION

3.2.1 Mixing

Based on ambient temperature, relative humidity, and moisture content in concrete, consult sealant
manufacturer and mix silicone sealant components in accordance to their recommendations.

3.2.2 Sealant Installation

Immediately following the day’s high temperature and on dry concrete, pour into crack the silicone sealant
over the polyethylene bond breaker tape and finish by trowel.  Resulting crack repair shall be flush with the
surrounding concrete, exhibit complete crack depth penetration, and be free of surface irregularities, air
voids, and discontinuities greater than 1/32 inch. A primer shall be used to aid adhesion on either
questionable concrete or concrete that contains excess moisture.  Primer shall be chemically and
mechanically compatible with silicone sealant.

3.2.3 Curing

Within forty-eight hours following application of sealant, sealant shall be tack free and ready for light
traffic.  If after forty-eight hours, the sealant is tacky or in any form of its uncured state, all uncured
material shall be removed by Contractor.  New sealant will be reapplied to the crack.

3.3 FINAL INSPECTION

Government shall inspect and verify repairs have been carried out in accordance with the guidelines set
forth in sections 3.2.2 and 3.2.3.  The contractor shall take one, 1-inch diameter core on each span to verify
depth and quality of sealant penetration.  The contractor will repair the cored site to the same level as
required by this specification.

3.4 FINAL CLEANUP

Following completion of work, remove debris, equipment, and materials from the site.  Remove temporary
connections to Government furnished services.  Restore existing facilities in and around the work areas to
their original condition.
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ABSTRACT

The Navy is continually looking for the best methods to repair its concrete waterfront
structures.  The goal is to identify methods and materials that provide at least 15 years of service.
An evaluation of repairs made to a pier at Portsmouth Navy Shipyard was conducted by the
Naval Facilities Engineering Service Center (NFESC).  The excellent condition of these repairs
after 16 years of service demonstrates that the form and pressure pump method to place a
polymer-modified concrete meets the Navy goal.  A description of the project, repair methods,
and materials is provided.



INTRODUCTION

Many of the Navy waterfront structures are 25 to 75 years of age and require frequent and
expensive repairs.  Within a Navy pier there are various types of structural elements such as
piles, pile caps, and deck slab, each of which may require repair materials and procedures that are
appropriate for its specific function, condition, and accessibility.

The typical Navy marine reinforced concrete structure is contaminated with chlorides and
rebar corrosion is ongoing.  The concrete is often carbonated, resulting in a weakened cement
paste at the surface.  Conventional repair methods are specified because complete removal of the
chloride contamination or the use of cathodic protection methods are often too expensive and
therefore excluded from consideration.

CASE STUDY

A case study of the performance of concrete repairs, after 16 years using the form and
pump method, was performed in September 1996 at the Portsmouth Naval Shipyard in New
Hampshire.  This was a major concrete repair project in 1980 involving about 24,000 square feet
(2,230 square meters) of repair surface.  The general contractor was Peabody NE, Inc.  The
Navy’s engineer was C.J. Foster, Inc., and the subcontractor who performed the repairs was
Structural Preservation Systems, Inc.  The major part of the project included extensive repairs to
the pier’s concrete support beams and pile caps.

The beams are exposed to severe conditions in a marine environment.  They are located
in the splash zone, exposed to wetting and drying, freezing and thawing, and elements of sea
water (the Portsmouth harbor has 12-foot (3.7-meter) tides).  The existing conditions at the time
of the repairs manifested in severe concrete spalling, cracking, and corrosion of embedded steel.

This was the first project where the form and pressure pump method was used.  Polymer-
modified concrete was used as the repair material.  In total,  7,000 cubic feet (198 m3) of concrete
was placed.

The observations during the case study demonstrate that the repairs are in good condition
after 16 years in service.  It should be noted that in addition to exposure to the severe
environment, the pier structures carry heavy cranes, construction equipment, and heavy vehicular
traffic.  All these loadings cause vibration and impact in the supporting structures.

Several isolated cases of corrosion of embedded steel and concrete deterioration were
found in repairs adjacent to steam pipes.  Elevated temperatures associated with the steam pipes
accelerated the rebar corrosion and concrete deterioration.  In general, one can expect that the
intrusion of moisture and corrosive agents will be greater at increased ambient temperature and,
hence, the time for rebar corrosion will be shorter.

In conversations with the shipyard engineer, he stated that the repairs were very
successful and substantially extended the service life of the repaired piers.

The form and pump pressure method was specified and used by the Portsmouth Naval
Shipyard in subsequent concrete repair projects performed in 1983 and 1986.



Repair Material

Due to the large size of the project, it was determined that the polymer-modified concrete
(PMC) was more cost effective than epoxy mortar.  Because the polymer modifier replaces an
equal amount of water needed for the concrete, shrinkage cracking is reduced, water permeability
is reduced, and freeze-thaw resistance increases.

The mix proportions for the project consisted of 3 parts concrete sand, 1 part portland
cement, 2 gallons of epoxy, and approximately 3.5 gallons of water.

Repair Procedure

Deteriorated concrete was removed and the corroded steel was sandblasted to “white”
metal.

Form work consisted of 5/8-inch (15.9-mm) and 3/4-inch (19-mm) ply attached to the
concrete with expansion anchors. After mixing, the PMC was placed into a positive displacement
mortar pump and transported through a 2-inch (51-mm) diameter high pressure hose to the form
work.  The forms contained a series of ports at 2- to 3-foot (0.6- to 0.9-meter) intervals along the
form work.  The forms were pressurized to 15 psi.

DESCRIPTION OF THE FORM AND PRESSURE METHOD

The form and pressure pump method is accomplished by placing the repair material into a
closed form with a concrete or grout pump.  The forms are usually single face forms, enclosing a
cavity in a concrete member, vertical or overhead, such as the side or bottom of a beam, a wall
cavity, a column cavity, or the bottom of a slab.  The main difference between the form and
pump method and conventional pumping concrete in a form is the pressurization of the material
mix once the form is full.  The special form work design allows for the pressurization to be
achieved with the power of the pump.  This operation significantly improves the bond between
the repair material and the existing concrete substrate, and between the repair material and
embedded reinforcement.  It also allows for a more complete filling of the repair cavity and better
consolidation of the repair material than is generally possible with other repair methods.
Combined with the use of relatively low shrinkage repair material, this method allows for durable
repairs eliminating or minimizing cracking.

Forms

In form and pump (F&P) repairs, forms usually are made of wood materials because they
are easy to put together and they are lower in cost than other materials.

As with all forms, F&P objectives in form design are:

 Quality - to design and build forms accurately so that the desired size, shape, and
finish of the repair are attained while placing quality repair material and providing
adequate cover over the steel reinforcement.

 



 Safety - to build form work that will safely support all dead and live loads.
 

 Economy - to build the forms efficiently saving time and money.  The less pieces, the
more it can be reused.

The main difference between F&P and standard forms is that they must be designed to
take not only the full liquid load of the repair material, but also the extra pressure when
pressurizing.  Design of the forms should follow standard practice for cast-in-place concrete
construction, except for the form pressure.  Forms should be designed to resist a minimum
pressure of 15 psi.  They need to be made “tighter” than standard forms, especially for overhead
placement; watertight if possible.  The forms must be held tight against the existing structure to
prevent the new material from wedging between the form and the face of the existing structure.

A sealant such as silicone caulking or urethane foam is used between joints in the
plywood and sandwiched between the plywood and the perimeter of the repair area to prevent
leakage.  Penetrations through the form face are also sealed against leakage.

Placement

In F&P, the repair material is placed into the forms by a pump.  The pump must be
compatible with the material being placed, and sized to the quantity of material being installed at
any one time.

There are many different types of pumps from large truck-mounted boom pumps of 40 to
60 cycles per hour to small moyno types that are rated in gallons per hour.  The pump type
required depends on the material being placed more than any other factor.  Moyno pumps are for
mixes that do not contain coarse aggregate (gravel or stone).  They are small, easy to move
around, and run on 110-volt electrical supply.  They are often used on small projects or where the
areas to be repaired are small and require a repair material with fine aggregate only.

Hydraulic swing tube pumps, either truck or trailer mounted, are best suited for repair
materials with coarse aggregate.  The squeeze type pump can also be used.

After the pump is selected, it is necessary to connect it to the form.  This is done with
either rubber hose or hose and pipe.  Pipe offers less resistance to flow of the material than the
hose.  However, pipe is not flexible, and is difficult to mount onto the form.  If there is a long run
(several hundred feet between the pump and the form), a combination of pipe and hose is used.
Generally, a section of hose is connected from the pump to the steel line and one or two hose
sections are then placed on the end of the pipe line to connect to the forms.  If there will be
several concrete placements in the same area, the steel line is cleaned in place and left for use on
the next placement.

Abrupt changes in line size (from larger to smaller) will cause a blockage most of the
time.  Long tapered reducers shall be used when changing pipe or hose size.  For example, if the
line size between the pump and the form is 3 or 4 inches and the pump discharge is 5 inches, use
a tapered reducer (5 to 4 inches or 3 to 4 inches) between the pump and the line.  At the form end
of the line, the line size should be reduced further with a tapered reducer to a 2-inch or 2-1/2-inch
hose that will be connected directly to the form valve.

For connections between pipe joints or hose sections, it is recommended that a metal
clamp with a rubber gasket be used.  It is most important that under pressure these connections



don’t leak because the mix may become dewatered in the line and cause a blockage.  If the
connection leaks, it is because of a damaged flange or gasket.  Both should be fixed as soon as
they are spotted.

It is important to have a gauge in the line where it connects to the form.  A recommended
gauge size is 200 psi.  This gauge capacity is enough to monitor pressure.  It is also necessary to
have a gauge at the start of the pump discharge line.  On hydraulic pumps, an experienced
operator can control the line pressure by monitoring the hydraulic system pressure gauge.

Before any pumping starts, a positive, instantaneous communication system between the
pump operator and the nozzleman should be established.  When the form is full, one stroke of the
pump could cause the form to fail if the pump cannot be stopped in time.  Do not start pumping
until there is direct continuous communication with the pump operator.  Two-way radios are best
for this purpose.

Precautions should be taken when working with a new pump operator.  The operator and
nozzleman need to discuss the operation and the signals for directing the pump.  The nozzleman
should direct the pump operator; the pump operator follows the nozzleman’s directions.  Only
one person on the crew directs the pump, thereby eliminating confusion and possible injury.  The
pump operator must be instructed to constantly monitor the radio or the head set.  The nozzleman
may need to stop the pump at any time.  The fewer words used in commands to start or stop the
pump, the better.  They must be clear and concise and said loud enough for the operator to hear.
The importance of clear and constant communication between the pump operator and nozzleman
cannot be over emphasized in F&P.

Pump Line Cleaning

After completion of pumping, the line and valves must be cleaned.  Be sure to have a
proper line sized “go devil” on hand to clean out the line.  After the pump pulls as much material
from the line as it can, by running in reverse, the “go devil” is inserted in the form end of the line,
and an air line attached behind the “go devil.”  The remaining concrete is “blown” back to the
pump end.  Care must be taken to secure the pump line and catch the material including the “go
devil” exiting from the line.  This procedure can be reversed if it is easier to handle the waste
concrete in the line at the form end of the operation.

Pumping

If material is being delivered from a ready mix plant, after the truck is “mixed up” and
ready to start discharging, a small amount of the concrete should be discharged into a
wheelbarrow to check for proper mixing and slump.  Do not put material into the pump hopper
before checking it.  If cylinders and/or sump tests are to be taken, the material in the wheelbarrow
can be used in order to not hold up the placement operation.  If the concrete does not appear
properly mixed or has an inadequate slump, don’t use it.  The cost to remove the material, once it
reaches the form, is very high.

After the quality check on the material, slick line (cement mixed with water) is added to
the pump hopper and started through the line.  This material will “wet out” the inside of the
pump line, help seal joints, and prevent the concrete from blocking up in the line.  Slick line
consists of one or two bags of cement with approximately 5 gallons of water per bag.  It is mixed



in a mortar mixer, or in buckets, and dumped into the pump hopper.  After most of the slick line
has been pumped from the hopper through the line, the mixed repair material is placed in the
hopper and pumped through the line, behind the slick line.

On the form end of the line, the crew is standing by with a wheelbarrow, buckets, or a 55-
gallon drum to catch the slick line material.  Do not pump the slick line into the forms, waste it.
When the repair material starts to flow from the hose, stop the pump and clean off the connection
at the end of the hose line, and connect it to the form.

There should be one or more pumping ports already attached to the form.  The hardware
should be in place with valves ready for the hose attachment.  Start at the bottom or far end of the
form, pumping from bottom to top, or from one side to the other, and start with all valves open.
As material starts to exit from the valves and/or vents, close the valves and plug the vents.
Forms may be pumped from a single port.  This is possible if the pressure remains low and the
concrete is traveling to all areas of the form.  If the pressure starts to rise significantly, the valve
shall be closed and the hose disconnected from that pumping port and reconnected to another
port where material has already exited.  Avoid trapping air between two pumping ports by
skipping around.  The nozzleman and helpers should have a bucket of water ready to clean off
the connections as they change ports.  It is necessary to wash the concrete out of the rubber seal
and the clamp and grooves in order to reconnect the hose to the pumping ports.

Vibration

For sections 3 to 6 inches deep, vibrate the exterior of the form as the concrete is being
pumped in.  On deeper placements, as required for Pier 12, it is necessary to install access holes
in the form to insert the vibrator.  These must be plugged before starting to pressurize the form.
Vibration after pressurization may cause unwanted movement or may overstress the forms.  Do
not vibrate after the forms have been pressurized.

Pressurizing

Pumping will continue until the form is full.  At this point, the nozzleman requests the
pump operator to give short strokes and monitors the form carefully.  He is watching and
listening for “cracking” in the form indicating that pressure is straining and/or slightly bulging
the form, also an indication that pressure is building inside the form.  Once this condition has
been achieved, all vents should be capped or plugged off, and all valves closed.  The hose can be
disconnected from the form.

After the repair material has reached a stage where it will not flow out of the valve (about
20 minutes to 1 hour), unscrew the valves and nipples from the flanges and clean them using a
water hose.  In most cases the concrete is still green, and a screwdriver and water will remove the
material.  A wire brush is also helpful to clean the threads.  Most of these valves can be taken
apart and the ball cleaned and regreased.  It is important to take the valves apart and regrease
them because the fines will build up and prevent the ball from operating.  The valve will now be
ready for reuse.

Curing



In the F&P method, the forms must stay in place until the repair gains design strength and
becomes self supporting.  If the forms are removed too soon, the new material may sag, break
bond, and crack.  In hot, dry environments, it may be desirable to wet the forms during the curing
process to minimize water loss from the concrete and to keep the temperature down.  After the
forms are removed, the repair should be wet down several times.  As soon as the surface becomes
dry, immediately apply a curing compound.

CONCLUSIONS

The form and pump method combined with good quality control practices is a good
method to repair deteriorated concrete waterfront structures.  The expected performance life can
exceed 16 years where the ambient temperature is similar to New Hampshire.  Performance life
for repairs made in warmer climates will be shorter.
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CHAPTER 10

CASE STUDY OF DRYDOCK NO. 6



BACKGROUND

Drydock No. 6 is more than 35 years old.  It originally cost about $175 million and the
estimated replacement cost would exceed $500 million.  Currently, repairs to the concrete are
necessary because of corrosion of the steel reinforcement.  In 1992, Puget Sound Naval Shipyard
(PSNSY) contracted with BERGER/ABAM Engineering, Inc., to prepare construction
documents to address the repair of cracks, spalls, and delaminations (Refs 1 through 4).  These
documents address other repair issues that are not part of the scope of this report.
BERGER/ABAM hired Construction Technology Laboratories to conduct a site specific
condition survey of the concrete (Ref 5).  The shipyard did not award the repair contract as
planned, probably due to funding limitations.  The original documents are now being updated
and revised by BERGER/ABAM Engineers in accordance with Reference 5.  PSNSY has
requested that NFESC review the project documentation, visit the site, and prepare written
recommendations according to a statement of work (Ref 6).  BERGER/ABAM is currently
updating the condition survey by sounding the walls to the height of 8 feet to obtain a
representative sampling of how much the deterioration has progressed in 4 years.

REPAIR OBJECTIVES

Due to the high replacement costs, lack of MCON funding for new construction, and
continued mission requirements, PSNSY's objective is to extend the performance life of
Drydock No. 6 for as long as possible.  The objectives of the repairs are to:

 Minimize the frequency of falling pieces of concrete.
 Provide long lasting repairs.
 Improve the appearance of the walls.

The scope of work refers to “structural repairs.”  Typically, it is very difficult to execute
the repair in a manner that provides for the distribution of structural loads through the patched
concrete.  A structural analysis would likely show that the loss of 6 inches on the surface of the
thick cantilever walls is not significant to the performance of the structure.

CORROSION MITIGATION OBJECTIVES

The corrosion mitigation objectives are to:

1.  Fill all cracks to minimize penetration of corrosive species to the depth of the steel
reinforcement.

2.  Apply a penetrating surface sealer to the entire wall area to forestall, retard, or  stop
any ongoing corrosion processes.



SITE VISIT

The site was visited 6 and 7 January 1997.  Joe Sullivan (Ref 7) was the point of contact
from the shipyard and Joe Stockwell represented BERGER/ABAM Engineering.  The drydock
was visually examined and random soundings were made.  The Public Works Commanding
Officer and Executive Officer were briefed prior to departure.  Reportedly, this is the first major
repair effort.

The mechanism for deterioration is rebar corrosion due to ingress of salt water to the
depth of the steel, especially through vertical control joints and drying shrinkage cracks.  About
80 to 90 percent of the wall area appears to be in very good condition.  Three large delaminations
were indenified as needing to be knocked down immediately to minimize the hazard of falling
debris.  Standing water was observed in the service gallery.  It appears that this water is
contributing to the moisture in the vertical cracks and subsequent corrosion of the steel
reinforcement.  It is recommended that corrective measures be taken.

Prior repairs performed on Drydock No. 3 using pressure injected epoxy and polyurethane
grouts were inspected.  Both appear to be in excellent condition after 1 to 2 years of service.
Concrete repairs using form and pump techniques and machine-applied methods also have
performed very well.

HIGH PERFORMANCE REPAIR MATERIALS

Compressive Strength

Compressive strength is typically the defining criterion for the selection of concrete repair
materials.  In this application, the concrete patch will probably never carry any significant
compressive loads.  Although cementitious materials have excellent compressive strength
characteristics, performance in this case is not a function of compressive strength and need not be
a criterion for material selection.

Tensile Strain Capacity

The repair material is subject to drying shrinkage, temperature changes, and flooding the
drydock; these will all induce tensile strain.  To avoid cracking and delamination of the concrete
repair material, one needs to specify a repair in terms of tensile strain capacity.  Unfortunately,
the industry has not yet devised a test which can be correlated to this characteristic.  It is known
that tensile strain capacity is related, in part, to drying shrinkage, creep, and the modulus of
elasticity.  A maximum allowable shrinkage and an appropriate test method is recommended.

Some cracking of the repair material will mostly likely occur.  Our objective is to
minimize the size and frequency of the cracks by using reasonable specifications and qualified
inspection to obtain good workmanship and high quality.



STRESSES

Many different loads affect the stresses in the repair material.  All materials change
volume when subject to stress.  The combined stresses on the repair can result in cracking.
Cracks relieve the stress but also allow the direct ingress of corrosive species.  Cyclic stresses
beyond the capacity of the material can result in progress cracking, delamination, and spalling.
The combined tensile stresses resulting from drying shrinkage, temperature changes, and
flooding need to be resisted by the repair materials.

Drying Shrinkage

Drying shrinkage is a one time event related to the composition of the material, the
placement, and curing conditions.  As the material cures it shrinks.  Because the repair is bonded
to the substrate, it is restrained and hence the shrinkage results in tensile stresses in the repair.
By curing the repair properly, one can minimize cracks that result from shrinkage stresses.

Temperature Changes

Temperature changes produce cyclic stresses.  As these tensional loads are applied to the
repaired area, the combined internal tensile stresses may exceed the tensile strength capacity of
the repair material.

Operational Flooding

Operational flooding produces cyclic stresses.  The concrete repairs are made when the
surfaces of the walls are in compression.  When the drydock is flooded, the hydrostatic forces
will push against the cantilever walls, tending to elongate the exposed surface of the walls.  The
compressive forces in the unrepaired wall will be reduced or reversed.  The patched areas will
also be elongated, thus inducing tensile stresses in the repair material.  These tensile stresses are
additive to other stresses.

CRACK INJECTION

Cracks provide direct access for corrosive species to attack the steel reinforcement.
Epoxy crack injection can be an effective way to seal stationary cracks.  Since epoxy is rigid, it is
not effective in sealing cracks that are subject to movement.  Cracks move for a number of
reasons, such as thermal expansion and contraction, loading, and corrosion of the rebar.  It is a
common mistake to use epoxy to repair cracks that are caused by rebar corrosion.  The expansive
steel by-products result in growth of the crack.  Epoxy is not sufficiently flexible to
accommodate these movements without failure at or near the interface, therefore failures often
occur within 1 or 2 years.  Most cracks in the drydock are moving or have the potential to move,
therefore it is recommended that a flexible sealant be used for the repair of all cracks.



PENETRATING SEALERS

All of the walls of the drydock are to be sealed after the repairs are made, this is intended
to slow further chloride penetration and further rebar corrosion.  The use of sealers over a new
cementitious patch is an effective primary method to retard or to restrict the ingress of corrosive
species into the concrete.  Sealers are not permanent, and periodic reapplications are necessary.
Sealers typically penetrate only a few millimeters.  The 1992 condition assessment contains data
from several core samples, all of which were taken in cracked or delaminated concrete, except
for Core No. 11, which  was taken in sound concrete.  At this location, chloride ion
contamination at 3 inches deep was 1.9 pounds per cubic yard (Ref 5).  In the presence of
moisture and oxygen, which is sufficiently available, the steel rebar is probably corroding.  The
application of a penetrating surface sealer at the Core No.11 location will slow the ingress of
chloride penetration.  Given the age and condition of the structure, assuredly, additional areas are
contaminated and are experiencing ongoing rebar corrosion, especially along the joints and
cracks.  Eighty to ninety percent of the surface area appears to be in very good condition and it is
recommended that a penetrating sealer be applied over the entire wall to retard the ingress of
chlorides.

The frequency of reapplication of the penetrating sealer is uncertain.  It is recommended
that the chloride ion contamination be measured annually at three specific locations at 1 inch, 2
inches, and 3 inches deep so as to monitor and document the level of contamination.  By doing
so, the command will have data to help make decisions on the frequency of reapplication and its
effectiveness.

PERFORMANCE EXPECTATIONS

The performance life of a repair is extremely difficult to predict, as the performance life
depends on the material selection, method of application, and quality of the workmanship.  The
ROICC should strive to obtain the highest quality workmanship from the contractor.  Continuous
inspection of the repair process is a method to help maintain uniform and continuous high
standards throughout the project.  The need for continous qualified inspection of the repair
contract can not be over emphasized.  If all of these items are correctly accomplished, the
repaired areas should function for 20 years.

Outside the repair areas the interior and external environmental conditions can produce
new delaminations.  It is common to see new delaminations occur adjacent to patches in 1 to 3
years.  There are two dominate reasons why this occurs.  They are:

 The extent of deterioration is often underestimated.  Because the area must be chipped
back to sound concrete and to uncorroded rebar, it is impossible to foresee the repair
boundaries in a non-destructive condition assessment.  Good inspection can minimize this
problem.

 



 Rebar corrosion is accelerated by differences in conditions along a continuous rebar.
After the high quality repairs are completed, a portion of the rebar is protected by the new
high quality patch, while the steel extending into the adjacent concrete is exposed to
relatively severe conditions.  These differences promote a strong corrosion cell resulting
in accelerated rebar corrosion and possible delamination of the concrete near the patch
and occasionally at the patch itself.  Life extension methods can address this problem.

LIFE EXTENSION METHODS

The use of impressed current cathodic protection (ICCP) can be used to arrest the
corrosion process.  This method can provide a 15- to 20-year solution.  However, there are many
issues that must be addressed and considered in the design, installation, and operation of an ICCP
system.  The application of the ICCP system requires several protection zones, each with
electrical supply and control circuits.  The external application of a flame sprayed titanium
distribution anode may not be sufficiently durable to resist the wear and tear on the lower portion
of the wall.  It is possible to cover the anode with epoxy or to cut grooves and embed the anode.

 In 1993, NFESC prepared a comprehensive technical assessment of the technology (Ref
8).  Currently, NFESC is performing cooperative research with industry to resolve installation
and performance issues.  In FY97, NFESC plans to install a 1,000-square-foot demonstration of
an ICCP system on the substructure of a Navy pier at SUBASE San Diego.  The system
performance will be monitored for at least 1 year.  Results after 1 year of operation will provide
valuable installation and performance data necessary for the transition of this technology to Navy
marine structures.  It is recommended that the use of this technology for Drydock No. 6 be
postponed until these tests are completed.

Chloride ion removal techniques may be a viable candidate for future consideration.  An
assessment of the feasibility of employing this emerging technology is worthy of consideration.
NFESC will attempt to include this investigation into the current scope of work funded by Naval
Facilities Engineering Command Headquarters (NAVFACHQ).

ECONOMY OF ICCP AND CHLORIDE REMOVAL

Currently, PSNSY needs to spend at least $6 million to make repairs.  With a rough
estimate at $20 per square foot, $3 million would be required to install an ICCP system to stop
the corrosion cell.  The life expectancy of this system is 20 years and would eliminate the need to
spend $6 million every 5 to 10 years to repair the concrete due to rebar corrosion.  Electrical
continuity must be determined.  Typically, structures contain sufficient continuity, but one must
confirm it.  If technically feasible, the benefits-to-cost ratio of chloride ion removal will probably
be comparable to using ICCP.

REPAIR TECHNIQUES AND MATERIALS



The recommended repair material and application method is based upon the following
criteria (this list was developed from experience on other Navy jobs and discussions with
industry and Navy experts):

 The operational costs associated with repairing a drydock dictate that, within reason, the
very best repair technique and materials should be selected.

 

 The ultimate long-term properties of the repair material are far more important than the
ease of application.

 

 Bond of the repair material to the concrete substrate depends mostly on mechanical
interlocking.

 

 There are no repair techniques or materials that are tolerant to the applicator’s lack of
experience, workmanship, and quality control.

 

 Segregation of the repair material will alter the repair material's physical properties.
 

 The greatest problem in concrete repair is to minimize the amount of cracking.  A
network of micro-cracks and visible cracks provides transport for corrosive agents to the
rebar.

 

 When selecting the repair method, it is best to specify only one and at most two methods
for the same project.

 

 The use of machine applied material (shotcrete) is especially sensitive to applicator
experience, materials and equipment, workmanship, and quality control.  Generally, its
use is discouraged.  Improper surface preparation is largely responsible for failure of the
repair.  Large cumulative areas of repairs, less than 3 inches thick and containing very
little rebar, may be most efficiently repaired using shotcrete, although hand application
methods typically perform better.

 

 Vertical repairs containing closely spaced rebar and more than 20 square feet and at least
3 inches deep are best performed using the form and pump method.

 

 Hand-applied dry packing is best for small areas.
 

REPAIR MATERIALS

It is recommended that a prepackaged repair material be used to achieve the low
shrinkage required.  Shrinkage is the most important property.  Because of product variability it
is recommended that a third party independent testing laboratory verify that the material
delivered to the job site meets the criteria.



Drying shrinkage shall not exceed 0.05 percent at 28 days per ASTM C 157 modified to
use molds per ASTM C490 (3 x 3 x 11.25 inches) with a 10-inch gauge length.  During the first
24 hours of curing, the molded specimen shall be cured at 46 to 54 percent relative humidity at
70 to 76 F.  After 24 hours, remove the mold and cure as prescribed in the standard.

The following prepackaged products have been used and tested for other repair projects
and have properties consistent with the objectives of this project:

Manufacturer Phone Product Name

Five Star 202-336-7900 Five Star Structural Concrete V/O
Master Builders 216-831-5500 Emaco S66-CR
Fosroc 800-441-3633 Renderoc LA
Sika 800-933-7452 Sika Top 111 Plus
Euclid 216-531-9222 Euco SR-93

DRY PACKING AND HAND-APPLIED METHODS

Dry packing is the recommended technique to repair small cavities.  Hand placement can
also be an acceptable method.  Both application methods are similar and the contractor should
follow the manufacturer’s recommendations.  In both methods, it is very important to have good
consolidation in and around the rebar and between the layers.  A vertical shoulder is necessary to
provide lateral restraint when packing or placing the material.  A shoulder will be established at
the perimeter by cutting the concrete with a saw and chipping the interior.  The material shall
meet the shrinkage criteria of 0.05 percent.

Dry packing is a repair method of placing zero-slump, or near zero-slump, concrete or
mortar by ramming it into surface cavities.  Sufficient water should be used to produce a mix that
will stick together while being molded into a ball with the hands and that will not exude water
but will leave the hands damp.  Less water will not make a sound, solid pack, and may result in
excessive shrinkage and failure.

Hand-applied techniques use a non-sag material often with special blends of cement.
Skill of the applicator is important to obtain good consolidation and bond to the substrate.

A bonding agent consisting of either neat cement, cement-sand, or latex-cement-sand
slurry shall be used because dry pack lacks the extra moisture necessary to promote good bond.
Compaction densifies the repair material and provides the necessary contact with the existing
concrete for achieving adequate bond.  The action of the trowel is used in hand placement to
accomplish sound consolidation.  In the dry pack method, a hardwood stick and a hammer is
used.  These sticks are usually 8 to 12 inches long, and are used in preference to metal bars
because the latter tend to polish the surface of each layer and thus make bond less certain and
repair less uniform.  Much of the tamping should be directed at a slight angle and toward the
sides of the cavity to assure maximum compaction in these areas.  Dry pack and hand placement
are usually placed in layers depending on the repair thickness.

Because of the relatively small volume of most repairs and the tendency of old concrete to
absorb moisture from new material, water curing is necessary for the first 72 hours followed
immediately by a sprayed curing compound.



FORM AND PUMP

The form and pump method is the recommended method to place concrete repair
material.  The conventional application of this method has a shortcoming in that the repair
material typically does not completely fill to the top of the form, leaving a small gap at the top.
This crack must be filled.  Options are to inject the crack or to hand pack a cementitious mortar
into a routed out joint.  Alternatively, the repair material can be placed using the pressure pump
method, which fills the form more completely.  Another variation is to prepack the form with a
graded aggregate and then pump a very high slump cementitious slurry.  NFESC recommended
this technique in June 1987 at Camp Courtney, Okinawa, Japan with success (Ref 9).

FORM AND PRESSURE PUMP

The form and pressure pump method was first used by the Navy at Portsmouth Naval
Shipyard in 1983 and 1986.  A site inspection performed in September 1996 showed these
repairs to be in excellent condition.  The repair material is placed into a closed form with a
concrete or grout pump.  The forms are usually single faced and pressurization is achieved with
the power of the pump.  This operation significantly improves the bond between the repair and
the substrate and between the repair material and the embedded steel reinforcement.  It also
allows for a more complete filling of the repair cavity and better consolidation than conventional
methods.  Use of a very low shrinkage repair material with the form and pressure pump
application method is considered the best alternative and therefore it is the recommended
method.

SURFACE PREPARATION AND CONDITIONING

Surface preparation and conditioning is a critical phase of the repair process.  Continuous
and knowledgeable inspection is recommended to assure high quality surface preparation.

The limits of the repair areas should be marked and a decision made on how to "square
up" or combine the adjacent areas to simplify the repair geometry and reduce boundary edge
length.  Excessive or complex edge conditions result in shrinkage stress concentrations and
cracking

Most of the removal work is done by small hand-held chipping hammers because of the
mobility and versatility these tools allow.  In addition, they do the least amount of damage to the
remaining concrete and reinforcement.  Impact hammers in the 15-pound class are recommended.
Impact tools greater than 15-pound hammers can cause cracks in the sound concrete and should
be strictly prohibited.  The chipping hammer provides a very rough surface texture which
improves aggregate interlock at the bonding surface.

The inspector and contractor should be instructed to start chipping a few inches away
from the boundary lines.  After the rebar is exposed it may be necessary to modify the boundary
layout.  Rebar with visible corrosion must be "chased" with the chipping hammer to the point



where no surface corrosion is visible.  Care must be taken to not damage the rebar.  It then may
be necessary to redefine the boundary of the repair area.  Saw cut the perimeter at 90 degrees at
least 1 inch deep.  The depth of removal is determined by the depth of unsound concrete, but
must be at least 1 inch behind the rebar.  When completed, the surface shall be clean, sound, and
with uniform roughness.  After the forms are constructed and prior to placement, the surface
should be "Saturated Surface Dry" (SSD).  Never pump repair material into a form containing
standing water.

FORMS

Forms are typically custom made of wood.  They must be designed to resist the full liquid
load of the repair material plus 15 psi from pressurization of the repair when using the form and
pressure pump method.  The forms need to be secured tightly to the wall to prevent the repair
material from wedging between the form and the face of the wall.  Expansion anchors are
typically used.  The boundary needs to be sealed with urethane or silicone caulking to prevent
leakage of the liquid cement mortar.  Excessive loss of liquid cement mortar results in
honeycombing of the repair material, allowing rapid ingress of salt water to the rebar.

PLACEMENT

Placement of the material is by pump.  The pump must be sized to be compatible with the
materials and size of the repair.  Many types of pumps are available.  For repair sections greater
than 3 inches thick, vibrate the exterior of the form as the concrete is being pumped.  Pumping
will continue until the form is full.  A pressure gauge installed on the supply hose near the form
is monitored carefully.  Care should be exercised to observe and listen to the forms for distinctive
bulging and cracking.  Vents are capped off and the supply valve is closed.  Do not vibrate the
forms after pressurization.  Remove the supply hose.  Allow the material to take an initial set,
about 30 to 60 minutes, then remove the valves and nipples for cleanup.  Leave the forms in
place for as long as practical, a minimum of 48 hours.  Immediately apply a curing compound to
the surface.



SITE VISIT - May 1998 Concrete Repairs Delivery Orders  007 and 0083

Objective

The objective of this section is to document the findings and recommendations of the site
visit performed on 21 May 1998 at Puget Sound Naval Shipyard (PSNSY), Bremerton
Washington, Drydock No. 6.

Scope

The scope of this effort includes:

1. Conduct a site inspection.
2. Recommend testing to access the effectiveness of the concrete repairs.
3. Recommend any rework.
4. Identify any “lessons learned” to be incorporated into the remaining work.
5. Provide an outbrief to PSNSY personnel.
6. Provide a written summary of findings and recommendations.

Contract Documents

The project specifications are the link between the owner’s vision and the construction of
the project.  They provide a written vehicle between the Navy and the contractor to meet the
Navy’s needs. To accomplish this goal, the specifications must be easy to understand and to
implement, therefore, good specifications are fundamental to the projec’s success.
Oversimplification or ambiguity of specifications can lead to confusion, overbidding by the
contractor, and poor quality.

The repair strategy was to use a method known as form and pressure pump.  This method
was pioneered for the Navy at Portsmouth Naval Shipyard in 1980.  The Naval Facilities
Engineering Service Center (NFESC) inspected the form and pressure pump repairs at
Portsmouth in 1996 and found them to be in excellent condition.

Crack repair procedures were modeled from successful crack injection used on Drydock
No. 3 PSNSY in 1994. These repairs have performed very well.

The contract documents are complete and clearly written.  They delineate state-of-the-art
concrete repair procedures using conventional methods and materials.  The repair methods
specified have a track history of being constructable and durable.

Site Inspection

Access to the wall repairs was limited to the areas from the drydock floor to an elevation
of about +7 feet.  In addition, the repairs in the galleries were inspected.  The repairs include four
types:

1. Wall repairs using the form and pressure pump method with Renderoc LA.
2. Surface repairs using the hand-applied method with Fosroc SP25 for small areas.



3. Crack injection using high pressure and mechanical packers using WEBEC 1403.
4.  Application of a penetrating sealer.

Form and Pressure Pump Wall Repairs

The material used for the wall repair was Fosroc Renderoc LA.  No data was found in the
contract files to document that this material passed the required tests for shrinkage per American
Society for Testing and Materials (ASTM) A157 modified.  Independent tests by NFESC, not
related to this investigation, indicated that this material has a very low shrinkage rate of 0.02
percent, which is less than the criteria of 0.05 percent.  The surfaces are cracked more than
expected.

There are several reasons why cracks occur in a concrete repair including:  plastic
shrinkage, drying shrinkage, reflective cracking, changes in temperature and humidity,
disbondment, incorrect placement, improper joints, and inadequate curing. Although the cracks
in these repairs are more frequent than expected by the Navy, they are within the allowable
tolerances for shrinkage and are consistent with typical construction practices.  Moisture was
apparent at the surface of many of the cracks and that is an indicator that the repairs may not last
as long as the Navy expected.

Generally, the form and pump repairs appear to be sound, they “ring” when tapped with a
hammer. Most of the repairs have a random-shaped perimeter.  Core locations were identified to
obtain samples to evaluate the bond and consolidation of the repair material.

Core R1 was taken from the northeast wall, station 15+00E elevation 80 feet.  This core,
like the others taken for this investigation, was 4 inches in diameter and about 10 inches long.
The repair material in core R1 was about 6 inches deep.  Visual examination of core R1 shows a
sound well-consolidated repair that is securely bonded to the concrete substrate.  Core R2 was
taken from the northeast wall, station 15+10E elevation 97 feet.  Core R2 was well consolidated
and broke in half near the interface between the repair and the substrate and the bond appears
adequate.  Core R3 was drilled from the northeast wall, station 14 +40 elevation 77 feet and was
well consolidated and bonded to the substrate.  In addition, the core broke in half about 3 inches
deeper than the repair interface.  At this location, a large lens of sand and water was present.

Most of the form and pump repairs appear to have not been filled correctly.  Reportedly,
the forms were not sufficiently strong and consequently the forms bulged and in some cases blew
out.  Evidence of cement adhered to the wall below the repairs seems to confirm this.  The
projected surface of the repair material from the original surface profile is acceptable from a
durability and performance point of view.  The abrupt edges were ground to transition with the
adjacent surfaces.   These cut surfaces contained very high amounts of entrapped air which is
likely to be very permeable to the ingress of chlorides, water, oxygen, and carbon dioxide; all of
which will shorten the life of the repair. 

The technique used by the contractor to prepare the perimeter was inconsistent.  The
drawings require a 1-inch vertical shoulder at the perimeter.  It appears that the perimeter was not
always cut at 90 degrees to the surface but was chamfered at up to 45 degrees and filled with a
fillet of concrete.  Feather repairs and edges cut at 45 degrees are susceptible to spalling and
several repairs in the southwest corner at about station 5 have already disbonded.

The forms were not filled completely and often a void was left to be filled in multiple
lifts.  Reportedly, the forms were not consistently vented which prevented the material from



filling the forms completely.  The void at the top of the form was filled by hand placement with
Fosroc SP25.  This should not have occurred and, as a result, vastly increased the quantities of
hand-placed materials.  Generally, materials placed by hand will be of lesser quality than
materials placed by the form and pressure pump method.   Therefore, this defect will manifest as
poorer durability for the Navy.

Small Area Repairs by the Hand-Applied Method

The hand-applied method was specified for areas less than 2 square feet. The material
selected for these repairs was Fosroc SP25. In addition, it was used for the areas not properly
filled by the form and pump method.  No documentation of the shrinkage characteristics of
Fosroc SP25 was found in the contract file.  Many of the repairs performed with Fosroc SP25
were tapped with a hammer and sounded “dull.”  Their integrity and bond to the substrate of all
of the SP25 repairs are questionable. Fosroc was contacted to inquire about the shrinkage
properties of Fosroc SP25 and they reported that the product had been discontinued.  One should
question if the product used on Drydock No. 6 was fresh and within acceptable shelf life.
Shrinkage data from Fosroc, using ASTM 157, unmodified, indicates that the material will likely
not conform to the job specifications. Core R4 was taken through the SP25 repair.  The thickness
of the repair in this core was about 4 inches.  The SP25 was completely saturated with water and
unbonded to the substrate.  The repair material acts as if it were a sponge, soaking up water.  In
addition, the core contained a small bolt of unknown origin.  It is recommended that all repairs
done with this product be removed and reworked correctly.

Crack Injection

Procedures for proper crack injection require that cracks greater than 0.020 inches wide
must be sealed with an epoxy crack sealer (03931 section 3.1.1 of the specifications) and smaller
cracks may also require sealing.  "Before a crack can be injected, it must be sealed at the surface
(with a cap) to prevent the resin from escaping.  No problem has frustrated the crack injection
process as much as cap leaking.  If the cap is not installed properly, the consequences are costly.
For the cap to bond properly to the concrete, the surface must be sound, clean and dry.  The cap
must be rigid to keep injection pressures from causing it to quickly blister and rupture or slowly
peel away.  A thick cap, 1/8-inch minimum, 3/16-inch optimum, will stay rigid.   A high-
modulus, 100% solids, moisture-tolerant epoxy is often the resin of choice for capping.  ASTM C
881, Types I and IV, are usually most appropriate." 1

 Core C1 contained resin in a delamination.  The resin did not appear to be bonded adequately
to the concrete. An injection porthole of about 1/2-inch diameter was intersected by the core,
it should have been filled with urethane or cementitious material but was not.

 Core C2 contained an injection porthole that was not filled with resin or concrete.  The core
also contained a delamination that had some resin in it that appeared not to be adequately
bonded to the concrete.

                        
1 Trout, John,  Epoxy Injection in Construction, The Aberdeen Group 1997



 Core C3A was taken through a crack with a cap.   The cap was very thin, about 0.01-inch
thick, and therefore not sufficiently rigid.  The crack had no resin in it.

 Core 5 was taken through a crack which was about 0.02-inch wide.  There was no cap over
the crack.  The crack was not completely filled with resin and the bond of the resin to the
concrete appeared inadequate. There was a delamination at a depth of about 4-inches and
there was some resin in the delamination which was not well adhered.

In summary, pressure crack injection of the walls appeared to be grossly inadequate. Surface
preparation prior to application of the cap appeared to be entirely inadequate.  None of the cracks
appeared to have been sealed correctly with a rigid cap.  None of the injected cracks inspected by
core examinations were satisfactorily repaired. It is recommended that the injected cracks be
completely (100%) reworked, unless that contractor can demonstrate on a case-by-case
examination that the crack has been repaired correctly.

Penetrating Surface Sealer

For penetrating surface sealers to seal the wall from the intrusion of salt water, they must
be applied to a clean surface.  This essential aspect of the work was clearly stated in 07180
section 3.1.2).  No attempt was made by the contractor to clean the surface prior to application of
the sealer.  The contractor should have scraped all of the cement slurry, cleaned off contaminates,
and water blasted.  In addition, no documentation was discovered in the contract file to verify
that the quality assurance requirements stated in 07189 section 1.8 were accomplished.  No tests
were performed to detect the presence of the sealer. The effectiveness of the sealer as applied, if
applied, is probably nearly worthless because the surface was not properly prepared.  This work
should be redone properly.

Recommendations for Rework

Wall Repairs.  Identify edges that are likely to disbond and repair them according to the
specifications with a 1-inch vertical shoulder.  Never permit fillet repairs and featheredges.
Remove all repairs done with Fosroc SP25 and rework correctly.

Cracks.  Rework all (100%) of the cracks to assure that the cracks are completely sealed.

Surface Sealer.  Remove debris, clean and apply the sealer properly.

Recommendations for Remaining Repairs

Preparation.  A vertical shoulder at the perimeter of the repair is necessary to prevent
spalling of the repair at the edges.  This practice was not always followed, it is important to do so
in all future work to avoid spalling at the boundary.

Placement.  Good construction practices for using the form and pressure pump method
are contained in NFESC “Concrete Repair Recommendations and Specifications,” by Douglas F.
Burke, April 1997.  Future work should follow these guidelines. A minimum number of cold



joints between vertical lifts are desirable, 10-foot lifts should be a minimum goal.  The forms
must be filled completely and under 15-psi pressure to assure maximum bond and durability.

Cracks.  Existing cracks that coincide with wall repairs will reflect through the bonded
repair. These cracks must be injected prior to the concrete repairs.

Quality Control.  The literature recommends that strict adherence to quality control is
necessary to assure that good concrete placement practices are followed. The Job Order Contract
must contain necessary quality control requirements to assure that the repairs are accomplished
satisfactorily.  Work to date indicates a lack of attention to quality assurance issues related to
long performance and durability of the repairs.  A review of these procedures is recommended. A
meeting is recommended to discuss the procedures prior to continuation of the repair work.  Prior
to continuation of the work on the head wall, the contractor shall successfully demonstrate to the
Navy a successful method of forming, placing, and curing Renderoc LA using the pressure pump
method.  In addition, methods for crack injection should also be demonstrated. Continuation of
the project should not proceed until all parties have witnessed and approved the procedures.
Completion of the demonstration repair will set the standard for all future work.

Sealers.  Penetrating sealers must be applied after the surface is properly cleaned and the
technical representative has trained the contractor.

Commentary

Repairs.  About half of all concrete repairs fail in the first few years and 99 percent of
those fail due to either the use of inappropriate repair materials or inadequate surface preparation,
or both.  Cracks and disbondment are usually progressive and will continue until the function of
the facility becomes impaired or unsuitable for its intended purpose.  The hydrostatic head
behind the walls will force water through any cracks not repaired in the wall.  Water is very
detrimental to concrete durability.
    

Crack Injection.  Injection of the drydock is likely to require extremely high quantities
(cubic feet) of resin to fill the cracks and the myriad of unknown intersecting voids in the
concrete wall.   When the surface of the crack is sealed, the resin is forced into the cracks and
intersecting voids until all of the spaces are completely filled and enough back pressure develops
to force the material out of the next injection port.  If the crack goes completely through the wall,
then the resin may flow into the backfill.  In the galleries both sides of the crack must be sealed
prior to injection.  The contractor should add an accelerator to the resin so that it sets prior to
flowing out the backside.   The amount of pressure used during injection is also critical and
directly affects the amount of resin that will be used.  This aspect of the project is most difficult
to administer because the contractor is being paid by the linear footage and not by total volume of
resin used. Consequently, a burden is placed on both the contractor and the Navy to work out an
acceptable procedure, depth of penetration, and method of payment.



SITE VISIT - October 1998 Drydock No. 6 Repairs and Inspection at PSNSY

Problem

The Shipyard is concerned about the inconsistent quality of the concrete repairs and
"excessive cracks" in the repairs recently completed on the headwall, phase 3 work order 0157,
Drydock No. 6.

Approach

The Shipyard invited many individuals including the material supplier to visit the site,
observe the work completed, observe a demonstration placement, and to participate in
discussions.  Douglas Burke of NFESC attended on October 22-23, 1998.

Objective

The Shipyard’s objective is the have the contractor (Del-Jen) and the material
manufacturer (Fosroc) discuss modifications to the methods and materials that will result in
future repairs that have fewer cracks.

Headwall Inspection

The repairs at the headwall are complete.  They are large and vary in size from 30 to 217
inches wide by 33 to 215 inches high by 6.5 to 10 inches thick.  During a prior visit in August
1998, it was observed that the deteriorated concrete had been removed completely around the
existing reinforcement, which is at about 12 inches o.c. with about 5 inches of cover to the
surface.  The cementitious repair material used was a prebagged mortar mix was Fosroc Rederoc
LA.  The concrete mortar was placed by the form and pump method about 30 days before this
inspection.  The forms were reportedly removed between 4 and 7 days after concrete placement,
some of the cracks were reportedly visible at that time.  The dock was then flooded and
subsequently dewatered.  On October 10, when the repaired areas were still wet, the cracks were
photographed.  The photos clearly show many cracks.   No photos were made available for this
report.  The crack pattern is representative of differential drying shrinkage.

Cracks were measured on the headwall.  Only the major cracks were visible on the day of
inspection because the wall was dry and dusty.  In contrast, the photographs show many other
cracks that are narrower in width.  The major cracks are about 12 to 20 inches apart in both
directions.  About a dozen cracks in various repairs were measured, their width varied from
0.002 to 0.005 inches.  Acceptable industry standards permit 0.05 percent shrinkage at 30 days.
The permissible crack width over a representative 16-inch crack-to-crack spacing is (0.0005) (16
inches)= 0.008 inches.  This maximum allowable crack width is greater than any of the cracks
measured.  On average, the cracks in the headwall are about 0.02 percent at 30 days, an
acceptable value.



Laboratory Shrinkage Data

Shrinkage tests conducted in the laboratory indicate that this specific repair product will
shrink 0.013 percent in 30 days at 50 percent relative humidity.  These values compare favorably
to the measurements taken on site.

Placement Demonstration

During the demonstration the following important observations were made:

 The water monitoring tube on the mixer was new and marked with duct tape at a level that
corresponded to 3.5 quarts of water per 55 pounds of dry mortar.

 A discarded water monitoring tube was discovered adjacent to the mixing machine.  Duct
tape had been used to mark a setting that was significantly higher than marked on the new
tube.  The old tube was caked with mortar and no longer transparent.

 The concrete substrate had not been flooded with water to saturate the substrate per the
contractor’s written procedures.

 The forms were not watertight.
 The mortar had no coarse aggregate in it.
 No vibration was used on the forms to consolidate the fresh concrete and apparently none is

required because the consistence of the mixture is extremely fluid.
 The delivery hose used to supply fresh mortar from the pump to the form appeared to have a

nominal 1.5-inch diameter and was about 200 to 300 feet long.  This size may be too small to
allow reliable delivery of the mortar from the pump to the form without clogging.

 A fresh concrete mixture of 3.5 quarts per 55 pounds of dry mortar was successfully pumped
through the 1.5-inch hose to the form.

 When the form was filled up 5 feet, an experiment was conducted to slightly reduce the water
content by an unknown amount.  The purpose was to allow for an evaluation of the hardened
concrete to determine if there were fewer cracks associated with the reduced water content.
However, soon after the water was reduced the hose clogged and the experiment terminated.

 No slump measurements were made and apparently there are no quality control procedures
established to document that consistent and high quality concrete is being mixed and
delivered to the forms.

Performance Exceptions

Cracks permit the premature ingress of salt water that will ultimately result in the
deterioration of the concrete and the steel reinforcement.  All of the cracks will continue to
increase in width as the repair material continues to hydrate over the next year.  Consequently,
every effort should be made to reduce crack frequency and width on future repairs.



Differential Drying Shrinkage Cracks

 In general, the degree to which differential drying shrinkage and associated cracking can be
minimized is improved by using a concrete mixture that contains the correct gradation of
aggregates, and a size of coarse aggregate appropriate for the thickness of the repair and the
placement method.  The repair area would shrink less if it contained a coarse aggregate.  The
Renderoc LA does not contain coarse aggregate.  Repairs greater than 4 inches thick should
use a well graded 1-inch minus aggregate conforming to ASTM C33.  Ready mix concrete is
an acceptable substitute to the prebagged material used.

 The substrate surface should be completely saturated with clean water at least 24 hours prior
to placement and then allowed to surface dry (saturated surface dry).

 Ensure that all of the forms remain in place for a minimum of 7 days.  In addition, in hot
conditions it is desirable to keep the forms wet during the entire 7-day curing period to
minimize the water loss from the concrete.  Apply two coats of a curing compound
immediately after form removal.

Conclusions

The cracks in the headwall repairs are due to differential drying shrinkage.  They will
ultimately have an adverse effect on the life expectancy of the repairs and the drydock.  The
crack frequency and widths are within the manufacturer’s and contract specifications.  However,
it is feasible for the contractor in collaboration with the material manufacturer to produce future
repairs that contain fewer cracks. The group discussions and placement demonstration should
provide the contractor and the material representative with sufficient information to allow them
to formulate a procedure for future repair work that will result in repairs that contain fewer and
smaller cracks.
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CHAPTER 11

UNDERWATER CONCRETE INSPECTION AND REPAIRS

The following section contains excerpts from NAVFAC P-990 for underwater
concrete inspection and repairs.  This document is available through Stanley Black,
NFESC, Phone:  805-982-1002; e-mail blacksa@nfesc.navy.mil.
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EXECUTIVE SUMMARY

The State of California is in the process of reviewing and formulating various
design and inspection criteria for waterfront facilities.  The Naval Facilities
Engineering Command (NFESC) was invited to provide input, due to the U.S.
Navy’s experience and expertise.

In this report various commercial criteria are compared to MIL-HDBL-1026/4
“Mooring Design” (draft of 1998) and recommendations are made. This manual
was designed for all classes of ships, including tankers.  The State of California
may want to consider adopting or incorporating this manual into their criteria.

Mooring analyses tools, a U.S. Navy ships’ database, a climate database and a
facilities database are being designed to work with MIL-HDBK-1026/4.  This will
allow the user to quickly and easily perform computations with a minimum of
input.  The State of California may wish to participate in development of these
items.
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MOORING DESIGN AND INSPECTION CRITERIA

By

William N. Seelig, P.E.

1.0 INTRODUCTION

It is vitally important that ships remain safely moored when in port.  A single accident
can result in tens or hundreds of millions of dollars in cost, disastrous environmental
problems and a potentially huge loss of life.  Proper mooring design, construction,
inspection and operation can fortunately minimize the possibility of accidents.
Fortunately, the cost of proper facilities is only a tiny fraction, for example, of the cost of
a single ship and great progress has been made in recent years in improving safety.
For example, computer methods and understanding of mooring technology have
improved design methods.  At the same time many years of practical experience and
successful operation provide valuable insight.

In order to provide safe facilities, the California State Land Commission is in progress of
reviewing facility design and inspection criteria for waterfront facilities.  The goal of this
review is to develop a comprehensive set of commercial standards.

The Naval Facilities Engineering Service Center (NFESC) was invited to participate in
this development, because of NFESC’s expertise and the Navy’s extensive experience
with a wide variety of waterfront facilities.

1.1 PURPOSE

The purpose of this report is to document and make recommendations on mooring
design and inspection criteria.  The Navy has recently completed a draft of “Mooring
Design” MIL-HDBK-1026/4 (Seelig ed. of 1998) that addresses many of the items of
interest.   In this report the Navy standards are compared with various commercial
codes.  Examples are shown that compare the codes and recommendations are made.
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2.0 CRITERIA

Criteria are provided for design and inspection of mooring facilities.  The major
emphasis of the criteria are for ‘fixed’ mooring facilities (i.e. ships at piers and wharves).

2.1 U.S. NAVY CRITERIA

The U.S. Navy owns ships and mooring facilities throughout the world, included
facilities for tankers and similar ships.  In the past, different criteria documents were
provided for ship mooring systems and facilities mooring systems.  However, in 1997-
1998 all the criteria were updated and combined into MIL-HDBK-1026/4 “Mooring
Design” (Seelig, ed. 1998).  This handbook is intended for all classes of ships, including
tankers.  Appendix A includes Sections 3 and 4 of the handbook, which provides
mooring design and inspection criteria, as well as methods for calculating wind and
current forces/moments.

A key development provided in MIL-HDBK-1026/4 is the concept of Mooring Service
Type.  The U.S. Navy provides four types of mooring service, as shown in Table 6
(page 2-5) of Appendix A.  These types of mooring are ranked from lowest to highest
risk of a storm striking with a ship in the mooring.  Design criteria are specified with
each Mooring Service Type to minimize the risk of an accident.

Mooring Service Types I&II take care of cases with a ship moored one month or less,
which is primarily the case at fuel facilities. Design criteria for these types of service are
given in Table 7 (page 2-7) of Appendix A, which are shown in Table 2.1.

The wind criteria for design of this service type range from a 30-second wind speed of
33 knots to a wind with a return interval of R=25 years, up to 75 mph.  MIL-HDBK-
1026/4 uses ASCE 7-97 to specify design wind speeds.  However, ASCE 7-95 also
allows actual wind statistics to be used for site design, if adequate measured wind data
is available for a site.

Water level, current and wave design criteria are shown in Table 2.1.

Locations of U.S. Navy design criteria from Section 3 of MIL-HDBK-1026/4 are given in
Appendix A and locations of key information are given in Table 2.2.

If ships of similar size are moored alongside one another or nearby, then methods in
Appendix A of MIL-HDBK-1026/4 can be used to determine environmental forces and
moments on the ships.
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Table 2.1  FACILITY DESIGN CRITERIA FOR MOORING SERVICE TYPES I&II

MOORING SERVICE
TYPE WIND* CURRENT**

   WATER
LEVEL WAVES

   TYPE I Less than 34 knots 2 knots
or less

mean lower
low to mean
higher high

P=1 or
R=1 yr

   TYPE II P=0.04 (min.)
R=25 yr (min.)

Vw=64 knots (max.)

P=0.04
R=25 yr

extreme
lower low
to mean

higher high

P=1 or
R=1 yr

*Use exposure D (American Society of Civil Engineers (ASCE) 7-95,
Minimum Design Loads for Buildings and Other Structures; flat,
unobstructed area exposed to wind flowing over open water for a
distance of at least 1 mile or 1.61 km) for determining design
wind speeds.  Note that min. = minimum return interval or
probability of exceedence used for design; max. = maximum wind
speed used for design.

**To define the design water depth, use T/d=0.9 for flat keeled
ships; for ships with non-flat hulls, that have sonar domes or
other projections, take the ship draft, T, as the mean depth of
the keel and determine the water depth, d, by adding 0.61 meter
(2 feet) to the maximum navigation draft of the ship.
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Table 2.2  KEY MOORING SERVICE TYPE I CRITERIA

CRITERIA SOURCE* PAGE*

Section 3

Definitions of Mooring Service Types Table 6 2-5

Design criteria Table 7 2-7

Minimum quasi-static factors of safety Table 9 2-10

Ship motion criteria Table 10 2-11 to14

Quasi-static approach Table 11 2-15

Conditions requiring special analyses Table 12 2-18

Design considerations - facilities Table 14 2-25

Mooring operational design considerations Table 18 2-42

Inspections guidelines Table 19 2-43 to 44

Design recommendations Table 20 2-46 to 47

Quasi-static forces and moments on ships Section 4 2-48

   *See Appendix A
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2.2 OCIMF CRITERIA

Oil Companies International Marine Forum (OCIMF) has developed various criteria
specifically intended for tankers.  These include:

Oil Companies International Marine Forum (OCIMF), Mooring Equipment Guidelines,
1nd Edition, 1992.

Oil Companies International Marine Forum (OCIMF), Recommendations for Equipment
Employed in the Mooring of Ships at Single Point Moorings, 3nd Edition, 1993.

Oil Companies International Marine Forum (OCIMF), Prediction of Wind and Current
Loads on VLCCs, 2nd Edition, 1994.

Oil Companies International Marine Forum (OCIMF), Single Point Mooring Maintenance
and Operations Guide, 2nd Edition, 1995.

Note that both the Navy and OCIMF have both recently changed their sign convention
and reference coordinate systems to conform to the standard right-hand-rule and both
use the same system.  Both the Navy and OCIMF use the wind speed at 10 m as a
reference.  The Navy specifies a wind gust with a duration of 30-seconds, while OCIMF
does not address wind gusts, but states “While vessels may respond to wind gusts of
limited duration, the analysis of this subject is beyond the scope of this report.”
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2.3 OTHER CRITERIA

Various other sources address specific criteria.  Some of these references include:

American Petroleum Institute, “Recommended Practice for Planning, Designing, and
Constructing Tension Leg Platforms”, API RP 2T, April 1, 1987.

American Petroleum Institute, “Analysis of Spread Mooring Systems for Floating Drilling
Units”, ANSI/API RP 2P-87, Approved July 12, 1993.

American Petroleum Institute, “Recommended Practice for Design, Analysis, and
Maintenance of Moorings for Floating Production Systems”, ANSI/API RP 2FP1-93,
Approved April 13, 1994.

American Petroleum Institute, “Recommended Practice for Design and Analysis of
Stationkeeping Systems for Floating Structures”, API RP 2SK, 2nd Ed., Mar. 1, 1997.

Permanent International Association of Navigation Congresses, “Report of the
International Commission for Improving the Design of Fender Systems”, Supplement to
Bulletin No. 45, 1984.

Permanent International Association of Navigation Congresses, “Criteria for Movements
of Moored Ships in Harbours; A Practical Guide”, Report of Working Group No. 24 of
the Permanent Technical Committee II, Supplement to Bulletin No. 88, 1995.

These and similar references address various aspects of mooring.  Some of the
references are oriented towards offshore facilities, while others address specific
aspects of a facility.  In MIL-HDBK-1026/4, many references were reviewed and key
items of interest were then considered and incorporated into the handbook.
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3.0 COMPARISONS OF CRITERIA

3.1 GENERAL

MIL-HDBK-1026/4 (draft of 1998) was organized to be a comprehensive manual that
addresses mooring design and inspection.  Extensive U.S. Navy experience, together
with a number of other references, were considered in preparing the manual.  It was
found that many of the other references did not specifically address waterfront ‘fixed’
mooring facilities (i.e. piers and wharfs) as extensively as the Navy methods.
Therefore, portions of these other references were considered and then incorporated
into the Navy manual, if appropriate.

The approach in MIL-HDBK-1026/4 was to use quasi-static methods and indicate
conditions that may require further dynamic analysis.  The handbook was designed to
include almost any class of vessels, including tankers.  A discussion of specific items is
provided below.

Risk

A wind return interval of R=25 years was selected for Mooring Service Type II as
providing reasonable risk.  Facilities offering this type of service are often occupied.
However, these vessels should be ready to go and leave the facility if extreme weather
is predicted.

Factors of Safety

Factors of safety were selected so that mooring lines are the weak link, because lines
are most easily tested and replaced when necessary.  Facilities have slightly higher
factors of safety, because they are designed to last longer and are more difficult to
inspect and replace.  Also, a facility may have a visit by some ship larger than originally
envisioned when the facility was designed.

The design approach selects an extreme event.  Calculations are performed assuming
quasi-static conditions.  Factors of safety are then selected to provide low risk at
reasonable cost.  They help account for typical factors, such as:

 mild dynamics of the system

 material wear

 variability in use

 uncertainty in calculations

 unknown factors



 NFESC TR-6009-OCN             MOORING CRITERIA                                              10

 3.2 COMPARISONS OF FORCES

MIL-HDBK-1026/4 and OCIMF (1994) provide methods for estimating forces and
moments on ships.  Some of the key items concerning these methods are:

MIL-HDBK-1026/4 method:

For any vessel.

Uses 30-second duration wind speed.

Broadside wind drag coefficient considers elevation of hull and superstructure to come
up with an effective drag coefficient.

Broadside current drag coefficient is a function of the hull shape and ratio of draft to
water depth.

Longitudinal current drag is computed for the form, friction and propeller.

General shape functions are provided for wind and current forces/moments.

OCIMF method:

For tankers only.

Wind gust duration not specified.

Separate broadside wind coefficients given for loaded and light vessels.

Longitudinal current coefficient given.

Shape functions are given graphically for selected parameters.  These are sometimes
rather complex.

Selected comparison are shown to compare MIL-HDBK-1026/4 and OCIMF methods.
Tankers are of special interest to the California State Lands Commission, so a 200,000
DWT tanker with principle dimensions given in Table 3.1 is used to illustrate the
computed forces.
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Table 3.1  TYPICAL 200,000 DWT TANKER PARAMETES (after Wichers)

PARAMETER LOADED LIGHT (BALLASTED)

Length between perp. 310 m 310 m

Draft 18.9 m 7.56 m

Width 47.17 m 47.17 m

Disp. Volume 234,994 m2 88,956 m2

End-on Wind Area 1362.4 m2 1897.3 m2

Side Wind Area Hull 3461.4 m2 7095.9 m2

Side Wind Area Super. 922 m2 922 m2

Height of Hull 10.8 m 22.14 m

Height of Superstructure 32.2 m 43.64
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Various force coefficients and forces are compared here to illustrate MIL-HDBK-1026/4
and OCIMF methods.  In this report a drag coefficient is defined as a force divided by
(0.5*density*exposed area*velocity squared).

Figure 3.1 and 3.2  show that longitudinal wind drag coefficients for 0-degrees (OCIMF
Figure 2)  and broadside wind drag coefficients for 90-degrees (OCIMF Figure 3) are
similar to those computed using MIL-HDBK-1026/4.

A direct comparison of longitudinal forces for a 3-knot current shows that OCIMF and
MIL-HDBK-1026 give similar results for a loaded tanker (Figure 3.3).  The MIL-HDBK-
1026/4 method predicts that a significant portion of the drag is due to the skin friction
and propeller drag, so that a lightly loaded tanker has somewhat less current drag
forces.  OCIMF gives an unexpectedly smaller value for a lightly loaded tanker.

A comparison of broadside current drag coefficients shows the MIL-HDBK-1026/4
prediction fit the OCIMF (Figure 10) data very well, as shown in Figure 3.4.

The MIL-HDBK-1026/4 recommended shapes of forces and moments as a function of
direction that are shown for wind in Figure 3.5 and for current in Figure 3.6.  The
OCIMF shape factors are much more complex and vary as a function of a number of
parameters.
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Figure 3.1   WIND DRAG COEFFICIENTS FOR 0-DEGREES
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BOW-ON CURRENT FORCES 200,000 DWT TANKER
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Figure 3.4  BROADSIDE CURRENT DRAG COEFFICIENT
PREDICTED FOR A 200,000 DWT TANKER
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Figure 3.5  WIND FORCE/MOMENT SHAPES
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Figure 3.6   CURRENTFORCE/MOMENT SHAPES
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4.0 DESIGN WIND SPEEDS

Environmental design criteria includes winds, tides, current and waves (if necessary).
Water depths must also be known.  Tides and currents can often be determined from
NOAA records and the U.S. Army Corps of Engineers commonly has dredging records.
Winds are then of special interest.  Mooring Service Type I specifies a 30-second
duration wind speed with a return interval of R=25 years (probability of P=0.04) with a
minimum wind speed of 33 knots.

ASCE 7-95 gives a 3-second R=50 year design wind speed of 85 mph for all of
California.  This can be converted to a 30-second R=25 year design wind speed with
Exposure D (wind flowing over open water for a distance of at least 1 mile or 1.61 km)
to:

85 mph  * 0.87 * 1.086 * 0.93 = 74.68 mph

More localized values of R=25 year 30-second duration wind speed values can be
determined from taking R=50 fastest mile wind speeds from NUREG/CR-4801 and
converting them using methods in ASCE 7-95 for R=25 years, 30-second duration and
Exposure D.  Table 4-1 gives these design wind speeds.  Figures 4-1 and 4-2 show
these design wind speeds in graphical form.
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                 Table 4-1.  R=25 YEAR 30-SECOND EXPOSURE D WIND SPEEDS

Location (mph)
Alameda 61.6
Bakersfield 59.6
Bishop 70.4
Blue Canyon 91.3
Chula Vista/Brown 42.0
Coronodo/North Island 58.6
Edwards 64.5
El Centro 75.2
El Toro 75.2
Fairfield/Travis 65.5
Fresno 50.5
Imperial Beach/Ream 58.6
Inyokern/China Lake 67.5
Lemoore 53.6
Long Beach 65.5
Los Alamitos 51.6
Los Angeles Airport 53.6
Los Angeles City 43.1
Marysville/Bewale 64.5
Merced/Castle 54.6
Monterey 64.5
Mt. Tamalpias 138.8
Mt. Tamalpias 135.1
Oakland 62.6
Oxnard 55.6
Point Mugu 67.5
Point Reyes 112.8
Riverside/March 51.6
Sacramento 69.4
Scramento/Mather 64.5
Scramento/McClellan 72.3
San Bernadrino/Norton 68.4
San Clemente Island 54.6
San Diego 64.5
San Diego/Miramar 51.6
San Francisco City 54.6
San Francisco Airport 72.3
San Jose 52.6
San Nicholas Island 56.6
San Rafael/Hamilton 68.4
Sandberg 98.8
Santa Ana 65.5
Stockton 68.4
Sunnyvale/Moffett 53.6
Vandenberg 55.6
Victorville/George 68.4
Yuma, Arizona 63.6
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Figure 4.1  R=25 YR 30-SEC EXP D DESIGN WIND SPEEDS
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 Figure 4.2  R=25 YR 30-SEC EXP D DESIGN WIND SPEEDS CONT.
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5.0 SUMMARY AND RECOMMENDATIONS

The U.S. Navy is extremely interested in safely mooring ships.  Therefore MIL-HDBK-
1026/4 (draft of 1998) was recently funded.  It is designed to be a comprehensive guide
for design and inspection of mooring facilities.  Many references were consulted in
developing this manual.  This manual was designed for all classes of ships, including
tankers.  The State of California may want to consider adopting or incorporating this
manual into their criteria.

Mooring analyses tools, a U.S. Navy ships’ database, a climate database and a
facilities database are being designed to work with MIL-HDBK-1026/4.  This will allow
the user to quickly and easily perform computations.  The State of California may wish
to participate in development of these items.

Point of contact at this Command is:

Mr. Bill Seelig, P.E.

202-433-2396  fax -5089

seeligwn@nfesc.navy.mil
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APPENDIX B.  SECTIONS 3 AND 4 FROM MIL-HDBK-1026/4

These chapters from the draft military handbook describe design criteria and wind and
current forces/moments.
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Section 3: BASIC DESIGN PROCEDURE

3.1 Design Approach.  Begin the design with specified
parameters and use engineering principles to complete the design.
Types of parameters associated with mooring projects are
summarized in Table 3.  The basic approach to performing mooring
design with the ship known is given in Table 4.

Table 3
Parameters in a Mooring Project

PARAMETER EXAMPLES

1.  Operational Parameters Required ship position,
amount of motion allowed

2.  Ship Configuration Basic ship parameters, such
as length, width, draft,
displacement, wind areas,
mooring fitting locations,
wind/current force, and
moment coefficients

3.  Facility Configuration Facility location, water
depth, dimensions,
locations/type/capacity of
mooring fittings/fenders,
facility condition, facility
overall capacity

4.  Environmental Parameters Wind speed, current speed and
direction, water levels, wave
conditions and possibility of
ice

5.  Mooring Configuration Number/size/type/location of
tension members, fenders,
camels, etc.

6.  Material Properties Stretch/strain
characteristics of the
mooring tension and
compression members
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Table 4

Basic Mooring Design Approach with Known Facility for

a Specific Site and a Specific Ship

STEP NOTES

Define customer(s)
requirements

Define the ship(s) to be moored, the type
of service required, the maximum
allowable ship motions, and situations
under which the ship will leave.

Determine planning
requirements

Define the impact/interaction with other
facilities and operations, evaluate
explosive arcs, determine permit
requirements, establish how the mooring
is to be used, review the budget and
schedule.

Define site and
environmental
parameters

Determine the water depth(s), engineering
soil parameters, design winds, design
currents, design waves, design water
levels, and evaluate access.

Ship
characteristics

Find the engineering characteristics of
the ship(s) including sail areas, drafts,
displacements, ship mooring fittings,
allowable hull pressures, and other
parameters.

Ship forces/moments Determine the forces, moments, and other
key behaviors of the ship(s).

Evaluate mooring
alternatives

Evaluate the alternatives in terms of
safety, risk, cost, constructability,
availability of hardware, impact on the
site, watch circle, compatibility,
maintenance, inspectability, and other
important aspects.

Design Calculations Perform static and/or dynamic analyses
(if required) for mooring performance,
anchor design, fender design, etc
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Table 4
Basic Mooring Design Approach with Known Facility for

a Specific Site and a Specific Ship (Continued)

STEP NOTE

Plans/Specs Prepare plans, specifications, and cost
estimates.

Permits Prepare any required environmental
studies and obtain required permits.

Installation
planning

Prepare instructions for installation,
including safety and environmental
protection plans.

Installation
monitoring

Perform engineering monitoring of the
installation process.

Testing Perform on-site tests of the installed
system, as required, to ensure the
mooring works as designed.  Full-scale
anchor proof tests are recommended.

Documentation Document the design and as-built
conditions with drawings and reports.

Instructions Provide diagrams and instructions to show
the customer how to use and inspect the
mooring.

Inspection Perform periodic inspection/testing of
the mooring to assure it continues to
meet the customer(s) requirements.

Maintenance Perform maintenance as required and
document on as-built drawings.

3.2 General Design Criteria.  General design issues shown
in Table 5 should be addressed during design to help ensure
projects meet customers’ needs.
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Table 5

Design Issues

CRITERIA NOTES

Vessel operating
conditions

Under what conditions will the vessel(s) exit?
What are the operating mission requirements for
the ship?  What is the maximum allowable hull
pressure?

Allowable motions How much ship motion in the six degrees-of-
freedom will be allowable for the moored ship?
This is related to brow positions and use,
utilities, ship loading and unloading
operations, and other requirements.  Note that
most ships have a very high buoyancy force and
moorings should be designed to allow for water
level changes at a site.

User skills Is the user trained and experienced in using the
proposed system?  What is the risk that the
mooring would be improperly used?  Can a design
be formulated for easy and reliable use?

Flexibility How flexible is the design?  Can it provide for
new mission requirements not yet envisioned? Can
it be used with existing facilities/ships?

Constructability Does the design specify readily available
commercial products and is it able to be
installed and/or constructed using standard
techniques, tolerances, etc.?

Cost Are initial and life cycle costs minimized?

Inspection Can the mooring system be readily inspected to
ensure continued good working condition?

Maintenance Can the system be maintained in a cost-effective
manner?

Special
requirements

What special requirements does the customer
have?  Are there any portions of the ship that
cannot come in contact with mooring elements
(e.g., submarine hulls)?
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3.2.1 Mooring Service Types.  There are several types of
standard services that moorings provide for DOD vessels in
harbors.  Therefore, the facilities and ship’s mooring hardware
should accommodate the types of services shown in Table 6.

Table 6
Mooring Service Types

MOORING SERVICE
TYPE

DESCRIPTION

     TYPE I This category covers moorings that are used
for up to 1 month by a vessel that will leave
prior to an approaching tropical hurricane,
typhoon, or flood.  Moorings include
ammunition facilities, fueling facilities,
deperming facilities, and ports of call.  Use
of these moorings is normally selected
concomitant with forecasted weather.

     TYPE II This category covers moorings that are used
for 1 month or more by a vessel that will
leave prior to an approaching tropical
hurricane, typhoon, or flood.  Moorings
include general purpose berthing facilities.

    TYPE III This category covers moorings that are used
for up to 2 years by a vessel that will not
leave prior to an approaching tropical
hurricane or typhoon.  Moorings include
fitting-out, repair, drydocking, and overhaul
berthing facilities. Ships experience this
service approximately every 5 years.
Facilities providing this service are nearly
always occupied.

    TYPE IV This category covers moorings that are used
for 2 years or more by a vessel that will not
leave in case of a hurricane, typhoon, or
flood.  Moorings include inactive, drydock,
ship museum, and training berthing facilities.

3.2.2 Facility Design Criteria for Mooring Service Types.
Mooring facilities should be designed using the site specific
criteria given in Table 7.  Table 7 gives design criteria in
terms of environmental design return intervals, R, and in terms
of probability of exceedence, P, for 1 year of service life, N=1.

3.2.3 Ship Hardware Design Criteria for Mooring Service
Types. Ship mooring hardware needs to be designed to accommodate
various modes of ship operation.  During Type II operation, a
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ship may be moored in relatively high broadside current and get
caught by a sudden storm, such as a thunderstorm.  Type III
mooring during repair may provide the greatest potential of risk,
because the ship is moored for a significant time and cannot get
underway.  During Type IV mooring, the ship should be aligned
with the current, extra padeyes can be welded to the ship hull
for mooring, etc., so special provisions can be made for long-
term storage.  There are several U.S. shipyards where DOD ships
can undergo major repairs.  The area near Norfolk/Portsmouth,
Virginia has the most extreme design criteria, so use conditions
derived from that site for the ship’s hardware design.
Bremerton, Washington, and Pearl Harbor, Hawaii have major U.S.
Navy repair shipyards with lower design winds and currents at
those sites.  Ship mooring hardware environmental design criteria
are given in Table 8.

3.2.4 Strength.  Moorings should be designed and constructed
to safely resist the nominal loads in load combinations defined
herein without exceeding the appropriate allowable stresses for
the mooring components.  Normal wear of materials and inspection
methods and frequency need to be considered.  Due to the probable
chance of simultaneous maximum occurrences of variable loads, no
reduction factors should be used.

3.2.5 Serviceability.  Moorings should be designed to have
adequate stiffness to limit deflections, vibration, or any other
deformations that adversely affect the intended use and
performance of the mooring.  At the same time moorings need to be
flexible enough to provide for load sharing and allow for events,
such as tidal changes.
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Table 7
Facility Design Criteria for Mooring Service Types

MOORING SERVICE
TYPE WIND* CURRENT**

   WATER
LEVEL WAVES

   TYPE I Vw=33 knts(min.)
P=0.04
R=25 yr

Vw=75 mph (max.)

average
max.

current

mean lower
low to mean
higher high

P=1 or
R=1 yr

   TYPE II P=0.02 (min.)
R=50 yr (min.)
Vw=75 mph (max.)

P=0.02
R=50 yr

extreme
lower low
to mean

higher high

P=1 or
R=1 yr

  TYPE III
P=0.02 or
R=50 yr

P=0.02 or

R=50 yr

extreme
lower low
to high

P=0.02
or

R=50 yr

    TYPE IV P=0.01 or

R=100 yr

P=0.01 or

R=100 yr

extreme
water
levels

P=0.01
or

R=100
yr

*Use exposure D (American Society of Civil Engineers (ASCE) 7-95,
Minimum Design Loads for Buildings and Other Structures; flat,
unobstructed area exposed to wind flowing over open water for a
distance of at least 1 mile or 1.61 km) for determining design
wind speeds.  Note that min. = minimum return interval or
probability of exceedence used for design; min. = minimum wind
speed; max. = maximum wind speed used for design.

**To define the design water depth, use T/d=0.9 for flat keeled
ships; for ships with non-flat hulls, that have sonar domes or
other projections, take the ship draft, T, as the mean depth of
the keel and determine the water depth, d, by adding 0.61 meter
(2 feet) to the maximum navigation draft of the ship.
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Table 8
Ship Mooring Hardware Design Criteria

a.  Ship Anchor Systems*

MAXIMUM
WATER DEPTH

MINIMUM
WIND SPEED

MINIMUM
CURRENT
SPEED

CHAIN
FACTOR OF
SAFETY

ANCHOR
HOLDING

FACTOR OF
SAFETY

   240 ft
73 m

70 knots
36.0 m/s

4 knots
2.06 m/s

4.0  1.0

b.  Submarine Anchor Systems*

MAXIMUM
WATER DEPTH

MINIMUM
WIND SPEED

MINIMUM
CURRENT
SPEED

CHAIN
FACTOR OF
SAFETY

ANCHOR
HOLDING

FACTOR OF
SAFETY

   90 ft
27.4 m

70 knots
36.0 m/s

4 knots
2.06 m/s

4.0  1.0

c. Ship Mooring Systems**

CONDITION
MINIMUM WIND

SPEED

MINIMUM
CURRENT
SPEED

MOORING
LINE

FACTOR OF
SAFETY

Normal weather condition
 25 knots
12.9 m/s

1 knot
0.51 m/s

9.0

  Heavy weather condition
 50 knots
25.7 m/s

3 knots
1.54 m/s

3.0

*Quasi-static design assuming wind and current are co-linear for
ship and submarine anchor systems (after NAVSEA DDS-581).
**Quasi-static design assuming current is broadside and wind can
approach from any direction (after NAVSEA DDS-582-1).

3.2.6 General Mooring Integrity.  For multiple-member
moorings, such as for a ship secured to a pier by a number of
lines, the mooring system strongly relies on load sharing among
several members.  If one member is lost, the ship should remained
moored. Therefore, a multiple member mooring design should be
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designed to ensure that remaining members maintain a factor of
safety at least 75 percent of the intact mooring factors of
safety shown in Table 9 with any one member missing.

3.2.7 Quasi-Static Safety Factors.  Table 9 gives recommended
minimum factors of safety for “quasi-static” design based on
material reliability.

3.2.8 Allowable Ship Motions.  Table 10 gives recommended
operational ship motion criteria for moored vessels.  Table 10(a)
gives maximum wave conditions for manned and moored small craft
(Permanent International Association of Navigation Congresses
(PIANC), Criteria for Movements of Moored Ships in Harbors; A
Practical Guide, 1995).  These criteria are based on comfort of
personnel on board a small boat, and are given as a function of
boat length and locally generated.

Table 10(b) gives recommended motion criteria for safe
working conditions for various types of vessels (PIANC, 1995).

Table 10(c) gives recommended velocity criteria and
Table 10(d) and (e) give special criteria.
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Table 9

Minimum Quasi-Static Factors of Safety

COMPONENT
MINIMUM
FACTOR OF
SAFETY

NOTES

Stockless anchor 1.5
For ultimate anchoring system
holding capacity*

High efficiency
drag anchors 2.0

For ultimate anchoring system
holding capacity*

Fixed anchors
(piles and plates) 3.0

For ultimate anchoring system
holding capacity*

Deadweight anchors -
Use only in special cases (see
Naval Civil Engineering
Laboratory (NCEL) Handbook for
Marine Geotechnical Engineering,
1985)

Chain

3.0

4.0

For relatively straight lengths.

For chain around bends.

These factors of safety are for
the new chain break strength.

Wire rope 3.0
For the new wire rope break
strength.

Synthetic line** 3.0 For new line break strength.

Ship bitts *** For ultimate strength.

Pier bollards *** For ultimate strength.

*It is recommended that anchors be pull tested.
**Reduce the effective strength of wet nylon line by 15 percent.

*** For mooring fittings take 3 parts of the largest size of line
used on the fitting; apply a load of: 3.0*(minimum line break
strength)*1.3 to determine actual stresses, act.; design fittings
so ( act./ allow.)<1.0, where allow.is the allowable stress from AISC
and other applicable codes.
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Table 10

Recommended Practical Motion Criteria for Moored Vessels

(a) Safe Wave Height Limits for Moored Manned Small Craft
(after PIANC, 1995)

Beam/Quartering Seas Head Seas

 Ship
Length
(m)

Wave
Period
(sec)

Maximum
Sign Wave
Height,
Hs (m)

Wave
Period
(sec)

Maximum
Sign Wave
Height,
Hs (m)

4 to 10 <2.0 0.20 <2.5 0.20

“ 2.0-4.0 0.10 2.5-4.0 0.15

“ >4.0 0.15 >4.0 0.20

10-16 <3.0 0.25 <3.5 0.30

“ 3.0-5.0 0.15 3.5-5.5 0.20

“ >5.0 0.20 >5.5 0.30

20 <4.0 0.30 <4.5 0.30

“ 4.0-6.0 0.15 4.5-7.0 0.25

“ >6.0 0.25 >7.0 0.30
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Table 10
Recommended Practical Motion Criteria for

Moored Vessels (Continued)

(b) Recommended Motion Criteria for Safe Working Conditions1

(after PIANC, 1995)

 Ship
Type

Cargo Handling
Equipment

Surge
(m)

Sway
(m)

Heave
(m)

Yaw
(o)

Pitch
(o)

Roll
(o)

Fishing
vessels

10-3000
GRT2

Elevator crane

Lift-on/off

Suction pump

0.15

1.0

2.0

0.15

1.0

1.0

-

0.4

-

-

3

-

-

3

-

-

3

-

Freighters
& coasters

<10000 DWT3

Ship’s gear

Quarry cranes

1.0

1.0

1.2

1.2

0.6

0.8

1

2

1

1

2

3

Ferries,
Roll-On/
Roll-Off
(RO/RO)

Side ramp4

Dew/storm ramp

Linkspan

Rail ramp

0.6

0.8

0.4

0.1

0.6

0.6

0.6

0.1

0.6

0.8

0.8

0.4

1

1

3

-

1

1

2

1

2

4

4

1

General
cargo
5000-10000
DWT

- 2.0 1.5 1.0 3 2 5

Container
vessels

100% efficient

50% efficient

1.0

2.0

0.6

1.2

0.8

1.2

1

1.5

1

2

3

6

Bulk
carriers
30000-
150000 DWT

Cranes
Elevator/
bucket-wheel
Conveyor belt

2.0
1.0

5.0

 1.0
0.5

2.5

1.0
1.0

-

  2
2

3

  2
2

-

 6
2

-

Oil
tankers

Loading arms 3.05 3.0 - - - -

Gas
tankers

Loading arms 2.0 2.0 - 2 2 2

Notes for Table 10(b):
1Motions refer to peak-to-peak values (except for sway,
 which is zero-to-peak)
2GRT = Gross Registered Tons expressed as internal volume of ship
 in units of 100 ft3 (2.83 m3)
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3DWT = Dead Weight Tons, which is the total weight of the vessel

 and cargo expressed in long tons (1016 kg) or metric tons

 (1000 kg)
4Ramps equipped with rollers.
5For exposed locations, loading arms usually allow for 5.0-meter
 motion.

Table 10
Recommended Practical Motion Criteria

for Moored Vessels (Continued)

(c) Recommended Velocity Criteria for Safe Mooring Conditions
for Fishing Vessels, Coasters, Freighters, Ferries

and Ro/Ro Vessels (after PIANC, 1995)

 Ship
Size(DWT)

Surge
(m/s)

Sway
(m/s)

Heave
(m/s)

Yaw
(o/s)

Pitch
(o/s)

Roll
(o/s)

1000 0.6 0.6 - 2.0 - 2.0

2000 0.4 0.4 - 1.5 - 1.5

8000 0.3 0.3 - 1.0 - 1.0

(d) Special Criteria for Walkways and Rail Ramps
(after PIANC, 1995)

 Parameter Maximum Value

Vertical velocity 0.2 m/s

Vertical acceleration 0.5 m/s2
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Table 10
Recommended Practical Motion Criteria

for Moored Vessels (Continued)

(e) Special Criteria

CONDITION MAXIMUM
VALUES

NOTES

Heave - Ships will move vertically
with any long period water
level change (tide, storm
surge, flood, etc.).  The
resulting buoyancy forces
may be high, so the mooring
must be designed to provide
for these motions due to
long period water level
changes.

Loading/unloading
preposition ships

  0.6 m
(2 feet)

Maximum ramp motion during
loading/unloading moving
wheeled vehicles.

Weapons
loading/unloading

  0.6 m
(2 feet)

Maximum motion between the
crane and the object being
loaded/unloaded.
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3.3 Design Methods

3.3.1 Quasi-Static Design.  Practical experience has shown
that in many situations such as for Mooring Service Types I and
II, static analysis tools can be used to reliably determine
mooring designs in harbors.  Winds are a key forcing factor in
mooring harbors.  Winds can be highly dynamic in heavy weather
conditions.  However, practical experience has shown that for
typical DOD ships, a wind speed with a duration of 30 seconds can
be used, together with static tools, to develop safe mooring
designs.  The use of the 30-second duration wind speed with
static tools and the approach shown in Table 11 is called “quasi-
static” design.

Table 11
Quasi-Static Design Notes

CRITERIA NOTES

Wind speed Determine for the selected return
interval, R. For typical ships use the
wind that has a duration of 30 seconds
at an elevation of 10 m.

Wind direction Assume the wind can come from any
direction except in cases where wind
data show extreme winds occur in a
window of directions.

Current speed Use conditions for the site (speed and
direction).

Water levels Use the range for the site.

Waves Neglected.  If waves are believed to be
important, then dynamic analyses are
recommended.

Factors of safety Perform the design using quasi-static
forces and moments (see Section 4),
minimum factors of safety in Table 9,
and design to assure that all criteria
are met.
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3.3.2 Dynamic Mooring Analysis.  Conditions during Mooring
Service Types III and IV, and during extreme events can be highly
dynamic.  Unfortunately, the dynamic behavior of a moored ship in
shallow water can be highly complex, so dynamics cannot be fully
documented in this handbook.  An introduction to dynamics is
provided in Section 8.  Information on dynamics is found in:
Dynamic Analysis of Moored Floating Drydocks, Headland et. al.
(1989); Advanced Dynamics of Marine Structures, Hooft (1982);
Hydrodynamic Analysis and Computer Simulation Applied to Ship
Interaction During Maneuvering in Shallow Channels,
Kizakkevariath (1989); David Taylor Research Center (DTRC), SPD-
0936-01, User’s Manual for the Standard Ship Motion Program,
SMP81; Low Frequency Second Order Wave Exciting Forces on
Floating Structures, Pinkster (1982); Mooring Dynamics Due to
Wind Gust Fronts, Seelig and Headland (1998); and A Simulation
Model for a Single Point Moored Tanker, Wichers (1988). Some
conditions when mooring dynamics may be important to design or
when specialized considerations need to be made are given in
Table 12.

3.4 Risk.  Risk is a concept that is often used to design
facilities, because the probability of occurrence of extreme
events (currents, waves, tides, storm surge, earthquakes, etc.)
is strongly site dependent.  Risk is used to ensure that systems
are reliable, practical, and economical.

A common way to describe risk is the concept of ‘return
interval’, which is the mean length of time between events.  For
example, if the wind speed with a return interval of R = 100
years is given for a site, this wind speed would be expected to
occur, on the average, once every 100 years.  However, since wind
speeds are probabilistic, the specified 100-year wind speed might
not occur at all in any 100-year period.  Or, in any 100-year
period the wind speed may be equal to or exceed the specified
wind speed multiple times.
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The probability or risk that an event will be equaled
or exceeded one or more times during any given interval is
determined from:

EQUATION: P =  100%*(1- (1-1/ R) )N (1)

where

 P  =   probability, in percent, of an event
 being equaled or exceeded one or more
 times in a specified interval

 R  =   return interval (years)
   N =   service life (years)

Figure 15 shows risk versus years on station for
various selected values of return interval.  For example, take a
ship that is on station at a site for 20 years (N=20).  There is
a P=18.2 percent probability that an event with a return interval
of R=100 years or greater will occur one or more times at a site
in a 20-year interval.
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Table 12
Conditions Requiring Special Analysis

FACTOR SPECIAL ANALYSIS REQUIRED

Wind > 45 mph for small craft

> 75 mph for larger vessels

Wind waves > 1.5 ft for small craft

> 4 ft for larger vessels

Wind gust fronts Yes for SPMs

Current > 3 knots

Ship waves and passing ship effects Yes for special cases (see
Kizakkevariath, 1989; Occasion,

1996; Weggel and Sorensen, 1984 &
1986)

Long waves (seiches and tidal waves
or tsunamis)

Yes

Berthing and using mooring as a break Yes (see MIL-HDBK-1025/1)

Parting tension member May be static or dynamic

Ship impact or other sudden force on
the ship

Yes (if directed)

Earthquakes (spud moored or stiff
systems)

Yes

Explosion, landslide, impact Yes (if directed)

Tornado (reference NUREG 1974) Yes

Flood, sudden water level rise Yes (if directed)

Ice forcing Yes (if a factor)

Ship/mooring system dynamically
unstable (e.g., SPM)

Yes (dynamic behavior of ships at
SPMs can be especially complex)

Forcing period near a natural period
of the mooring system

Yes; if the forcing period is
from 80% to 120% of a system

natural period

 Note:  SPM = single point mooring
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Figure 15

                                                           Risk Diagram
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3.5 Coordinate Systems.  The various coordinate systems
used for ships and mooring design are described below.

3.5.1 Ship Design/Construction Coordinates.  A forward
perpendicular point (FP), aft perpendicular point (AP), and
regular spaced frames along the longitudinal axes of the ship are
used to define stations.  The bottom of the ship keel is usually
used as the reference point or “baseline” for vertical distances.
Figure 16 illustrates ship design coordinates.

3.5.2 Ship Hydrostatics/Hydrodynamics Coordinates.  The
forward perpendicular is taken as Station 0, the aft
perpendicular is taken as Station 20, and various cross-sections
of the ship hull (perpendicular to the longitudinal axis of the
ship) are used to describe the shape of the ship hull. Figure 16
illustrates ship hydrostatic conventions.

3.5.3 Local Mooring Coordinate System.  Environmental forces
on ships are a function of angle relative to the vessel’s
longitudinal centerline.  Also, a ship tends to move about its
center of gravity.  Therefore, the local “right-hand-rule”
coordinate system, shown in Figure 17, is used in this handbook.
The midship’s point is shown as a convenient reference point in
Figures 17 and 18.

3.5.4 Global Coordinate System.  Plane state grids or other
systems are often used to describe x and y coordinates.  The
vertical datum is most often taken as relative to some water
level, such as mean lower low water (MLLW).
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Figure 16

Ship Design and Hydrostatic Coordinates
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Figure 17
Local Mooring Coordinate System for a Ship
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Figure 18
Local Mooring Coordinate System for a Ship
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3.6 Vessel Design Considerations.  Some important vessel
mooring design considerations are summarized in Table 13.

Table 13
Design Considerations - Ship

PARAMETER NOTES

Ship fittings The type, capacity, location, and
number of mooring fittings on the ship
are critical in designing moorings.

Ship hardware The type, capacity, location, and
number of other mooring hardware
(chain, anchors, winches, etc.) on the
ship are critical.

Buoyancy The ship’s buoyancy supports the ship
up in the heave, pitch, and roll
directions.  Therefore, it is usually
undesirable to have much mooring
capacity in these directions.  A large
ship, for example, may have over a
million pounds of buoyancy for a foot
of water level rise. If an unusually
large water level rise occurs for a
mooring with a large component of the
mooring force in the vertical
direction, this could result in
mooring failure.

Hull pressures Ships are designed so that only a
certain allowable pressure can be
safely resisted.  Allowable hull
pressures and fender design are
discussed in Appendix B.
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3.7 Facility Design Considerations.  Some important
facility mooring design considerations are summarized in Table
14.

Table 14
Design Considerations - Facility

PARAMETER NOTES

Access
Adequate ship access in terms of
channels, turning basins, bridge
clearance, etc. needs to be
provided. Also, tugs and pilots
must be available.

Mooring fittings
The number, type, location and
capacity of mooring fittings or
attachment point have to meet the
needs of all vessels using the
facility.

Fenders
The number, type, location, and
properties of marine fenders must
be specified to protect the
ship(s) and facility.

Water depth
The water depth at the mooring
site must be adequate to meet the
customer’s needs.

Shoaling
Many harbor sites experience
shoaling. The shoaling and
possible need for dredging needs
to be considered.

Permits
Permits (Federal, state,
environmental, historical, etc.)
are often required for facilities
and they need to be considered.

3.8 Environmental Forcing Design Considerations.
Environmental forces acting on a moored ship(s) can be complex.
Winds, currents, water levels, and waves are especially important
for many designs.

3.8.1 Winds.  A change in pressure from one point on the
earth to another causes the wind to blow.  Turbulence is carried
along with the overall wind flow to produce wind gusts.  If the
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mean wind speed and direction do not change very rapidly with
time, the winds are referred to as “stationary.”

Practical experience has shown that wind gusts with a
duration of approximately 30 seconds or longer have a significant
influence on typical moored ships with displacements of about
1000 tons or larger.  Vessels with shorter natural periods can
respond to shorter duration gusts. For the purposes of this
handbook, a 30-second wind duration at a 10-meter (33-foot)
elevation is recommended for the design for “stationary” winds.
The relationship of the 30-second wind to other wind durations is
shown in Figure 19.

If wind speed and/or direction changes rapidly, such as
in a wind gust front, hurricane or tornado, then winds are “non-
stationary”.  Figure 20, for example, shows a recording from
typhoon OMAR on Guam.  The eye of this storm went over the
recording site.  The upper portion of this figure shows the wind
speed and the lower portion of the figure is the wind direction.
Time on the chart recorder proceeds from right to left.  This
hurricane had rapid changes in wind speed and direction.  As the
eye passes there is also a large scale change in wind speed and
direction.
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Figure 19
Ratio of Wind Speeds for Various Gusts

(after ASCE 7-95)
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WIND SPEED

‘EYE’

               TIME

1 hour

WIND DIRECTION

Figure 20
Typhoon OMAR Wind Chart Recording
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3.8.2 Wind Gust Fronts.  A particularly dangerous wind
condition that has caused a number of mooring accidents is the
wind gust front (Mooring Dynamics Due to Wind Gust Fronts, Seelig
and Headland, 1998 and CHESNAVFACENGCOM, FPO-1-87(1), Failure
Analysis of Hawsers on BOBO Class MSC Ships at Tinian on 7
December 1986).  This is a sudden change in wind speed that is
usually associated with a change in wind direction (Wind Effects
on Structures, Simiu and Scanlan, 1996).  The key problems with
this phenomena are:  (1) high mooring dynamic loads can be
produced in a wind gust front, (2) there is often little warning,
(3) little is known about wind gust fronts, and (4) no design
criteria for these events have been established.

A study of Guam Agana National Air Station (NAS) wind
records was performed to obtain some statistics of wind gust
fronts (National Climatic Data Center (NCDC), Letter Report
E/CC31:MJC, 1987).  The 4.5 years of records analyzed from 1982
through 1986 showed approximately 500 cases of sudden wind speed
change, which were associated with a shift in wind direction.
These wind shifts predominately occurred in 1 minute or less and
never took longer than 2 minutes to reach maximum wind speed.
Figure 21 shows sudden changes in wind speed and direction that
occurred over a 2-1/2 day period in October 1982. These wind gust
fronts seemed to be associated with a nearby typhoon.

Table 15 gives the joint distribution of wind shifts in
terms of the amount the increase in wind speed and the wind
direction change.  Approximately 60 percent of the wind gust
fronts from 1982 through 1986 had wind direction changes in the
30-degree range, as shown in Figure 22.
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Based on the Guam observations, the initial wind speed
in a wind gust front ranges from 0 to 75 percent of the maximum
wind speed, as shown in Figure 23.  On the average, the initial
wind speed was 48 percent of the maximum in the 4.5-year sample
from Guam (NCDC, 1987).

Simiu and Scanlan (1996) report wind gust front
increases in wind speed ranging from 3 m/sec to 30 m/sec (i.e., 6
to 60 knots).  Figure 24 shows the distribution of gust front
winds from the 4.5-year sample from 1982 through 1986 on Guam.
This figure shows the probability of exceedence on the x-axis in
a logarithmic format.  The square of the wind gust front speed
maximums was plotted on the y-axis, since wind force is
proportional to wind speed squared.  Figure 24 provides a sample
of the maximum wind gust front distribution for a relatively
short period at one site.  Those wind gust fronts that occurred
when a typhoon was nearby are identified with an “H”.  It can be
seen that the majority of the higher gust front maximums were
associated with typhoons.  Also, the typhoon gust front wind
speed maxima seem to follow a different distribution that the
gust front maxima associated with rain and thunderstorms (see
Figure 24).

Effects of winds and wind gusts are shown in the
examples in Section 8 of this handbook.
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Sample Wind Gust Fronts on Guam, 2-4 October 1982
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Table 15.  Sample Distribution of Wind Gust Fronts
on Guam (Agana NAS) from 1982 to 1986

NUMBER OF OBSERVATIONS
    WIND SPEED CHANGE    WIND DIRECTION CHANGE
       (knots)          (m/s)

MIN. MAX. MIN. MAX. 20 30 40 50 60 70 80 90
deg deg deg deg deg deg deg deg

6 10 3.1 5.1 28 241 66 30 4 2

11 15 5.7 7.7 8 42 18 13 5 3 1 1

16 20 8.2 10.3 6 7 3 2 2

21 25 10.8 12.9 3 2 1

26 30 13.4 15.4 1
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Figure 22
Distribution of Guam Wind Gust Front Wind Angle Changes
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Figure 23
Initial Versus Maximum Wind Speeds for Wind Gust Fronts
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Figure 24

Wind Gust Front Maxima on Guam 1982-1986
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3.8.3 Storms.  Table 16 gives environmental parameters for
standard storms.

Table 16
Storm Parameters

(a) Tropical Storms

                        LOWER WIND SPEED      UPPER WIND SPEED

STORM (m/s) (mph) (knts) (m/s) (mph) (knts)

TROPICAL
DEPRESSION

10.3 23 20 17 38 33

TROPICAL STORM 18.0 40 35 32.4 74 63

HURRICANE 33.1 74 64 - - -

(b) Saffier-Simpson Hurricane Scale

             WIND SPEED RANGE       OPEN COAST STORM SURGE RANGE
            LOWER         UPPER          LOWER         UPPER

CATE-
GORY

(m/s) (mph) (m/s) (mph) (m) (ft) (m) (ft)

1 33.1 74 42.5 95 1.22 4 1.52 5

2 42.9 96 49.2 110 1.83 6 2.44 8

3 49.6 111 58.1 130 2.74 9 3.66 12

4 58.6 131 69.3 155 3.96 13 5.49 18

5 69.3 155 - - 5.49 18 - -
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Table 16
Storm Parameters (Continued)

(c) Beaufort Wind Force*

                       LOWER WIND SPEED      UPPER WIND SPEED

BEAUFORT WIND
FORCE/
DESCRIPTION

(m/s) (mph) (knts) (m/s) (mph) (knts)

0 CALM 0.0 0 0 0.5 1 1

1 LIGHT AIRS 0.5 1 1 1.5 4 3

2 LIGHT BREEZE 2.1 5 4 3.1 7 6

3 GENTLE GREEZE 3.6 8 7 5.1 12 10

4 MODERATE BREEZE 5.7 13 11 8.2 18 16

5 FRESH BREEZE 8.8 20 17 10.8 24 21

6 STRONG BREEZE 11.3 25 22 13.9 31 27

7 MODERATE GALE 14.4 32 28 17.0 38 33

8 FRESH GALE 17.5 39 34 20.6 46 40

9 STRONG GALE 21.1 47 41 24.2 54 47

10 WHOLE GALE 24.7 55 48 28.3 63 55

11 STORM 28.8 65 56 32.4 73 63

12 HURRICANE 32.9 74 64 36.6 82 71

*After Handbook of Ocean and Underwater Engineers,
 Myers et al. (1969).
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Table 16
Storm Parameters (Continued)

(d) World Meteorological Organization Sea State Scale

SEA STATE

Sign. Wave Height

(ft) [m]

Sustained Wind
Speed

(knts) [m/s]

Modal
Wave

Period
Range
(sec)

0 CALM/GLASSY NONE NONE -

1 RIPPLED 0-0.3 [0-0.1] 0-6 [0-3] -

2 SMOOTH 0.3-1.6 [0.1-0.5] 7-10 [3.6-5.1] 3-15

3 SLIGHT 1.6-4.1 [0.5-1.2] 11-16 [5.7-8.2] 3-15.5

4 MODERATE 4.1-8.2 [1.2-2.5] 17-21 [8.7-10.8] 6-16

5 ROUGH 8.2-13.1 [2.5-4.0] 22-27 [11.3-13.9] 7-16.5

6 VERY ROUGH 13.1-19.7 [4.0-6.0] 28-47 [14.4-24.2] 9-17

7 HIGH 19.7-29.5 [6.0-9.0] 48-55 [24.7-28.3] 10-18

8 VERY HIGH 29.5-45.5[9.0-13.9] 56-63 [28.8-32.4] 13-19

9 PHENOMENAL >45.5 [>13.9] >63 [>32.4] 18-24
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3.8.4 Currents.  The magnitude and direction of currents in
harbors and nearshore areas are in most cases a function of
location and time.  Astronomical tides, river discharges, wind-
driven currents, and other factors can influence currents.  For
example, wind-driven currents are surface currents that result
from the stress exerted by the wind on the sea surface.  Wind-
driven currents generally attain a mean velocity of about 3 to 5
percent of the mean wind speed at 10 meters (33 feet) above the
sea surface.  The magnitude of this current strongly decreases
with depth.

Currents can be very site specific, so it is
recommended that currents be measured at the design site and
combined with other information available to define the design
current conditions.

3.8.5 Water Levels.  At most sites some standard datum, such
as mean low water (MLW) or mean lower low water (MLLW), is
established by formal methods.  Water levels are then referenced
to this datum.  The water level in most harbors is then a
function of time.  Factors influencing water levels include
astronomical tides, storm surges, river discharges, winds,
seiches, and other factors.

The design range in water levels at the site must be
considered in the design process.

3.8.6 Waves.  Most DOD moorings are wisely located in harbors
to help minimize wave effects.  However, waves can be important
to mooring designs in some cases.  The two primary wave
categories of interest are:

a)  Wind waves.  Wind waves can be locally generated or
can be wind waves or swell entering the harbor entrance(s).
Small vessels are especially susceptible to wind waves.

b)  Long waves.  These can be due to surf beat, harbor
seiching, or other effects.
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Ship waves may be important in some cases.  The
response of a moored vessel to wave forcing includes:

a)  A steady mean force.

b)  First order response, where the vessel responds to
each wave, and

c)  Second order response, where some natural long
period mode of ship/mooring motion, which usually has little
damping, is forced by the group or other nature of the waves.

If any of these effects are important to a given
mooring design, then a six-degree-of-freedom dynamic of the
system generally needs to be considered in design.  Some guidance
on safe wave limits is given in Table 9

3.8.7 Water Depths.  The bathymetry of a site may be complex,
depending on the geology and history of dredging.  Water depth
may also be a function of time, if there is shoaling or scouring.
Water depths are highly site specific, so hydrographic surveys of
the project site are recommended.

3.8.8 Environmental Design Information.  Some sources of
environmental design information of interest to mooring designers
are summarized in Table 17.
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Table 17
Some Sources of Environmental Design Information

a. Winds

NAVFAC Climate Database, 1998

ANSI/ASCE 7-95 (1996)

National Bureau of Standards (NBS), Series 124, Hurricane
Wind Speeds in the United States, 1980

Nuclear Regulatory Commission (NUREG), NUREG/CR-2639,
Historical Extreme Winds for the United States – Atlantic
and Gulf of Mexico Coastlines, 1982

Hurricane and typhoon havens handbooks, NRL (1996) and
NEPRF (1982)

NUREG/CR-4801, Climatology of Extreme Winds in Southern
California, 1987

NBS Series 118, Extreme Wind Speeds at 129 Stations in the
Contiguous United States, 1979

b. Currents

NAVFAC Climate Database, 1998

National Ocean Survey records

Nautical Software, Tides and Currents for Windows, 1995

U.S. Army Corps of Engineers records
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Table 17
Some Sources of Environmental Design Information (Continued)

c. Water Levels

NAVFAC Climate Database, 1998

Federal Emergency Management Agency records

U.S. Army Corps of Engineers, Special Report No. 7, Tides
and Tidal Datums in the United States, 1981

National Ocean Survey records

Hurricane and typhoon havens handbooks, NRL (1996) and
NEPRF (1982)

Nautical Software (1995)

U.S. Army Corps of Engineers records

d. Waves

Hurricane and typhoon havens handbooks, NRL (1996) and
NEPRF (1982)

U.S. Army Corps of Engineers, Shore Protection Manual
(1984) gives prediction methods

e. Bathymetry

From other projects in the area

National Ocean Survey charts and surveys

U.S. Army Corps of Engineers dredging records
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3.9 Operational Considerations.  Some important operational
design considerations are summarized in Table 18.

Table 18
Mooring Operational Design Considerations

PARAMETER NOTES

Personnel
experience/
training

What is the skill of the people using
the mooring?

Failure What are the consequences of failure?
Are there any design features that can
be incorporated that can reduce the
impact?

Ease of use How easy is the mooring to use and are
there factors that can make it easier
to use?

Safety Can features be incorporated to make
the mooring safer for the ship and
personnel?

Act-of-God events Extreme events can occur unexpectedly.
Can features be incorporated to
accommodate them?

Future use Future customer requirements may vary
from present needs.  Are there things
that can be done to make a mooring
facility more universal?
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3.10 Inspection.  Mooring systems and components should be
inspected periodically to ensure they are in good working order
and are safe.  Table 19 gives inspection guidelines.

Table 19
Inspection Guidelines

MOORING SYSTEM
OR COMPONENT

MAXIMUM
INSPECTION
INTERVAL

NOTES

Piers and
wharves

1 year

 3 years

6 years

Surface inspection

Complete inspection - wood
structures

Complete inspection - concrete
and steel structures

See NAVFAC MO-104.2,
Specialized Underwater
Waterfront Facilities
Inspections; If the actual
capacity/condition of mooring
fittings on a pier/wharf is
unknown, then pull tests are
recommended to proof the
fittings.

Fleet Moorings 3 years See CHESNAVFACENGCOM, FPO-1-
84(6), Fleet Mooring Underwater
Inspection Guidelines.  Also
inspect and replace anodes, if
required.  More frequent
inspection may be required for
moorings at exposed sites or
for critical facilities.

Synthetic line 6 months Per manufacturer’s
recommendations
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Table 19
Inspection Guidelines (Continued)

MOORING SYSTEM
OR COMPONENT

MAXIMUM
INSPECTION
INTERVAL

NOTES

Ship’s chain 36 months

24 months

18 months

0-3 years of service

4-10 years of service

>10 years of service

(American Petroleum Institute
(API) RP 2T, Recommended
Practice for Planning,
Designing, and Constructing
Tension Leg Platforms)

Wire rope 18 months

12 months

9 months

0-2 years of service

3-5 years of service

>5 years of service

(API RP 2T)

3.11 Maintenance.  If excessive wear or damage occurs to a
mooring system, then it must be maintained. Fleet mooring chain,
for example, is allowed to wear to a diameter of 90 percent of
the original steel bar diameter.  As measured diameters approach
90 percent, then maintenance is scheduled.  Moorings with 80 to
90 percent of the original chain diameter are restricted to
limited use.  If a chain diameter reaches a bar diameter of 80
percent of the original diameter, then the mooring is condemned.
Figure 25 illustrates some idealized models of chain wear

3.12 General Mooring Guidelines.  Experience and practical
considerations show that the recommendations given in Table 20
will help ensure safe mooring.  These ideas apply to both ship
mooring hardware and mooring facilities.
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Figure 25
Idealized Models of Chain Wear
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Table 20
Design Recommendations

IDEA NOTES

Allow ship to move
with rising and
falling water
levels

The weight and buoyancy forces of ships can
be very high, so it is most practical to
design moorings to allow ships to move in
the vertical direction with changing water
levels.  The design range of water levels
for a specific site should be determined in
the design process.

Ensure mooring
system components
have similar
strength

A system is only as strong as its weakest
segment; a system with components of
similar strength can be the most
economical.  Mooring lines should not have
a break strength greater than the capacity
of the fittings they use.

Ensure load
sharing

In some moorings, such as at a pier, many
lines are involved.  Ensuring that members
will share the load results in the most
economical system.

Bridle design In cases where a ship is moored to a single
point mooring buoy with a bridle, ensure
that each leg of the bridle can withstand
the full mooring load, because one member
may take the full load as the vessel
swings.

Provide shock
absorbing in
mooring systems

Wind gusts, waves, passing ships, etc.,
will produce transient forces on a moored
ship.  Allowing some motion of the ship
will reduce the dynamic loads.  ‘Shock
absorbers’ including marine fenders, timber
piles, synthetic lines with stretch, chain
catenaries, sinkers, and similar systems
are recommended to allow a moored ship to
move in a controlled manner.
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Table 20
Design Recommendations (Continued)

IDEA NOTES

Limit the vertical
angles of lines
from ship to pier

Designing ships and piers to keep small
vertical line angles has the advantages of
improving line efficiency and reducing the
possibility of lines pulling off pier
fittings.

Select drag
anchors to have a
lower ultimate
holding capacity
than the breaking
strength of chain
and fittings

Design mooring system that uses drag
anchor, so that the anchor will drag before
the chain breaks.

Limit the loading
on drag anchors to
horizontal tension

Drag anchors work on the principle of
‘plowing’ into the soils.  Keeping the
mooring catenary angle small at the
seafloor will aid in anchor holding. Have
at least one shot of chain on the seafloor
to help ensure the anchor will hold.

Pull test anchors
whenever possible
to the full design
load

Pull testing anchors is recommended to
ensure that all facilities with anchors
provide the required holding capacity.
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Section 4: STATIC ENVIRONMENTAL FORCES AND MOMENTS ON VESSELS

4.1 Scope.  In this section design methods are presented
for calculating static forces and moments on single and multiple
moored vessels.  Examples show calculation methods.

4.2 Engineering Properties of Water and Air.  The effects
of water and air at the surface of the earth are of primary
interest in this section.  The engineering properties of both are
given in Table 21.

Table 21
Engineering Properties of Air and Water

(a)  Standard Salt Water
at Sea Level at 15oC (59oF)

PROPERTY SI SYSTEM ENGLISH SYSTEM

Mass density, w 1026 kg/m3 1.9905 slug/ft3

Weight density, w 10060 newton/m3 64.043 lbf/ft3

Volume per long ton (LT) 0.9904 m3/LT 34.977 ft3/LT

Kinematic viscosity, 1.191E-6 m2/sec 1.2817E-5 ft2/sec

(b)  Standard Fresh Water
at Sea Level at 15oC (59oF)

PROPERTY SI SYSTEM ENGLISH OR
INCH-POUND SYSTEM

Mass density, w 999.0 kg/m3 1.9384 slug/ft3

Weight density, w 9797 newton/m3 62.366 lbf/ft3

Volume per long ton (LT) 1.0171 m3/LT 35.917 ft3/LT

Volume per metric ton
(ton or 1000 kg or 1 Mg)

1.001 m3/ton 35.3497 ft3/ton

Kinematic viscosity, 1.141E-6 m2/sec 1.2285E-5 ft2/sec
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Table 21
Engineering Properties of Air and Water (Continued)

(c)  Air
at Sea Level at 20oC (68oF)*

PROPERTY SI SYSTEM ENGLISH OR
INCH-POUND SYSTEM

Mass density, a 1.221 kg/m3 0.00237 slug/ft3

Weight density, a 11.978 newton/m3 0.07625 lbf/ft3

Kinematic viscosity, 1.50E-5 m2/sec 1.615E-4 ft2/sec

* Note that humidity and even heavy rain has relatively
  little effect on the engineering properties of air (personal
  communication with the National Weather Service, 1996)

4.3 Principal Coordinate Directions.  There are three
primary axes for a ship:

X  -  Direction parallel with the ship’s longitudinal

      axis

Y  -  Direction perpendicular to a vertical plane
 through the ship’s longitudinal axis

Z  -  Direction perpendicular to a plane formed by the
 “X” and “Y” axes

There are six principal coordinate directions for a
ship:

Surge  -  In the “X”-direction
Sway   -  In the “Y”-direction
Heave  -  In the “Z”-direction
Roll   -  Angular about the “X”-axis
Pitch  -  Angular about the “Y”-axis
Yaw    -  Angular about the “Z”-axis
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Of primary interest are:  (1) forces in the surge and
sway directions in the “X-Y” plane, and (2) moment in the yaw
direction about the “Z”-axis.  Ship motions occur about the
center of gravity of the ship.

4.4 Static Wind Forces/Moments.  Static wind forces and
moments on stationary moored vessels are computed in this
section. Figure 26 shows the definition of some of the terms used
in this section.  Figure 27 shows the local coordinate system.

4.4.1 Static Transverse Wind Force. The static transverse
wind force is defined as that component of force perpendicular to
the vessel centerline.  In the local ship coordinate system, this
is the force in the “Y” or sway direction.  Transverse wind force
is determined from the equation:

EQUATION: { }Fyw a w
2

y yw yw w =  0.5   V   A  C  fρ θ    (2)

where

Fyw  =  transverse wind force (newtons)

ρ a   = mass density of air (from Table 20)

V  =w wind speed (m/s)

A  =y longitudinal projected area of the ship (m2)

C  =yw transverse wind force drag coefficient

{ }f  =yw wθ shape function for transverse force

θ w  = wind angle (degrees)
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                                                              Figure 26

Definition of Terms
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θW or
θC

Note:  “Z” is the vert ical
dimension out of the plane.
Typical vert ical datums are
either the ship keel or water
surface level.

Plan View

 X

 Y

 M

Wind &  Current
Direct ion and

Angle of Attack

Figure 27
Local Coordinate System for a Ship
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The transverse wind force drag coefficient depends upon
the hull and superstructure of the vessel and is calculated using
the following equation, adapted from Naval Civil Engineering
Laboratory (NCEL), TN-1628, Wind-Induced Steady Loads on Ships.

EQUATION:  [ ] C  =  C * ((0.5(h + h )) / h ) A  +  (0.5* h / h ) A / A  yw S H R
2/7

S H R
2/7

H Y     (3)

where

 C  =   yw transverse wind force drag coefficient

 C   =   empirical coefficient, see Table 22

 h  =   R 10 m   = reference height (32.8 ft)

 h   = A / LH H wL = average height of the hull, defined as
the longitudinal wind hull area divided 
by the ship length at the waterline (m)

 A   =  H longitudinal wind area of the hull (m2)

 L  =  wL ship length at the waterline (m)

 h  =  S height of the superstructure above the
waterline(m)

A  =S longitudinal wind area of the
superstructure (m2)

A recommended value for the empirical coefficient is C
= 0.92 +/-0.1 based on scale model wind tunnel tests (NCEL, TN-
1628).  Table 22 gives typical values of C for ships and Figure
28 illustrates some ship types.



 MIL-HDBK-1026/4                          MOORING DESIGN                                      2-54

Table 22

Sample Wind Coefficients for Ships

SHIP C NOTES

 Hull dominated 0.82 Aircraft carriers, drydocks

 Typical 0.92
ships with moderate

superstructure

 Extensive
 superstructure

1.02 Destroyers, cruisers

The shape function for the transverse wind force (NCEL,
TN-1628) is given by:

EQUATION: { } { } f  =  + (sin  -  0.05* sin 5 ) / 0.95 yw w w wθ θ θ          (4)

where

{ } f  =yw wθ  transverse wind coefficient shape function

            =wθ  wind angle (degrees)

Equation 4 is positive for wind angles 0 < w < 180
degrees and negative for wind angles 180 < w < 360 degrees.
Figure 29 shows the shape and typical values for Equation 4.

These two components were derived by integrating wind
over the hull and superstructure areas to obtain effective wind
speeds (NCEL, TN-1628). The following example illustrates
calculations of the transverse wind force drag coefficient.
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Figure 28
Sample Ship Profiles
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Figure 29
Shape Function for Transverse Wind Force
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EXAMPLE:  Find the transverse wind force drag coefficient on the
destroyer shown in Figure 30.

SOLUTION: For this example the transverse wind force drag
coefficient from Equation 3 is:

[ ] C  =  C * ((0.5(23.9m + 6.43m)) / 10m) 1203m  +  (0.5*6.43m / 10m) 1036.1m / 2239m  yw
2/7 2 2 /7 2 2

 C  =  0.940* Cyw .

Destroyers have extensive superstructure, so a
recommended value of C = 1.02 is used to give a transverse wind
force drag coefficient of Cyw = 0.940*1.02 = 0.958.

Note that for cases where an impermeable structure,
such as a wharf, is immediately next to the moored ship, the
exposed longitudinal wind area and resulting transverse wind
force can be reduced.  Figure 31 shows an example of a ship next
to a wharf. For Case (A), wind from the water, there is no
blockage in the transverse wind force and elevations of the hull
and superstructure are measured from the water surface.  For Case
(B), wind from land, the longitudinal wind area of the hull can
be reduced by the blocked amount and elevations of hull and
superstructure can be measured from the wharf elevation.

Cases of multiple ships are covered in Section 4.6.
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Figure 30
Example
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4.4.2 Static Longitudinal Wind Force.  The static
longitudinal wind force on a vessel is defined as that component
of wind force parallel to the centerline of the vessel.  This is
the force in the “X” or surge direction in Figure 27.  Figure 26
shows the definition of winds areas.

The longitudinal force is determined from NCEL, TN-1628
using the equation:

EQUATION: F =  0.5  V A  C  f  (     xw a w
2

x xw xw wρ θ )   (5)

where

F  =  xw longitudinal wind force (newtons)

ρ a   =  mass density of air (from Table 21)

V  =w  wind speed (m/s)

A  =  x  transverse wind area of the ship (m2)

C  =  xw longitudinal wind force drag coefficient

f  (     xw wθ ) = shape function for longitudinal force

θ w  = wind angle (degrees)

The longitudinal wind force drag coefficient, Cxw ,
depends on specific characteristics of the vessel.  Additionally,
the wind force drag coefficient varies depending on bow (CxwB ) or
stern (CxwS ) wind loading.  Types of vessels are given in three
classes: hull dominated, normal, and excessive superstructure.
Recommended values of longitudinal wind force drag coefficients
are given in Table 23.
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Table 23

Recommended Ship Longitudinal Wind Force Drag Coefficients

VESSEL TYPE CxwB CxwS 

Hull Dominated (aircraft
carriers, submarines,
passenger liners)

0.40 0.40

Normal* 0.70 0.60

Center-Island Tankers* 0.80 0.60

Significant Superstructure
(destroyers, cruisers) 0.70 0.80

     *An adjustment of up to +0.10 to CxwB and CxwS should
      be made to account for significant cargo or cluttered
decks.

The longitudinal shape function also varies over the
bow and stern wind loading regions.  As the wind direction varies
from headwind to tailwind, there is an angle at which the force
changes sign.  This is defined as θx and is dependent on the
location of the superstructure relative to midships.  Recommended
values of this angle are given in Table 24.

Table 24
Recommended Values of θx

LOCATION OF SUPERSTRUCTURE θx (deg)

Just forward of midships 100

On midships 90

Aft of midships (tankers) 80
Warships 70

Hull dominated 60

Shape functions are given for general vessel categories
below:

CASE I  SINGLE DISTINCT SUPERSTRUCTURE

The shape function for longitudinal wind load for ships with
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single, distinct superstructures and hull-dominated ships is
given below (examples include aircraft carriers, EC-2, and cargo
vessels):

EQUATION: ( )f  (    cos xw wθ φ) =                       (6)

where φ
θ

θ− =
°








90

x
w for θ θw x<                 (6a)

( )φ
θ

θ θ+ =
°

°−






 + °−

90
180

90
x

w x  for θ θw x>        (6b)

θ
x

= incident wind angle that produces no net
     longitudinal force (Table 24)

θ
w

= wind angle

Values of f  (  xw wθ )  are symmetrical about the longitudinal axis of
the vessel.  So when θ w > °1 8 0 , use 3 6 0 ° − θ w as θ w in
determining the shape function.

CASE II  DISTRIBUTED SUPERSTRUCTURE

EQUATION:

( )
f  (   

sin -
sin(5

10

0.9xw wθ
γ

γ

)

)

=







     (7)

where γ
θ

θ− =
°






 + °

90
90

x
w  for θ θw x<                 (7a)

( )γ
θ

θ
θ
θ+ =

°
°−







 + °−

°
°−

















90

180
180

90
180x

W
x

x

 for θ θw x>   (7b)

Values of f  (  xw wθ )  are symmetrical about the longitudinal axis of
the vessel.  So when θ w > °1 8 0 , use 3 6 0 ° − θ w as θ w in
determining the shape function.  Note that the maximum
longitudinal wind force for these vessels occurs for wind
directions slightly off the ship’s longitudinal axis.

EXAMPLE: Find the longitudinal wind drag coefficient for a wind
angle of 40 degrees for the destroyer shown in Figure 30.
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SOLUTION: For this destroyer, the following values are selected:

θx = 70
o from Table 24

CxwB = 0.70 from Table 23

CxwS = 0.80 from Table 23

This ship has a distributed superstructure and the wind angle is
less than the crossing value, so Equation 7a is used to determine
the shape function:

( )γ− = =+90 70 40 90 1414ο ο ο ο ο/ ( ) .

( )
f  (   

sin -
sin(5 *

10

0.9xw wθ )

.
. )

.=









=
141 4

141 4

0 72

ο
ο

At the wind angle of 40 degrees, the wind has a longitudinal
component on the stern.  Therefore, the wind longitudinal drag
coefficient for this example is:

 C  f  (   =  0.8 *  0.72 =  0.57  xw xw wθ )
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4.4.3 Static Wind Yaw Moment.  The static wind yaw moment is
defined as the product of the associated transverse wind force
and its distance from the vessel’s center of gravity.  In the
local ship coordinate system, this is the moment about the “Z”
axis.  Wind yaw moment is determined from the equation:

EQUATION: { }Mxyw a w
2

y xyw w =  0.5   V   A  LCρ θ   (8)

where

M xyw  =  wind yaw moment (newton*m)

ρ a   = mass density of air (from Table 21)

V  =w wind speed (m/s)

A  =y longitudinal projected area of the ship (m2)

L = length of ship (m)

{ }C  =xyw wθ normalized yaw moment coefficient

= moment arm divided by ship length
θ w  = wind angle (degrees)

The normalized yaw moment coefficient depends upon the
vessel type.  Equation 9 gives equations for computing the value
of the yaw moment coefficient and Table 25 gives empirical
parameter values for selected vessel types.  The normalized yaw
moment variables is found from:

EQUATION: Cxyw
w

z

{ } =  - a1wθ
θ

θ
*sin(

*
)

180
 0< w< z  (9)

[ ]Cxyw z{ } =  a2 * sin (w wθ θ θ λ− ) * )  z w<180 deg   (9a)

and symmetrical about the longitudinal axis of the vessel,
where

Cxyw w{ } =  θ normalized wind yaw moment coefficient

a1 = negative peak value (from Table 25)
a2  = positive peak value (from Table 25)

θw  = wind angle (degrees)

θz  = zero moment angle (degrees) (from Table 25)

  [ ]λ
θ

 =
180* deg

(180* deg - z )
(dimensionless)          (9b)



 MIL-HDBK-1026/4                          MOORING DESIGN                                      2-66

Table 25
Normalized Wind Yaw Moment Variables

SHIP TYPE Zero
Moment

Angle ( z)

Negative
Peak
(a1)

Positive
Peak
(a2)

NOTES

Liner 80 0.075 0.14

Carrier 90 0.068 0.072

Tanker 95 0.077 0.07 Center island w/
cluttered deck

Tanker 100 0.085 0.04 Center island w/
trim deck

Cruiser 90 0.064 0.05

Destroyer 68 0.02 0.12

Others: 130 0.13 0.025 stern
superstructure

102 0.096 0.029 aft midships
superstructure

90 0.1 0.1 midships
superstructure

75 0.03 0.05 forward midships
superstructure

105 0.18 0.12 bow
superstructure

A plot of the yaw normalized moment coefficient for the
example shown in Figure 30 is given as Figure 32.
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Figure 32
Sample Yaw Normalized Moment Coefficient
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4.5 Static Current Forces/Moments.  Methods to determine
static current forces and moments on stationary moored vessels in
the surge and sway directions and yaw moment are presented in
this section.  These planar directions are of primary importance
in many mooring designs.

4.5.1 Static Transverse Current Force.  The transverse
current force is defined as that component of force perpendicular
to the vessel centerline.  If a ship has a large underkeel
clearance, then water can freely flow under the keel, as shown in
Figure 33(a).  If the underkeel clearance is small, as shown in
Figure 33(b), then the ship more effectively blocks current flow,
and the transverse current force on the ship increases. These
effects are considered and the transverse current force is
determined from the equation:

EQUATION: Fyc w c
2

wL yc c =  0.5   V   L  T C  sinρ θ  (10)

where

Fyc  = transverse current force (newtons)

ρw   = mass density of water (from Table 20)

Vc  = current velocity (m/s)

LwL  = vessel waterline length (m)
T    = average vessel draft (m)
Cyc  = transverse current force drag coefficient

θ c  = current angle (degrees)

The transverse current force drag coefficient as
formulated in Broadside Current Forces on Moored Ships, Seelig et
al. (1992) is shown in Figure 34.  This drag coefficient can be
determined from:
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 Figure 33
  Examples of Ratios of Ship Draft (T) to Water Depth (d)
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Figure 34
Broadside Current Drag Coefficient
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EQUATION: Cyc 0 1 0
K =  C  + (C  -  C ) * (T / d)  (11)

where CO =  deepwater current force drag coefficient  
   for T/d  0.0;  this deepwater drag 
   coefficient is estimated from:

EQUATION: C0 =0 22. * χ  (12)

where  is a dimensionless ship parameter calculated as:

EQUATION:  χ =L A B VwL m
2 * / ( * )  (13)

where   LwL  is the vessel length at waterline(m)

  Am is the immersed cross-sectional
    area of the ship at midsection (m2)

  B   is the beam (maximum ship width at
    the waterline) (m), and
V   is the submerged volume of the ship

(which can be found by taking the
 displacement of the vessel divided
 by the unit weight of water, given
 in Table 20 (m3)).

C1 =  shallow water current force drag coefficient 
                  where T/d = 1.0; for currents of 1.5 m/s

   (3 knots or 5 ft/sec) or less
T  =  average vessel draft (m)
d      =  water depth (m)
K     =  dimensionless exponent; laboratory data from 

    ship models shows:
K = 2 Wide range of ship and barge

tests; most all of the physical
model data available can be fit
with this coefficient

K = 3 From a small number of tests on
a fixed cargo ship and for a
small number of tests on an old
aircraft carrier, CVE-55

K = 5 From a small number of tests on
an old submarine hull, SS-212

The immersed cross-sectional area of the ship at
midships, Am, can be determined from:

EQUATION: A C B Tm m= * * (14)
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Values of the midship coefficient, Cm, are provided in
the NAVFAC Ship’s Database for DOD ships.

The above methods for determining the transverse
current force are recommended for normal design conditions with
moderate current speeds of 1.5 m/s (3 knots or 5 ft/sec) or less
and in relatively wide channels and harbors (see Seelig et al.,
1992).

If the vessel is moored broadside in currents greater
than 1.5 m/s (3 knots or 5 ft/sec), then scale model laboratory
data show that there can be significant vessel heel/roll, which
effectively increases the drag force on the vessel.  In some
model tests in shallow water and at high current speeds this
effect was so pronounced that the model ship capsized.  Mooring a
vessel broadside in a high current should be avoided, if
possible.

Scale physical model tests show that a vessel moored
broadside in a restricted channel has increased current forces.
This is because the vessel decreases the effective flow area of a
restricted channel, which causes the current speed and current
force to increase.

For specialized cases where:

  (1) vessels are moored in current of 1.5 m/s
(3 knots or 5 ft/sec) or more, and/or

  (2) for vessels moored in restricted channels

then the designer should contact the Moorings Center of
Expertise, NFESC ECDET, Washington Navy Yard Bldg. 218, 901 M St.
SE, Washington DC 20374-5063.

EXAMPLE:  Find the current force on an FFG-7 vessel produced by a
current of c=90 degrees to the ship centerline with a speed of
1.5 m/s (2.9 knots or 4.9 ft/sec) in salt water for a given ship
draft.  At the mooring location, the harbor has a cross-sectional
area much larger than the submerged ship longitudinal area,
L TwL * .

SOLUTION:  Dimensions and characteristics of this vessel are
summarized in the lower right portion of Figure 35. Transverse
current drag coefficients predicted using Equation 11 are shown
on this figure as a solid bold line.  Physical scale model data
(U.S. Naval Academy (USNA), EW-9-90, Evaluation of Viscous
Damping Models for Single Point Mooring Simulation) are shown as
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symbols in the drawing, showing that Equation 11 provides a
reasonable estimate of drag coefficients.  Predicted current
forces for this example are given in Table 26.

Table 26
Predicted Transverse Current Forces on FFG-7
for a Current Speed of 1.5 m/s (2.9 knots)

T/d
d

(m)
D

(ft)
Fyc

(MN)*
Fyc

(kips)**

0.096 45.7 150 0.55 123

0.288 15.2 50 0.66 148

0.576 7.62 25 1.03 231

0.72 6.096 20 1.30 293

0.96 4.572 15 1.90 427

 * MN = one million newtons
 **kip = one thousand pounds force
 
This example shows that in shallow water the transverse current
force can be three times or larger than in deep water for an
FFG-7.
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Figure 35
Example of Transverse Current Drag Coefficients
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Naval Academy at scales 1/24.75 and 1/80.
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included.  (Kreibel, 1992)

            FFG-7
 Cm  = 0.78
 LwL   = 124.36 m
 B     = 11.58 m
 T     = 4.389 m
 D    = 3590 long ton (LT)

 V    = 3590 LT * 0.9904 m3/LT 

       = 3555.7 m3

 Am  =  0.78 *B *T = 39.64 m2

 
χ  = LwL

2*Am/(B*V) = 14.89
 C0   = 0.8489
 C1   = 3.2
 K     = 2 

Model data points
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4.5.2 Static Longitudinal Current Force.  The longitudinal
current force is defined as that component of force parallel to
the centerline of the vessel.  This force is determined from the
following equation (Naval Civil Engineering Laboratory (NCEL),
TN-1634, STATMOOR – A Single-Point Mooring Static Analysis
Program):

EQUATION: F F F Fxc x FORM x FRICTION x PROP =  +   +            (15)

where

Fxc = total longitudinal current load (newtons)

FxFORM = longitudinal current load due to
form drag (newtons)

FxFRICTION = longitudinal current load due to skin
friction (newtons)

FxPROP = longitudinal current load due to propeller
drag (newtons)

The three elements of the general longitudinal current load
equation, FxFORM , FxFRICTION , and FxPROP are described below:

FxFORM = longitudinal current load due to form drag

EQUATION: ( )FxFORM w  c  xcb  cV B T C2=
1

2
ρ θcos               (16)

where

ρw = mass density of water, from Table 20

Vc = current speed (m/s)
B = maximum vessel width at the waterline(m)
T = average vessel draft (m)
Cxcb = longitudinal current form drag

coefficient = 0.1
θc = current angle (degrees)

FxFRICTION = longitudinal current load due to skin friction

EQUATION: ( )FxFRICTION w  c  xca  cV S C cos2=
1

2
ρ θ               (17)

where
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ρw =mass density of water, from Table 20

Vc =current speed (m/s)
S =wetted surface area (m2); estimated using

S = 1.7 T L D
T

w
wL + γ


















           (18)

T =   average vessel draft (m)
L  =wL   waterline length of vessel (m)
D =   ship displacement (newtons)
γ

w
=   weight density of water, from Table 21

C =xca   longitudinal skin friction
  coefficient, estimated using:

C 0.075 log
10

 Rxca =  / N







 −











2

2

 (19)

 R N =Reynolds Number

RN =
V Lc wL ccos( )θ

ν
(20)

ν =  kinematic viscosity of water, from Table
    21
θc = current angle (degrees)

FxPROP = longitudinal current load due to fixed propeller drag

EQUATION: ( )F V A  CxPROP w c  p PROP C 2=
1

2
ρ θcos               (21)

where

ρ
w

=  mass density of water, from Table 21

Vc =   current speed (m/s)

A  =p  propeller expanded blade area (m2)

C
PROP

=  propeller drag coefficient = 1.0

θC =   current angle (degrees)
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A  =
A

1.067 -  0.229 (p / d)

A
p

Tpp Tpp=
0 838.

             (22)

A  =Tpp  total projected propeller area (m2)

                           for an assumed propeller pitch  
  ratio of p / d =1.0

A  =
L B

ATpp
wL 

R

                      (23)

A R  is a dimensionless area ratio for propellers.  Typical values
of this parameter for major vessel groups are given in Table 27.
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Table 27
AR for Major Vessel Groups

SHIP AREA RATIO, AR

Destroyer 100

Cruiser 160

Carrier 125

Cargo 240

Tanker 270

Submarine 125

Note that in these and all other engineering
calculations discussed in this handbook, the user must be careful
to keep units consistent.

EXAMPLE:  Find the longitudinal current force with a bow-on
current of c=180 degrees with a current speed of 1.544 m/sec (3
knots) on a destroyer in salt water with the characteristics
shown in Table 28.

SOLUTION:  Table 29 shows the predicted current forces.  Note
that these forces are negative, since the bow-on current is in a
negative “X” direction.  For this destroyer, the force on the
propeller is approximately two-thirds of the total longitudinal
current force.  For commercial ships, with relatively smaller
propellers, form and friction drag produce a larger percentage of
the current force.
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Table 28
Example Destroyer

PARAMETER SI SYSTEM ENGLISH OR
INCH-POUND SYSTEM

LwL 161.2 m 529 ft

T 6.4 m 21 ft

B 16.76 m 55 ft

D, ship displacement 7.93E6 kg 7810 long tons

Cm; estimated 0.83 0.83

S; est. from Eq 18 2963 m2 31897 ft2

AR; from Table 27 100 100

RN; from Eq 20 2.09E8 2.09E8

Cxca; est. from Eq 19 0.00188 0.00188

Ap; est. from Eq 22 32.256 m2 347.2 ft2

Table 29
Example Longitudinal Current Forces on a Destroyer

FORCE SI SYSTEM
ENGLISH OR
INCH-POUND
SYSTEM

PERCENT OF
TOTAL FORCE

FxFORM; Eq 15 -13.1 kN* -2.95 kip** 22%

FxFRICTION; Eq 16 -6.8 kN -1.53 kip 12%

FxPROP; Eq 17 -39.4 kN -8.87 kip 66%

Total Fxc = -59.4 kN -13.4 kip 100%

  * kN = one thousand newtons
  **kip = one thousand pounds force
4.5.3 Static Current Yaw Moment.  The current yaw moment is
defined as that component of moment acting about the vessel’s
vertical “Z”-axis.  This moment is determined from the equation:
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EQUATION: M F
e

L
Lxyc yc

c

wL
wL= ( )       (24)

where

Mxyc = current yaw moment (newton*m)

Fyc  = transverse current force (newton)

e

L
c

wL

 = ratio of eccentricity to vessel waterline length

ec   = eccentricity of Fyc   (m)

LwL = vessel waterline length (m)

The dimensionless moment arm 
e

L
c

wL

 is calculated by choosing the

slope and y-intercept variables from Table 30 which are a
function of the vessel hull.  The dimensionless moment arm is
dependent upon the current angle to the vessel, as shown in
Equation 25:

EQUATION:
e

L
a b

wL
c= + *θ c=0  to 180    (25)

    
e

L
a b

wL
c= − − −( * ( deg ))360 θ c=180  to 360     (25a)

where

e

L
c

wL

 = ratio of eccentricity to vessel waterline length

a = y-intercept (refer to Table 30) (dimensionless)
b = slope per degree (refer to Table 29)

  θc = current angle (degrees)

The above methods for determining the eccentricity
ratio are recommended for normal design conditions with moderate
current speeds of less than 1.5 m/s (3 knots or 5 ft/sec).
Values provided in Table 30 are based upon least squares fit of
scale model data taken for the case of ships with level keels.
Data are not adequately available for evaluating the effect of
trim on the current moment.
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Table 30
Current Moment Eccentricity Ratio Variables

SHIP
a

Y-INTERCEPT
b

SLOPE PER
DEGREE

NOTES

SERIES 60 -0.291 0.00353
Full hull form

typical of cargo
ships

FFG -0.201 0.00221
“Rounded” hull

typical of surface
warships

CVE-55 -0.168 0.00189 Old attack
aircraft carrier

SS-212 -0.244 0.00255 Old submarine

4.6 Wind and Current Forces and Moments on Multiple Ships.
If ships are moored in close proximity to one another then the
nearby ship(s) can influence the forces/moments on a given ship.
The best information available on the effects of nearby ships are
results from physical model tests, because the physical processes
involved are highly complex.  Appendix C provides scale model
test results of wind and current forces and moments for multiple
identical ships.  From two to six identical ships were tested and
the test results were compared with test results from a single
ship.  Data are provided for aircraft carriers, destroyers, cargo
ships, and submarines.
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EXECUTIVE SUMMARY

The Marine Facilities Division (MFD) of the California State Lands Commission (CSLC)
is in the process of reviewing and formulating various design and inspection criteria for
waterfront facilities. The MFD has a regulatory requirement to require a thorough examination of
each marine terminal in the State to determine whether the structural integrity of the terminal, the
oil transfer operations system, and the safety equipment are designed and being maintained in a
safe working condition.  To meet this regulatory objective the CSLC has developed a procedure
for performing an in-depth structural and safety system audit of existing marine loading and
discharge terminals located onshore, near-shore, and offshore California.  These procedures
apply to pier and wharf terminals, and offshore multi-point mooring marine terminals.

The Naval Facilities Engineering Service Center (NFESC) has been tasked to provide
input to the review and formulation of design and inspection criteria for waterfront facilities,
based on the Navy’s extensive experience and expertise in this area.  This document addresses
the underwater inspection component of the overall effort.  This underwater inspection criteria is
intended to provide guidance to the CSLC on the inspection of the underwater components of a
marine oil terminal facility with the intent on identifying structural damage or weaknesses that
might affect the continued fitness-for-purpose of the terminal.
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1.0 INTRODUCTION

This California State Lands Commission's (CSLC) has the following regulatory
requirement:

“At least once every three years, the Marine Facilities Division (MFD) shall cause
to be carried out a thorough examination of each marine terminal in the state to
determine whether the structural integrity of the terminal, the oil transfer
operations system and the safety equipment are designed and being maintained in
a safe working condition.”

To meet this regulatory objective the CSLC has developed a procedure for performing an
in-depth structural and safety system audit of existing marine loading and discharge terminals
located onshore, near-shore and offshore California.  These procedures apply to pier and wharf
terminals, and offshore multi-point mooring marine terminals.  Mooring equipment on the vessel
used to secure the vessel to the wharf/pier or offshore multi-point mooring is a part of this audit
procedure, too.

The objective of the audit should be prevention as well as cure.  In addition to the
correction of an individual non-conformance item, the audit team should look for improvements
to the safety system or structure, which would prevent its recurrence elsewhere.  Ideally, the
participants in the audit work as a team and the objective of the audit is not only to document and
assess the criticality of deficiencies, but also to enhance reliability, safety and structural integrity
of the terminal and its operation.

Terminal audits should compare the facility with the standards and practices used for its
original design and operation.  However, it should also be compared against current standards
and those areas where upgrading would provide a significant improvement in safety should be
identified.  The purpose of the audit procedure is to:

(1) Identify safety system, mechanical, and electrical deficiencies at the marine terminal,

(2) Identify structural damage or weaknesses that might affect the continued fitness-for-
purpose of the terminal,

(3) Advise whether these deficiencies have been properly assessed, and,

(4) Advise what steps should be taken to prevent, or minimize these potential risks.

This underwater inspection criteria is intended to provide guidance to the CSLC on the
inspection of the underwater components of a marine oil terminal facility with the intent on
identifying structural damage or weaknesses that might affect the continued fitness-for-purpose
of the terminal.
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2.0 GENERAL CONSIDERATIONS

The fundamental purpose of any inspection is to provide the information necessary to
assess the condition (capacity, safety, and rate of deterioration) of a structure.  A waterfront
inspection encompasses the examination of structures such as: piers, pilings, wharves, quaywalls,
fender systems, dolphins, dry docks, and coastal protection structures. The usefulness of an
inspection depends upon establishing a clear and complete record.  Although the level of
inspection will determine the extent of information to be provided, in general the inspection will
address the following:

(a) Identification and description of all major damage and deterioration of the facility.

(b) Estimate of the extent of damage and deterioration.

(c) Identification of any problems associated with mobilization of equipment, personnel,
and materials to accomplish repairs/maintenance.

(d) Updated layouts of pile plans (which occasionally differ significantly from the
drawings available at the activity).

(e) Documentation of types and extent of marine growth (to help plan future inspections),
as well as damage caused by their presence.

(f) Water depths at each facility.

(g) Water visibility, tidal range, and water current.

(h) Information for the database of waterfront facilities and data to assist in planning
future inspections.

(i) Assessment of general physical condition including projected load capacities of the
in-water structures of each facility inspected.

(j) Recommendations for required maintenance and repair (M&R).

(k) Budgetary estimates of costs of this M&R, including examples of the derivation of the
estimates.

(l) Estimate of expected life of each facility.

(m) Recommendations for types and frequencies of future underwater inspections.

There are several types of inspections, including:

(a) Baseline - to obtain data on an uninspected facility.  This type involves the greatest
“pre-inspection” effort.

(b) Routine - to obtain data on general condition, confirm drawings, estimate repair costs,
etc.
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(c) Design Survey - to obtain data for specifications or for detailed cost estimates.

(d) Acceptance - to obtain data confirming that a repair has been completed according to
plan or specification.

(e) Research - to obtain data for research on deterioration rates, etc.

A number of Government reference documents dealing with waterfront inspections exist.
The inspection procedures and planning factors outlined in this document have been taken from
several of them. These references are listed in the bibliography at the end of this document.

3.0 SCOPE OF UNDERWATER INSPECTIONS

Underwater inspections are primarily visual observations of the facility being inspected.
Quantitative measurements, such as underwater voltmeter readings on metal structures and
thickness measurements on mooring chain and steel piling, are often taken.  Before making the
observation, it is usually necessary to clean the structure of marine growth and fouling. Several
techniques are used to accomplish this cleaning, ranging from hand cleaning with scrapers and
wire brushes to the use of waterblasting jets and hydraulically powered mechanical abrasive
tools.

This document has been arranged to present a general description of:

• Waterfront facilities (Chapter 4)
• General inspection procedures (Chapter 5)

And detailed descriptions of the procedures to be used for:

• Inspecting steel structures (Chapter 6)
• Compliant moorings (Chapter 7)
• Concrete structures (Chapter 8)
• Timber structures (Chapter 9)
• Stone masonry structures (Chapter 10)
• Coastal protection structures (Chapter 11)
• Synthetic Materials and Components (Chapter 12)
• Quaywalls (Chapter 13)

Each of these sections also includes a description of the causes of deterioration of the
relevant type of structural material.
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4.0 INTRODUCTION TO WATERFRONT FACILITIES

The following discussion provides a very brief introduction to the types of waterfront
facilities that may be encountered.  The following Government handbooks provide useful
information:

MIL-HDBK-1025/1 - Piers and Wharves
MIL-HDBK-1025/6 - General Criteria for Waterfront Construction
MO-104.1 - Maintenance of Fender Systems and Camels
MO-104.2 - Specialized Underwater Waterfront Facilities Inspections
MO-306 - Maintenance and Operation of Cathodic Protection Systems
DM-26.1 - Harbors
DM-26.5 - Fleet Moorings

Marine facilities include:

• Berthing facilities
• Drydocks
• Coastal protection structures
• Components of waterfront structures: fender systems, piling, and dolphins
• Compliant moorings
• Underwater cables and pipelines

Berthing facilities and coastal protection structures are described in more detail below.

4.1 Berthing Facilities

Berthing facilities provide space for:  mooring, shore utilities, hotel services, loading and
unloading of cargo, personnel, ordnance, and fuel, and maintenance, repair, and fitting out.  Piers
are also used to support specific functions such as magnetic silencing facilities for submarines.
Some typical configurations of piers and wharves are shown in Figure 4-1.
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a.  Marginal Wharf b.  Square Pier c.  Right Angle Pier:
One berth each side

d.  Right Angle Pier:  One
ship and one lighter berth

each side

e.  Acute-Angle Pier:
One berth each side

f.  Right Angle Pier:
Two berths each side

g.  Acute-Angle Pier:
Two berths each side

h.  T-type Marginal
Wharf:  Berth on outside

face and lighters on
inside

i.  U-Type
Marginal

Wharf

j.  Pier or Wharf Parallel to Bank

Figure 4-1.  Typical configurations of piers and wharves.

4.1.1 Piers.  Piers are docks that extend outward from the shore into the water.  There are
basically four types of pier structures with distinct differences in configuration: open, closed,
combination, and floating. These piers are:

(a) Open piers are pile-supported platform structures which allow water to flow
underneath. Conventionally open piers are single deck structures although some are double deck.

(b) Closed piers are constructed so that water is prevented from flowing underneath. The
solid fill pier is surrounded along the perimeter by a bulkhead that holds back the fill.

(c) Floating piers can be constructed of steel or concrete and are connected to the shore
with access ramps. Guide piles or anchor systems prevent lateral movement. Floating piers may
be either single or double deck.
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4.1.2 Piling.  Piling is a common element found on piers, wharves, and some fender
systems.  Figure 4-2 provides some typical pile cross sections for steel, wood, and concrete piles
with dimensions typically found in marine structures.

The basic types of piling are:

(a) Vertical bearing piles are used to support the dead weight of the pier as well as the
live loads on the pier.

(b) Batter piles primarily provide lateral and longitudinal stability but do provide limited
load carrying capacity.

(c) Fender piles absorb the impact of berthing ships.

(d) Sheet piling is used with various waterfront facilities to retain fill.
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Bethlehem Standard Sheet Piling

Sections designed for bending strength

Sections designed for interlock strength

Sheet piles (6 feet – 24 inches)

Figure 4-2.  Typical pile cross sections for steel, wood, and concrete piles.
4.1.3 Wharves and Quaywalls. Wharves are docks which are oriented approximately

parallel to the shore and are connected to shore along their entire length. The retaining structure
used to contain the backfill is commonly referred to as the quaywall or bulkhead. Several types of
these structures are shown in Figure 4-3.
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Closed relieving
platform

Open relieving
platform

High level
platform

Quay wall
Cellular

cofferdam
Anchored
bulkhead

Figure 4-3.  Types of Quaywalls/Bulkheads.

4.1.4 Fender Systems.  Fender systems are used on piers to protect the ship and the pier
during berthing operations and while the ship is moored. On relatively inflexible piers and
wharves the fender acts as a buffer in absorbing or dissipating the impact energy of the ship
without damaging the ship. Where ships are berthed against pile-supported structures, protection
of the structure is of more serious concern. The main type of fenders and components that are
found on older and smaller piers are fender pile systems.  For modern larger piers, various types
of fenders are attached to the pier, and they include:

• Rubber units in compression or shear (various shapes: cylindrical, rectangular,
trapezoidal, wing, etc.).

• Buckling column (various shapes).
• Pneumatic (air filled) shapes.

• Foam filled (typically cylindrical shape).
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4.1.5 Dolphins. Dolphins (Figure 4-4) are groups of piles placed near piers and wharves
or in turning basins and ship channels. These structures are used to guide vessels into their
moorings, to mark underwater structures, to moor vessels to, to berth vessels against, and to
support navigational aids.

Figure 4-4.  Mooring Dolphins.
4.2 Coastal Protection Structures

Coastal protection structures are designed to reduce the effects of wave action, so as to
protect harbors and reduce the formation of sandbars.  They can be fabricated out of a variety of
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materials including concrete, rock rubble, granite masonry, and reinforced precast concrete armor
units as shown in Figure 4-5. Typical coastal structures include seawalls, groins, jetties, and
breakwaters.  These structures are:

(a) Seawalls are massive coastal structures built along the shoreline. Their primary
function is to protect areas from erosion caused by waves or flooding.

(b) Groins (Figure 4-6) are designed to minimize coastal erosion by controlling the rate of
shifting sand by influencing offshore currents and waves. Groins project outward, perpendicular
to the shoreline.

(c) Jetties extend outward from shore to prevent the formation of sandbars and direct the
flow of water from currents, tides, and waves.

(d) Breakwaters are generally located outside the entrance of a harbor, anchorage, or
coastline. They are designed primarily to protect the inner waters and shoreline from the effects
of heavy seas. Breakwaters may be connected or detached from the shore.

a) Tetrapod

b) Tribar

c) Dolos

Figure 4-5.  Precast Concrete Armor Units used in Jetties, Breakwaters, and Groins.
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Figure 4-6.  Groins.

5.0 GENERAL INSPECTION PROCEDURES

The purpose of any inspection is to provide the information necessary to assess the
condition (capacity, safety, and rate of deterioration) of a structure.  The usefulness of an
inspection depends, therefore, on the suitability and recording of the data (observations) obtained
for use in later engineering evaluations.  An underwater inspection is a condition survey;
therefore, the diver should make and report observations and measurements that can be used by
an engineer to make the engineering assessments.  Ideally, the engineer making the engineering
assessments is also a diver and dives on the facility for at least a portion of the inspection.  A part
of the engineering assessment will be to determine the cause of the failure or damage; therefore,
detailing and documenting the inspection is important.

For example, the diver should observe, measure, and report that a sheet pile wall has a hole
measuring 2 feet by 3 feet, at a depth of 2 feet below mean low water (MLW), and that behind
the hole is a 6-foot deep cavity.  These data may be supplemented by the diver’s opinion
regarding the structural adequacy of the wall if the nature of its condition is obvious.  A final
conclusion, however, can only be reached after an analysis of the structure’s existing condition
has been conducted.

Since divers’ observations and measurements are often the only data available for the
topside personnel to make an engineering assessment, the reliability of such data is critically
important. Therefore, the quality control of the measurements becomes an important issue.  At
least 10 percent of all measurements and observations must be rechecked by a second diver to
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ensure accuracy.  If any discrepancy is discovered, all measurements and observations must be
rechecked.

An important part of any inspection operation is the recording of the diver’s observations.
Observations, both qualitative and quantitative, can be recorded underwater on a Plexiglas slate
with a grease pencil.  However, direct hardwire communication between the diver and topside is
much more efficient.  In addition, use a video recording system, a photographic camera, and a
voice recorder whenever possible.  The dive supervisor or inspection team leader should debrief
the working diver as soon after the dive as possible.  This valuable information should be
recorded for later reference.

5.1 Levels of Inspection

Three basic types or levels of inspection are used for inspecting marine facilities. The
resources and preparation needed to do the work distinguish the level of inspection.  Also, the
level of inspection determines the type of damage/defect that is detectable:

• Level I - General Visual Inspection. The Level I effort can confirm as-built structural
plans and detect obvious major damage or deterioration due to overstress (collisions, ice), severe
corrosion, or extensive biological growth and attack. The Level I will provide initial input for an
inspection strategy.  Although this is an overview, close attention should be given to confirming
or providing information to update available facility drawings and condition evaluations.

This type of inspection does not involve cleaning of any structural elements and can
therefore be conducted much more rapidly than the other types of inspections. The Level I effort
is essentially a general inspection “swim-by” overview.  It does not involve cleaning of structural
elements, which allows the inspection to be conducted rapidly. The underwater inspector relies
primarily on visual and/or tactile observations (depending on water clarity) to make condition
assessments. These observations are made over the specified exterior surface area of the
underwater structure, whether it is a quaywall, bulkhead, seawall, pile, or mooring.

• Level II - Close-Up Visual Inspection. Level II efforts are complete, detailed
investigations of selected components or subcomponents, or critical areas of the structure,
directed toward detecting and describing damaged or deteriorated areas that may be hidden by
surface biofouling. Limited deterioration measurements are obtained. These data are sufficient
for gross estimates of facility load capability. This type of inspection will generally involve prior
or concurrent cleaning of part of the structural elements. Since cleaning is time consuming, it is
generally restricted to areas that are critical or that may be typical of the entire structure. The
amount and thoroughness of cleaning to be performed are governed by what is necessary to
determine the general condition of the overall facility.  Simple instruments such as calipers and
measuring scales are commonly used to take physical measurements. Subjective judgments of
structural integrity are occasionally made by probing wood with ice picks and by pounding
concrete with hammers.

• Level III - Highly Detailed Inspection. This level of inspection is primarily designed to
provide data that can be used to perform a structural assessment and will often require the use of
Nondestructive Testing (NDT) techniques. The procedures are conducted to detect hidden or
imminent damage, loss in cross-sectional area, and material homogeneity.  The training,
cleaning, and testing requirements will vary depending on the type of damage/defect that is to be
investigated and the type of inspection equipment to be used. A Level III examination will
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normally require prior cleaning.  In some cases, Level III inspections will require the use of
partially destructive techniques such as sample coring in wood or concrete, material sampling,
and in-situ surface hardness. The use of Level III inspection techniques is usually limited to key
structural areas that may be suspect, or to structural areas that may be representative of the
overall structure.  Level III inspections will require considerably more experience and training
than Level I or Level II inspections, and should be accomplished by qualified engineering or
testing personnel.  This type of inspection is covered in MO-104.2 (see Bibliography).

On steel H-piles, pipe piles, and sheet piles, metal thickness measurements are made with
ultrasonic thickness equipment. In addition, electrical potential measurements, using a half-cell,
are taken to verify the performance of the cathode protection system for steel structures. Concrete
surfaces can be evaluated for hardness using a rebound hammer.  A magnetic rebar locator can be
used to establish the location and depth of rebar.  There are few underwater instruments currently
available for assessment of the interior of wood structures.  Wood is inspected using calipers, ice
picks, and hammers, and in some cases an incremental borer is used to obtain a core sample.

Table 5-1 summarizes the type of damage that is detectable with the three types of
inspection. The level of inspection to be used for a particular task is usually decided early in the
planning phase. However, depending upon visibility, marine growth, and extent of deterioration,
this may be adjusted as the inspection proceeds.  Often, the requirements of the local staff civil
engineer or other authority will dictate the level of inspection.  The underwater inspection may be
accomplished by a qualified engineering diver or by a qualified, certified diver, supervised by an
engineer.  An experienced engineer skilled in inspection procedures and techniques must perform
the structural assessment.
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Table 5-1.  Capability of Each Level of Inspection For Detecting Damage to Waterfront
      Structures.

Detectable Defects
Level Purpose

Steel Concrete Wood

I

II

III

General visual to confirm
as-built condition and detect
severe damage

Detect surface defects
normally obscured by
marine growth

Detect hidden and imminent
damage

Extensive corrosion

Severe mechanical
damage

Moderate mechanical
damage

Major corrosion pitting

Thickness of material

Major spalling and
cracking

Severe reinforce-
ment corrosion

Broken piles

Surface cracking and
crumbling

Rust staining

Exposed rebar and/
prestressing strands

Location of rebar

Beginning of
corrosion of rebar

Internal voids

Change in material
strength

Major losses of
wood

Broken piles and
bracings

Severe abrasion or
marine borer attack

External pile damage
due to marine borers

Splintered piles

Loss of bolts and
fasteners

Early borer and
insect infestation

Internal damage due
to marine borers
(internal voids)

Decrease in material
strength

The time and effort required to carry out the three different levels of inspection are quite
different.  The time required for any particular level will depend on a number of factors,
including visibility, currents, wave action, water depth, severity of marine growth, and the skill
and experience of the diver.

Table 5-2 provides a guide for estimating the time required to conduct Level I and Level II
inspections. This information is based on:

(1) A water depth of 30 to 40 feet
(2) Visibility of 4 to 6 feet
(3) Warm, calm water
(4) Moderate marine growth (about 2 inches thick)
(5) An experienced diver of average skill
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Table 5-2.  Production Rate for Surface and Underwater Inspection of Structural Elements.

Inspection of Time Per Structural Element (min)
Level I Level II

Structural Element Surface U/W Surface U/W

12-in. steel H-pile
12-in. wide strip of steel sheet pile
12-in. square concrete pile
12-in. wide strip of concrete sheet pile
12-in. diameter timber pile
12-in. wide strip of timber sheet pile

2
1
2
1
2
1

5
3
4
3
4
3

15
8
12
8
10
7

30
15
25
15
20
15

For the Level II inspection it has been assumed that 3 feet of the structural element in the
splash zone, 1 foot at mid-depth, and 1 foot at the bottom will be completely cleaned of marine
growth. It has also been assumed that the most efficient method of removing marine growth will
be used.

Level III inspections depend on the extent of existing damage, the type of inspection
techniques, the equipment used (ultrasonic thickness measurements, increment borings, caliper
measurements, etc.), and the degree of cleaning required.  Therefore, estimates of time for Level
III inspections are not included in Table 5-2.

Table 5-3 depicts typical daily rates for swimming-by, cleaning, and taking measurements
on piles and linear feet of bulkhead.

Table 5-3.  Typical Daily Rates for Underwater Inspection Tasks.*

Inspection
Task

Piles/Day Bulkheads in LF/Day

Swim-By 300-600 500-1500

Cleaning 30-70 at 3-15% of each pile 500-1500 at 50-300 LF
intervals

Measurement 50-200 for Wood at 5-15% of each
pile
30-60 for Steel at 3-10% each
30-70 for Concrete 3-15% each

500-1500 at 50-300 LF
intervals

*Rates can vary widely depending on the effects of many factors such as water
visibility, facility size and age, marine growth, and type of construction.

5.2 Planning for Inspection

Before starting a facility inspection, all available information about the facility should be
obtained. This will usually require a preliminary visit to the facility. The Engineer in Charge
should meet with the local staff civil engineer and obtain copies of the facility drawings and
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general background about the existing condition of the facility. Any unique features or special
problems that may be encountered should be noted.  Local information that should be obtained
includes:

• Wave action
• Atmospheric temperature range
• Water temperature range
• Tidal range
• Water depths
• Water visibility
• Currents
• Any condition that could have a direct impact on the time needed to perform an

inspection, such as amount of biofouling growth on piles or any other condition that would
inhibit the performance of an inspection such as ice or seasonal flooding.

• Ship traffic and facility berthing requirements.

The bathymetric and oceanographic data, as well as information on nearby obstructions or
activities, will accelerate the planning process and will aid in determining the levels of inspection
to be used.  The time and effort required to carry out the three different levels of inspection will
vary considerably.  The factors affecting the time required will include whether the inspection is
surface or underwater; the environmental factors mentioned above; and the skill and experience
of the inspector.

Information about the local support, equipment, and utilities should be acquired prior to the
inspection.  Once the information about the facility has been collected, an inspection plan should
be developed. The written plan should be like a statement of work containing a scope of work,
specifying the sampling criteria (if any work is contracted out, a separate SOW will be required).
It should specify responsibilities, tasks, schedules, and equipment to be used.

Of critical importance to the effectiveness of each survey is the proper and adequate
selection of the areas to be examined.  It is important to select a sufficient number of inspection
areas to provide representative information on the overall structure.  Making this selection
requires an understanding of the facility structural behavior to determine which areas are
subjected to maximum stress, fatigue, and impact forces.  Knowledge of deterioration and
damage theory is also useful. Consequently, the inspection plan must be prepared in cooperation
with qualified engineers familiar with the structure. The inspection plan should include the
identification of the inspection equipment most appropriate to the specific tasks. For older
facilities where little or no data, including drawings, is available, the inspection plan should allot
time for developing and/or confirming the structural layout, and confirming whether previously
identified repairs have been made.

A suitable scheme should be devised for designating individual piles and other structural
members.  The inspection team should use the pile numbering/ designation systems available on
existing “as-built” drawings where available.  Usually, combinations of numbers and letters are
used with the number designating the bent and letter indicating the pile within the bent.  Legends
may be created to represent such things as the degree of deterioration of individual structural
members, the level of inspection given to designated portions of a facility, the shape of individual
piles, and the type of materials.  Pile plans should be prepared for piers showing the lengths,
widths, and spacing of bents.  The plans must also include the numbering system used in the
inspection and in the report, and these must be correlated with existing drawings of the facility.
It is desirable to also include design live load data on all pile plans.
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5.3 Inspection Frequency

The inspection frequency will depend upon whether the inspection is surface or underwater,
and the expected rate of deterioration and damage. A typical example requiring more frequent
inspection is an area experiencing damage by ships’ berthing that results in advanced
deterioration to both fender and structural piling.  The frequency and level of inspection should,
therefore, be closely tied to the historical deterioration rate of the facility.  Recommended
frequencies are listed in Volume 4 of NAVFAC MO-322, Inspection of Shore Facilities.
Research by the Navy on inspection sampling criteria and procedures is published in several
technical reports (see Bibliography).  Statistical software has been developed which identifies
inspection frequencies based on cost when known or estimated structural data is inputted.  The
frequencies obtained will be unique to the facility’s situation.  As a general guide, recommended
frequencies of inspection for the different types of waterfront structures are as follows:

• All superstructure and piling/sheet piling above the waterline, including the splash and
tidal zones (Figure 5-1), should be inspected annually.

• Concrete/steel structural members at the splash/tidal zones and downward should be
inspected at least every 6 years.  As deterioration is discovered, the level of inspection and
frequency needs to be increased accordingly.  For steel structures, the age of the structures is a
primary factor since the rate of deterioration due to corrosion is fairly constant.  Likewise,
concrete in a saltwater environment deteriorates chemically with time, especially if cracks are
present to allow the seawater to reach the structure’s interior.

• Timber members should be inspected at least every three years and, as above, more
frequently and intently as deterioration is discovered.  In areas where marine animal infestation is
known to be a problem, increased inspection frequency is especially important.

Additionally, if it is not feasible to thoroughly inspect all elements of a structure (e.g.
underwater inspection of a series of piers containing many piles), selecting an optimum number
of structural elements or members is crucial to obtaining accurate information representative of
the overall condition of the structure.  Development and validation of sampling criteria and
procedures have been reported by NFESC (formerly NCEL) in NCEL TN-1762 “Sampling
Criteria and Procedures for Inspection of Waterfront Facilities”.  Statistical sampling techniques
using probability theory provide a method for determining condition parameters for the entire
population based on information from the sample elements, with a calculated confidence level
and precision.  Three methods of random sampling have been identified as being applicable to
waterfront facilities:  simple, systematic, and cluster.

These methods are described in detail in NCEL TN-1762.  Excellent correlation between
the statistical data and actual conditions is obtainable when inspecting for natural deterioration
(e.g. biological or wave action).  However, the statistical techniques are not accurate when
considering damage due to improper construction and mechanical overloading.
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Figure 5-1.  Various zones of influence on piling.

5.4 Documentation of Inspection

For the results of the inspection to be useful, they must be documented in a clear and
concise manner and in accordance with generally understood terminology.  Inspectors should
maintain daily logs of inspection details including measurement data, locations of observation,
and water depths, if relative.   Inspection forms and reports should be completed as soon as
possible after the inspection has been completed. Standard forms and report formats greatly
facilitate the documentation procedure and are essential for comparing the results of the present
inspection with past and future inspections. Figure 5-2 is a standard form for reporting the
condition of piles; Figure 5-3 is an explanation of the condition ratings for concrete piles used on
the form; and Figure 5-4 is an explanation of the condition ratings for timber piles. Steel pile
inspection results are usually recorded in terms of remaining metal thickness. It should be noted,
however, that the categorization of a defect, i.e., moderate, major, etc., will depend on the water
depth. Piles in deeper water, with a long unsupported length, are susceptible to buckling, and loss
in strength becomes more critical.
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When appropriate, damaged areas should be documented with still photography and closed
circuit television. Still photography provides the necessary high definition required for detailed
analysis, while video, though having a less sharp image, provides a continuous view of events
that can be monitored by surface engineers and recorded for later study. All photographs should
be numbered, dated, and labeled with a brief description of the subject. A slate or other
designation indicating the subject should appear in the photograph. When color photography is
used, a color chart should be attached to the slate to indicate color distortions.  Videotapes should
be provided with a title and lead-in, describing what is on the tape. The description should
include the method of inspection used, the nature and size of the structure being inspected, and
any other pertinent information.

A debriefing with the activity personnel, with slides or photographs, should be conducted
before leaving the site, and all questions should be resolved.
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Figure 5-2.  Standard Pile Inspection Report Form.  (See Figure 5-3 and 5-4 for explanation
       of Ratings.)
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PILE CAP

Figure 5-3.  Explanation of Pile Condition Ratings for Concrete Piles.
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CREOSOTED
OUTER SHELL

Figure 5-4.  Explanation of Pile Condition Ratings for Timber Piles.

5.5 Equipment and Tools

Following is a general discussion of tools required for the underwater inspection process.
Each of the sections discussing the inspection of particular structure types will address the
particular equipment and tools required to inspect that structure.
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5.5.1 Surface Cleaning Tools.  To perform a thorough inspection, the marine growth on
the structure must be removed.  This can be done by various means, depending on surface
support.  For small sample areas, wire brushes, probes, and scrapers may be adequate.  For larger
areas or more detailed inspections underwater, a hydraulic grinder with barnacle buster
attachment, or high-pressure water jet gun, may be used.  Exercise care to prevent damage to the
preservative-treated layers of timber or deteriorating surfaces of concrete.

5.5.2 Inspection Tools.  Inspection tools and equipment include:

(a) Hand-held tools such as portable flashlights, rulers, and tape measures for
documenting areas; small or large hammers or pick-axes for performing soundings of the
structural member; calipers and scales for determining thickness of steel flanges, webs, and
plates, or diameters of piling; increment borer and T-handles for extracting core samples from
timbers; and chipping tools for prodding the surface of the concrete to determine the depth of
deterioration.

(b) Mechanical devices including a Schmidt test hammer for measuring concrete surface
hardness and rotary coring equipment for taking core samples from concrete structures.

(c) Electrical equipment such as an underwater voltmeter for determining the level of
cathodic protection on steel structures and underwater sonic and ultrasonic equipment for
detecting voids in timbers or concrete and thickness of structural steel.  Underwater magnetic
particle testing to locate and define surface discontinuities in magnetic materials.

5.5.3 Recording Tools.  Recording tools and equipment are required to provide a
complete documentation of the condition of the structure.  Simple tools such as clipboards,
forms, and cassette recorders for above water inspections, or a Plexiglas slate and grease pencil
for underwater inspection, provide the basic documentation tools.  More in-depth documentation
may be obtained with above-water or underwater photography using colored still-frame cameras
or colored video, or closed-circuit television.  The latter may be very valuable in expediting
major underwater inspections.  For underwater inspections in turbid water, a clear-water box may
be fitted to the lens of the photographic or video equipment to improve visibility between the
lens and surface to be inspected.

6.0 STEEL STRUCTURES

6.1 Types of Steel Structures

Structural steel is used in most metal waterfront structures because it is strong, readily
available, easily fabricated into any shape, and not excessively costly. In marine applications,
steel has many uses as a construction material. Steel piles, either H-piles or pipe piles, are used as
support members for open piers, wharves, and other waterfront structures and facilities. Steel
sheet piling is used primarily as a retaining wall structure for bulkheads used in the support of
piers, wharves, drydocks, and quaywalls as well as near-water, earth-retaining structures.
Fabricated structural steel members, whether tubular, plate, or other shapes, are used to construct
undersea support towers for testing ranges, instrument arrays, and operation support platforms.
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6.2 Deterioration of Steel Structures

There are six major types and causes of steel structure deterioration in the marine
environment:

• Corrosion
• Abrasion
• Loosening of structural connections
• Fatigue
• Overloading
• Loss of foundation material

6.2.1 Corrosion.  Corrosion is the principal cause of deterioration of steel waterfront
structures. Corrosion of steel is an electrochemical process that converts the steel into iron
oxides. These iron oxides are easily recognized by their reddish-brown color and are commonly
called rust. The rust may remain in place in the form of an encrustation or may naturally fall
away or be removed by wave action or abrasion. The corroded surfaces are usually irregular and
in some cases the attack in localized areas will be much greater than in other areas resulting in
pitting. Over a period of time, unchecked corrosion will reduce the structural integrity of steel
components of waterfront structures

On bare unprotected steel pilings, corrosion is often most severe just above the high tide
line, with another zone of severe attack just below the low tide line, as shown in Figure 6-1.
Figures 6-2 and 6-3 illustrate typical corrosion on steel H-piling and sheet piling.

Submerged steel is also subject to galvanic corrosion.  Galvanic corrosion occurs when two
dissimilar metals are in electrical contact and both are submerged. An electrical current then
flows between the two metals causing one of them to corrode rapidly. The composition of the
metals, the exposed area, and the electrical conductivity of the liquid govern the speed of the
attack. Salt water is an excellent electrical conductor, and galvanic corrosion resulting from
dissimilar metals in contact is a significant problem on waterfront structures. The possibility of
galvanic corrosion must be considered whenever dissimilar metals are used in marine structures.

An effect similar to galvanic corrosion can occur when there is a difference in environment
between different areas on a single metal. When oxygen levels are limited, by reduced free access
to freshly oxygenated water, in areas such as the threads of a bolt or between structural members,
the difference in oxygen content can cause an electrical current to flow between the areas of high
and low oxygen content.  This electrical current results in accelerated corrosion. This effect is
particularly severe on stainless steels and aluminum alloys.  A difference in environment with
resulting accelerated corrosion can also be created when a surface is partially covered by an
electrically conductive material such as concrete.

Corrosion can also be accelerated by the action of bacteria.  In the absence of oxygen,
sulfate-reducing bacteria can grow, and the sulfides they produce can cause rapid attack on steel.
Areas such as the inside of pipe piles that are not filled with concrete can become depleted in
oxygen and are frequently the site of sulfate-reducing bacteria attack.  Some bottom sediments
are oxygen deficient and sulfate-reducing bacterial attack can occur on buried steel in such
sediments. Sulfate-reducing bacteria attack is more likely to occur in polluted harbors but can
occur whenever oxygen is depleted.  The presence of sulfate-reducing bacteria can often be
detected by the odor of rotten eggs produced by the bacteria.  As sulfate-reducing bacteria attack
usually occurs on the inside of pipe piles or below the mudline, it is especially difficult to locate
and repair open end pipe piles which are not concrete filled and typically used on offshore and
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waterfront structures.  Experience indicates, however, that the insides are generally not subject to
corrosion.

Finally, corrosion can be initiated by the presence of stray currents, e.g., from nearby
electrical power lines.

Zone 1
Atmospheric
corrosion

Zone 2
Splash zone
Above high tide Mean high water

Zone 3
Tidal

Mean low water

Zone 4
Continuously
submerged

Zone 5
Subsoil

Mudline

Increasing corrosion

Relative Loss in Metal thickness

Figure 6-1.  Severe Corrosion Cones, Just Above High Tide Line and Just Below Low Tide Line.
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Figure 6-2.  Typical Corrosion on Steel H-Piling.

Figure 6-3.  Typical Corrosion on Steel Sheet Piling.

6.2.2 Abrasion. Abrasion of steel structures can generally be recognized by a worn,
smooth, polished appearance of the surface.  Abrasion is caused by continual rubbing of adjacent
moving steel surfaces, or by the exposure of structural components to wave action in areas of
sandy bottom.  Steel sheet piling and pile-supported structures are particularly susceptible to sand
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abrasion in exposed locations. Abrasion of steel structures is a problem because it removes both
protective coatings and protective layers of corrosion products, thus accelerating corrosion.

6.2.3 Structural Connection Loosening.  Structural connections joined together by
rivets or bolts have a tendency to work loose over an extended period of time. Connection
loosening can result from impact loading of the type imparted by a vessel striking a pier or wharf
fender system.  Wave action and reciprocating machinery mounted on or below pier or wharf
decks are other sources of possible connection loosening.  Corrosion of bolts, rivets, nuts,
washers, and holes can also contribute to connection loosening.  Loosening of connections will
tend to produce misalignment in mating surfaces, which, in turn, can result in distortion and
stress concentrations in framing members.

6.2.4 Fatigue Failure.  Fatigue failure results in the fracture of structural members as a
consequence of repeated high loading.  Fatigue distress can be recognized by a series of small
hairline fractures perpendicular to the line of stress in the member. Tubular connections of
offshore platforms are particularly susceptible to fatigue failure. Fatigue cracks are difficult to
locate.  Since fatigue cracks represent an extremely dangerous condition in steel marine
structures, extreme care must undertaken when inspecting structural members subjected to
repetitive loading, particularly high wave loading.

6.2.5 Overloading. Steel structural elements are sensitive to impact damage from
berthing vessels and other types of accidental overloading.  Impact or collision damage can
generally be recognized by the appearance of local distortion (deformation) of the damaged
member. This damage is generally characterized by a sharp crimp or a warped surface as
illustrated in Figure 6-4. Compression overloading damage of a steel pile is illustrated in Figure
6-5.
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Figure 6-4.  Overloading Damage Due to Impact or Collision.

Figure 6-5.  Overloading Damage Due to Compression.

6.2.6 Foundation Deterioration. Loss of foundation material from around steel piles
leads to accelerated corrosion and loss of column strength of the piles. The loss of foundation
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material is usually caused by the scouring of material from around the piles. Scouring can be
caused by an increase in the velocity of the water passing by the piles or a change in the current’s
direction.  If the piles thus exposed are not protected, eventual collapse of the structure is possi-
ble.  A loss of foundation material in front of a sheet pile bulkhead may cause kick-out of the toe
of the wall and result in total failure.

6.3 Typical Inspection Procedure

6.3.1 Surface Inspections.  Generally, visual inspections will allow detection and
documentation of most forms of deterioration of steel structures.  In the event that more detailed
NDT techniques may be required under a Level III inspection, a plan and sampling techniques
need to be developed and tailored to the specific areas of concern.

Some types of corrosion may not be detected by visual inspections.  For example, inside
steel pipe piling, anaerobic bacterial corrosion caused by sulfate-reducing bacteria is especially
difficult to detect by visual inspection.  Fatigue distress can be recognized by a series of small
hairline fractures perpendicular to the line of stress but these are difficult to locate by visual
inspection.  This type of problem, however, is more prevalent to offshore platforms with welded
structural connections than to standard piers and wharves.

Cathodic protection systems need to be closely monitored both visually and electrically for
signs of loss of anodes, wear of anodes, disconnected wires, damaged anode suspension systems,
and/or low voltage.

6.3.2 Underwater Inspection.  Underwater Inspection of a steel waterfront structure
should proceed as outlined in Table 6-1.
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Table 6-1.  Steel Structures Underwater Inspection Checklist.

Checkpoint Description
1 Start the inspection at the splash/tidal zones and proceed to about 3 feet below the

MLW. This is where most mechanical and corrosion damage is normally found.
2 Clean all marine growth from a 1-foot square section of pile (a larger areas, if

inspecting sheeting) and visually inspect for rust, scale, and holes.
3 If the structure has a cathodic protection system, check the cleared underwater area

with an underwater voltmeter, as shown in Figure 3-22, or use a portable reference
electrode and portable reference cell, as shown in Figure 3-23, to determine the
effectiveness of the cathodic protection system. Acceptance levels for cathodic
protection are -0.80 to -0.90 volt when compared to a silver/silver chloride
reference electrode.

4 Sound the surface with a hammer to detect any scaled steel or hollow areas.
5 Inspect holes in steel sheeting for loss of backfill material through the opening and

subsidence of adjacent ground surface.
6 Descend, visually inspecting the structure and sounding with a hammer where

there is minimal marine growth.
7 At the bottom, record the water depth, using a wrist gauge, on a Plexiglass slate

with a grease pencil, or communicate the information to topside personnel.
8 Record other visual observations, such as coating condition (peeling, blistering,

erosion). Closely inspect splices for loss of weld materials and looseness.
9 Record the condition of cathodic protection equipment (broken or corroded

conduits, loose wires, consumed or lost anodes).
10 Record the extent and type of corrosion, structural damage, or any other significant

observations, using calipers and scales to measure the thickness of steel flanges,
webs, and plates, and ultrasonic meters to measure the thickness of steel pipe piles
and sheet piling.

11 Return to the surface and immediately record the observation data in the inspection
log, or communicate data to topside personnel.

12 Where more sophisticated means are required to evaluate the condition of steel
piling:

• Ultrasonic inspection is available for thickness measurements. Pay
particular attention to ensure that the areas are clear of all marine growth and
scale. Use of ultra-sonic equipment in areas with corrosion pitting can result in
erroneous thickness measurements.

• Magnetic particle inspection may be used, particularly on welded
connections, to detect cracks and small defects.

Exposed Area Under Pier or Along Wharf
1 Inspect for structural damage, rust, scale, and holes.
2 Sound the surface with a hammer to detect any scaled steel or hollow areas.
3 Inspect holes in steel sheeting for loss of backfill material through the opening and

subsidence of adjacent ground surface.



31

6.4 Equipment and Tools Required

To ensure a thorough inspection, the area must be cleared of all marine growth.  This can
be done by various means, depending on surface support.  A high-pressure water jet is the most
effective method for clearing marine growth sufficiently for visual inspection. Hand tools, such
as wire brushes and scrapers are sufficient for smaller jobs.  Sounding of the structure can be
done with a small hammer or pickax. Inspection of the structure requires some type of
underwater data recording device, such as a grease pencil/slate, or hardwire communications with
topside personnel.  Calipers and scales are used to determine thicknesses of steel flanges, webs,
and plates.  A portable reference electrode or an underwater voltmeter is used to determine the
effectiveness of cathodic protection on steel structures.  Table 6-2 gives voltages measured by the
underwater voltmeter for steel structures.  Visual documentation may be desirable for illustrating
problem areas to others who did not physically make the inspection dive.  Using an underwater
camera or television system can do this.

Table 6-2.  Underwater Voltmeter Values for Steel Structures.

Voltage Measured
(V) Description

0.0 to –0.7 Steel is cathodically unprotected.  The rate of corrosion depends on
the effectiveness of paint or tar coatings, marine growth, and local
water chemistry and water currents.  On some structures, the hard
layer of marine growth may provide some protection.  The closer to 0
volts the more active is the corrosion potential.  Note: -0.6 volt is the
potential of bare, unprotected steel in seawater.

-0.7 to –0.82 The steel is partially protected.
-0.83 to –1.1 The steel is adequately protected.  Cathodic protection systems are

working effectively.
-1.1 or higher negative

values
The steel is “overprotected.”  Note:  Under some circumstances, the
metal surface can be made more brittle when overprotected.  Surface
coatings may be damaged or “lifted off” by the excess formation of
hydrogen bubbles.

6.4.1 Ultrasonic Inspection.  Ultrasonic thickness measurement equipment is available
for inspecting steel structures. Thickness measurements are obtained because certain types of
ultrasonic waves travel at a constant speed through a material, because they travel in straight
lines, and because a portion of the wave is reflected when it meets an interface. The difference in
time between the detection of the front surface and back surface echoes is correlated to the
thickness of the material.  Ultrasonic thickness measurements require a thorough removal of
marine growth and scale and can be unreliable if the surface on which the instrument is placed is
heavily pitted.  Adequate training and experience are required to obtain readings and to evaluate
the measurements made with this equipment.

6.4.2 Underwater Magnetic Particle Testing.  Underwater magnetic particle testing
(UWMT) is a nondestructive method for locating and defining surface discontinuities (such as
cracks) in magnetic materials underwater. Its principle of operation is that magnetic particles are
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attracted to flux leakages at the surface of magnetized materials and form indications of
discontinuities located either at or just below the surface.

In operation, the magnetic material or item of interest is magnetized using an
electromagnetic yoke specially designed for underwater use.  Wherever surface discontinuities
exist within the yoke’s field of influence, magnetic flux will “leak” from the surface of the part.
A slurry of magnetic particles are attracted to, and aligned with, the leaking magnetic flux. The
particles are brightly colored and form a visible indication corresponding to the location of
discontinuities at or very near the part’s surface.

• UWMT Applications - Underwater magnetic particle testing is used primarily as a
quality assurance tool to support underwater welding on ship structures. It can also be used to
inspect hulls or other magnetic components for surface discontinuities such as cracks and lack of
fusion in welds. UWMT can be used to define the true length (and locate the true ends) of
discontinuities detected visually and to help determine where corrective measures (e.g., stop
drilling) should be applied.

• UWMT Limitations - As with any inspection method, UWMT has some limitations.
These include:

(1) Underwater magnetic particle testing has limited subsurface capability.  It is
considered to be strictly a method for detecting and measuring surface discontinuities. It is not an
approved method for detection of subsurface discontinuities.

(2) The adequacy of inspection with UWMT (as with most nondestructive test
methods) is largely a function of the operator’s knowledge and skill.  Inspections with UWMT
are to be performed only by personnel trained and specifically certified in UWMT.

(3) UWMT is limited to ferromagnetic materials, which include most steels. For most
applications, a simple check with a magnet is sufficient to determine suitability for UWMT.

• Certification Requirements for UWMT - Personnel performing UWMT require
certification in UWMT. Certification can only be obtained by training and examination.  Divers
may be trained by a certified UWMT examiner.  Training can be done at either the diver’s
activity or at the agent’s facility.

• Specific Preparation Requirements for UWMT - Preparation for conducting
UWMT entails assembling all necessary material and personnel required to safely satisfy the plan
requirements.  Divers must determine that the water current will not affect the application of
magnetic particles where UWMT is to be conducted.  Water currents greater than 1 knot make it
difficult to perform UWMT.  Divers must also determine that the underwater visibility is
adequate for the interpretation of the test results.

The following paragraphs describe inspection equipment required to conduct UWMT.
Inspection equipment specific to UWMT, along with general surface preparation and recording
equipment are:
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- Inspection Equipment

Electronic yoke with power cable
Ground fault interrupter (GFI)
White light source
U/W-1 magnetic particles with applicator
Magnetic field indicator

- Surface Preparation and Restoring Equipment

Diver staging (optional)
Hydraulic or pneumatic hand-held grinder or high-pressure water jet
Anti-corrosion coating (epoxy)

- Recording Equipment

Stereo and/or still camera  (optional)
Video and monitor system (optional)
Measuring devices (tape or rule)
Plexiglas writing slate, grease pencil, arrow punch

UWMT equipment includes:

• Electromagnetic Yoke - An electromagnetic yoke is used to induce a magnetic field in
the material. The articulation of the yoke’s legs allows any pole spacing between 2 inches and 8
inches, and the yoke can accommodate plate offsets of up to 6 inches and joint angles from about
45 degrees to 270 degrees.  To minimize the risk of electric shock, no controls are on the yoke. A
topside operator energizes the yoke.

• Power Cable - A two-conductor power cable with a braided external ground and a
protective jacket, delivers power to the electromagnetic yoke. Typical cables are 250 feet long to
permit operation in the majority of locations accessible by a surface-supported diver. The
external ground braid generates a ground fault whenever the cable is cut; the power conductors
cannot be reached except by first penetrating the ground braid.

• Ground Fault Interrupter (GFI) - The diver’s primary protection from electric shock
is an approved isolation transformer/GFI device.  The GFI interrupts power when it senses a drop
in the resistance between the isolated system power leg and the power supply ground.

• White Light Source - A primary illumination source is a Remote Ocean Systems
model TUBE-LIGHT.

• Magnetic Particles - Magnetic particles are finely divided ferromagnetic particles
having a low magnetic retentivity and a high permeability.  They are dyed pink to be visible
under normal lighting. The particles are mixed with wetting agents and corrosion inhibitors to
enhance their underwater performance.
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• Magnetic Particle Applicator - The magnetic particle applicator is a reservoir of
magnetic particles and water that the diver uses to deliver magnetic particles to the surface of the
inspection area. A simple and effective magnetic particle applicator is a plastic squeeze bottle
that contains a marble-sized object to aid in mixing.

• Magnetic Field Indicator - The magnetic field indicator is a small device with crack-
like discontinuities on its face.  The indicator is used to determine if the inspection site has
adequate magnetic flux.  The diver places the indicator at the inspection site, topside energizes
the yoke, and the diver delivers the particles.  A clearly visible accumulation of particles
(indications) should then form along the crack-like discontinuities on the pie-shaped magnetic
field indicator.  In the pie-shaped gauge, the crack-like discontinuities are furnace-brazed joints
between adjacent steel wedges.  Though a simple test to measure the magnetic field strength
inside the material being inspected is unknown, it is assumed that an adequate field just outside
the material signifies an adequate field inside as well.

7.0 COMPLIANT MOORINGS

7.1 Types of Compliant Moorings

Compliant moorings allow ships to maintain either a fixed or semi-fixed position. A
compliant mooring in common use is the riser free-swinging mooring as shown in Figure 7-1.
This type of mooring achieves its holding power through anchors embedded in the seafloor.
These anchors are connected to ground leg chains that meet at the ground ring which, in turn, is
connected to a riser-type buoy by a riser chain.

Another compliant mooring is the nonriser free-swinging mooring, illustrated in Figure 7-2.
This configuration uses anchors embedded in the seafloor that are individually connected to a
telephone buoy.  Both riser and nonriser moorings require a good deal of unobstructed water
surface to allow the ship to rotate around the mooring according to changes in wind and current
direction.

A spread mooring eliminates the tendency for the buoy to rotate.  This type of mooring uses
two or more mooring buoys, usually in conjunction with the ship’s anchors, to hold the ship in a
fixed position.  The most commonly used types of buoys are illustrated in 7-3.
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Figure 7-1.  Free Swinging Mooring.     Figure 7-2.  Non-riser Free Swinging Mooring.

Figure 7.3.  Commonly Used Buoys.

7.2 Compliant Mooring Anchors

Not being able to comment on typical mooring anchors that may be found in marine
terminal facilities, some common types of anchors used in Navy compliant moorings are:

• Drag Embedment Anchors. Of the common drag embedment anchor types found in
Navy moorings, the NAVMOOR anchor is typically found in high capacity moorings (Class C -
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100,000 pounds and above); while the stabilized Stockless anchor is used in moderate to low
capacity moorings (Class C or below).  Stockless anchor flukes will be fixed in the fully opened
position for mud soil applications.

When mooring load in a ground leg exceeds the capacity of a single anchor, multiple
anchors are used side by side or in tandem (piggyback).  In mud seafloors, the piggyback and
connecting chain will be buried.  However, in hard clay and sand seafloors, the connecting chain
and hardware will be exposed and available for inspection.

• Wedge Anchor (Pearl Harbor Anchor).  This inexpensive anchor may be found in
low capacity and short-scope moorings in single and multiple anchor ground legs.  Both primary
and tandem chain connections and tandem chain often are exposed on the bottom and thus are
available for inspection.  For rock seafloors, this anchor may be fitted with steel digging plates on
the front anchor face, which may be worn or damaged and should be inspected.

• Direct Embedment Anchors. Two direct embedment anchor types, which are
characterized by their method of installation, are used in Navy compliant moorings.  They are the
propellant-embedded anchor (PEA) and the pile-driven plate anchor (PDP).  The PEA with a
wire downhaul cable is fired into the seafloor from a gun (harpoon-like). The wire cable is
particularly susceptible to wear at the soil, coral, or rock interface.  The PDP is driven into the
seafloor by a pile driver and follower assembly.  A chain or chain and wire combination can be
used with the PDP, but the chain segment always occurs at the soil or coral interface to reduce
wear potential. The seafloor interface segment of wire or chain connected to all direct
embedment anchors should be inspected.

• Pile Anchors. This anchor is used often with bow ground legs of Mediterranean
moorings.  Its use should be limited in the future due to expanded use of driven plate anchors.
The pile anchor to chain connection is usually located below the mudline.  Inspection of this
connection can be accomplished using a suction dredge to uncover the connection.  Inspection is
only necessary if severe chain wear/corrosion is evident at the mudline.

7.3 Deterioration of Compliant Moorings

Deterioration of compliant moorings is primarily due to corrosion and wear losses on the
mooring chains, fittings, and anchors.  Compliant moorings are affected by loss of buoyancy due
to accumulations of fouling organisms.  Compliant moorings are also affected by both
electrochemical corrosion and a form of corrosion known as fretting.  Fretting is the combined
effect of corrosion and ordinary wear.  Fretting and ordinary wear is caused by the relative
movement between interconnecting links and fittings under the influence of waves, currents, tidal
variations and action from the motion of the buoys.  Corrosion and wear of metal components is
observed as pitting, holes, cracks, fissures, loose or missing bolts or rivets, and reduction of chain
wire diameter. Reduction of chain wire diameter is often greatest at interlink connections.

7.3.1 Chain-Link Measurements.  One significant parameter used to evaluate the
condition of a mooring is the chain wire diameter. A selective sampling of wire diameter of chain
links and connecting hardware is taken to determine the amount of deterioration due to corrosion
and wear.

• “Single-link” measurements are taken where chain is slack.
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• “Double-link” measurements are taken where two links connect under tension.

Chain links and other chain components that measure greater than 90 percent of original
wire diameter are considered to be in “good” condition. Measurement between 80 and 90 percent
of original diameter is considered “fair” condition and is cause for the mooring to be downgraded
in classification.  Measurement less than 80 percent is considered an indication of “poor”
condition and is cause for the mooring to be declared unsatisfactory for use.

7.4 Typical Inspection Procedure

Inspecting a compliant mooring should be in accordance with the following checklist. The
information should be recorded on a standard compliant mooring underwater inspection report.

7.4.1 Inspection Checklist

1. BUOY UPPER PORTION

a. Overall Condition

• Record buoy type (drum, peg top, etc.).

• Measure and record buoy diameter and freeboard (waterline to top of buoy).

• Buoy overall condition: report any visible damage or listing. If the buoy is
listing, determine which inner compartment has water in it.

• Report the color and markings. Ensure that the identification number on the
buoy is the same as that depicted on navigation charts; if not, report it.

b. Fiberglass Coating

• Report hull dents or separation of the fiberglass from the buoy. The metal could
be indented and the fiberglass could look undamaged.

• Report peeling or loose seams or edges. Fiberglass will often fail there first.

• Report any rust bleeding. This indicates trapped moisture between the fiberglass
and the buoy’s hull.

• Report blisters, bubbles, cracks, checking, or glazing that may be hidden under
paint.

c. Painted Surfaces

• Report spalling, cracking, peeling, and blisters.

• Report lack of full paint coverage of the buoy or paint discoloration due to
chemical reactions or rust bleeding.
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Figure 7-4.  Standard mooring inspection report form.
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Figure 7-4.  Standard mooring inspection report form (continued).
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d. Top Jewelry

• Identify each component and prepare a sketch depicting the location of each
within the top jewelry.

• Report any wear or corrosion of jewelry components.

e. Fenders/Chafing Strips

• Record the number and location of each.

• Record the method of fender/chafing strip attachment.

• Check for and report any loose, rusted, or broken attachments or bolts.

• Check the welds securing the fender/chafing strip mounting brackets to the buoy
hull and report any cracks or separation of the welding material from the parent metal.

• Ensure that drainage holes through the chafing strips are open and not clogged
with debris.

(1) Timber

• Report any splintering, dry rot, worm/borer holes, or broken sections.

• Record paint type and condition.

(2) Rubber

• Check for and report any rubber brittleness or cracking.

• Record any tears, rips, or missing sections.

(3) Steel Pipe Chafing Rail

• Record pipe rail diameter and height above the deck.

• Check for rust and a secure attachment at the base of the stanchions and
rust on the underside of each horizontal rail.

• Record any damage, i.e, dents, fractures, or loose parts on which a line
may foul.

f. Manhole Covers

• Report the number, size, and location of each manhole.
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• Report rusting of the covers or bolts. The edges of the covers may show a
“delamination” of the steel.

• Check for and report any loose or missing bolts.

• On fiberglass-coated buoys, report whether the manhole covers are fiberglassed
or not.

g. Tension Bar

• Check eye for wear and measure its diameter with calipers.

• Measure steel bar thickness.

• Check base plate for cracks, warping, or other damage.

• Record plate thickness.

h. Hawsepipe

• Measure and record wire diameter and condition of chain held in place by the
retaining plate.

• Check for and report bell mouth rusting or wear.

2. BUOY LOWER PORTION (UNDERWATER)

a. Lower Fender

• Record fender material.

• If timber, report any splintering or broken/missing sections.

• If rubber, report any tears, rips, or missing sections.

• If visible, record fender attachment method.

• Check for and report any rusted, loose, or broken attachments or bolts.

b. Buoy Bottom

• Record marine growth thickness.

• If there is no appreciable marine growth, check and record the type and
condition of the protective coating (paint or fiberglass).

• Report any dents or other bottom hull damage.
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c. Tension Bar

• Check lower tension bar eye for wear and measure its wire diameter with
calipers.

• Check retaining plate and report any observed wear or warping.

d. Hawsepipe

• Measure and record chain wire diameter at the bottom of the hawsepipe.

• Check and report rubbing casting wear. If the rubbing casting is missing, then
check for rusting and wear of the bell mouth.

• Ensure that chain is securely attached to rubbing casting.

e. Bottom Jewelry

• Identify and report each type of chain component between lower tension bar eye
and riser chain.

• Measure and record component length and wire diameter.

• Report any observed wear or corrosion.

f. Cathodic Protection System on Buoy

• Record number, size, and location of installed anodes.

• Ensure that each anode is securely attached to buoy.

• Use an underwater voltmeter or portable voltmeter and silver/silver chloride
reference electrode as described in Section 6.4, measure the potential of the bottom of the buoy in
at least three locations and record the potentials. The guidelines for interpretation of the
potentials given in Table 7-1 also apply to steel buoy bottoms.
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Table 7-1.  Underwater Voltmeter Values for Steel Structures.

Voltage Measured
(V)

Description

0.0 to –0.7 Steel is cathodically unprotected.  The rate of corrosion depends on the
effectiveness of paint or tar coatings, marine growth, and local water chemistry
and water currents.  On some structures, the hard layer of marine growth may
provide some protection.  The closer to 0 volts the more active the corrosion
potential.  Note:  -0.6 volt is the potential of bare, unprotected steel in seawater.

-0.7 to –0.82 The steel is partially protected.
-0.83 to –1.1 The steel is adequately protected.  Cathodic protection systems are working

effectively.
-1.1 or higher

negative values
The steel is “overprotected.” Note: Under some circumstances, the metal surface
can be made more brittle when overprotected.  Surface coatings may be damaged
or “lifted off” by the excess formation of hydrogen bubbles.

3. RISER CHAIN SUBASSEMBLY

a. Links

• Record chain type (cast, forged, Dilok).

• Using appropriate tools, clean the following components for measurements:

(1) First three links below bottom jewelry.
(2) Three links just above ground ring.
(3) Three links about halfway in between these two areas.
(4) If the riser contains more than one shot of chain, clean links and take

measurements at both ends and near the center of each shot.

• In a nonriser-type mooring clean:

(1) First three  links of each leg just below buoy’s padeyes.
(2) Three links just above mudline.
(3) Three links about halfway in-between.

• Take and record double-link measurements of cleaned links.

• Record length of one of the links cleaned at each area.

• Check for and record manufacturer’s markings.

• Check for pitting, measure diameter and depth of any pits found, and record
results.

• Record water depth below buoy where each measurement is taken.
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b. Connecting Hardware

• If visible, identify and record type of each (shackle, detachable link, anchor
joining, etc.).  Detachable links should be found on either side of the shackle and at the top and
bottom of each chain shot.

• Record component’s overall length and wire diameter.

• Report any loose, broken, or missing parts.  If visible, note condition of tapered
locking pin in a detachable link.

• Record water depth below buoy of each connecting component.

• Record any manufacturer’s markings.

Past experience has indicated that the most severe wear occurs at the shackle
connecting the mooring buoy padeye with the top link of chain. Special attention is required to
inspect this shackle:

• Measure the least diameter of the shackle pin.

• Inspect whether the pin exhibits any outward movement.

• Check and record the condition of locking wire or pin at the end of the shackle
pin.

c. Swivel

• Each riser subassembly should contain a swivel.  Record swivel depth.

• Check swivel for marine growth.

• Record any manufacturer’s markings.

4. GROUND RING SUBASSEMBLY

• Three typical types of ground ring assemblies are:

(1) A ground ring with four pear links attached.
(2) A ground ring with four anchor joining links.
(3) A ground ring with four shackles.

• Record type of ground ring assembly observed.

• Measure and record inside diameter (ID) of ring.
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• Check and report any distortion of ring from circular that would indicate
overstressing.

• Record height of assembly above bottom, or if the water is too deep, record depth
below buoy.

• Using calipers, measure wire diameters of links attached to the ground ring and
record results.

• Record any manufacturer’s markings.

5. GROUND LEG SUBASSEMBLY

a. Links

• Record chain type installed (cast, forged, Dilok).

• Using appropriate tools, clean the following for measurements:

(1) First three links of each leg below the ground ring.
(2) Three links above mudline.
(3) Three links about halfway in-between these two areas.

• Measure and record double-link measurements of the cleaned links.  If one or
more legs should extend considerable distances before entering the bottom, clean links and take
measurements at both ends and near the center of each visible shot. If chain is not in tension,
single-link measurements should be taken and recorded.

• Record length of one of the links at each area.

• Check for and record manufacturer’s markings.

• Check for pitting, measure diameter and depth of any pits found, and record
results.

• Record each anchor leg length from ground ring to bottom and from where it
touches bottom to the point it becomes buried.

• Using a compass, note and record the relative bearing of each leg from the
ground ring.

• Repeat above steps for three links at each end of tandem anchor connecting
chain (if visible).

b. Connecting Hardware

• Identify and record component type (shackle, detachable link, anchor joining,
etc.).
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• Record component’s overall length and wire diameter.

• Report any loose, broken, or missing parts.

• Record any manufacturer’s markings.

• Record position of each connecting component by leg number and number of
feet from ground ring.

c. Swivel

• Each anchor leg subassembly may contain a swivel.  If located, record position
by its leg number.

• Record any manufacturer’s markings.

6. ANCHOR ASSEMBLY (if visible)

a. Anchor

• Identify and record type. Note whether or not anchor has stabilizers.

• Attach a pop float and record its bearing from the buoy using a compass.

• Determine and record anchor’s orientation (i.e., flukes buried, flukes up, anchor
on its side, anchor facing the wrong direction, etc.).

b. Repeat all of the above for the tandem anchor.

c. Connecting Hardware

• Identify and record component type and location.

• Record component’s overall length and wire diameter.

• Report loose, broken, or missing components.

7. PROPELLANT-EMBEDMENT ANCHORS (if visible)

a. Swage Fittings

• Check for any loose, broken, or missing pins or parts.

• Check for fraying of the wire rope pendant where it enters the swage fitting and
report any noted.

b. Pendant/Downhaul Cable
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• Measure and record the wire diameter.

• Check for fraying, kinking, “birdcag-ing,” or rusting of the cable and report any
noted. Look for a “necking down” of the wire that may indicate the existence of a corrosion cell.

• Record the amount (in feet) of wire pendant visible between the anchor leg and
the point that the pendant enters the bottom.

• Report any evidence of pendant cable movement on the bottom.

• Inspect and record any sign of wire rope pullout at the terminations.

8. EQUALIZER (SPIDER)

• Check for rust and wear.

• Note the amount of marine growth located within the equalizer.

9. CHAIN CATHODIC PROTECTION SYSTEM

a. Anodes

• Record anode size and location on the chain.

• Observe and record anode condition and determine whether or not its
consumption is uniform.

• Record the color and estimate the thickness of the oxidation coating.

• Ensure secure attachment to the chain and the continuity wire.

• Using an underwater voltmeter, measure and record the chain’s electrical
potential.

b. Electrical Continuity-Cables/Clips

• Check and record cable’s secure connection to the chain.

• Probe chain every 15 feet until anchor is reached or chain disappears into the
bottom and record the potentials.

• The risers of mooring buoys are commonly protected from corrosion using
sacrificial anodes. These anodes are consumed by galvanic action while providing protection for
the chain.  In order to be effective, electrical continuity between the anode and all chain links
must be provided. For the ground legs that are often slack, a connecting wire attached to the
chain provides this continuity.  The tension in riser chain is normally sufficient to maintain
electrical continuity.
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7.4.2 Cathodic Protection Inspection.  The most common method of cathodically
protecting compliant moorings involves the use of 150- to 500-pound zinc anodes attached to
buoy hulls and each shot of chain. Underwater voltmeters are used to determine the effectiveness
of the system by measuring relative electrical potentials of the buoy and chain at certain distances
from the anode. The electrical potential of the metal is the charge of the metal compared to a
standard reference electrode, typically silver/silver chloride.  Steel that is adequately protected
from corrosion should have electrical potentials that fall between -0.80 and -0.90 volts (Table7-
1).

A portable voltmeter and portable reference electrode can be used to measure the potential
on buoy hulls, but due to water depth and questionable electrical continuity, an underwater
voltmeter is required for inspection of the cathodic protection system on chain.

A greater potential indicates that the anode is overworking and serious damage could occur
to the metal, while a lesser potential indicates that the system is not operating effectively and
corrosion may be occurring.

Compliant mooring inspection divers will normally use a self-contained voltmeter, which
consists of a digital display, surface readout facility, and rechargeable battery.  Underwater
voltmeter readings must be taken at 20-foot intervals on the chain, on each side of each anode, at
each end at the continuity cable, and on each side of each swivel.  Whenever readings are taken,
potentials, depth, and element measured should be recorded.  Note that a moored vessel can
affect the cathodic protection system on the mooring buoy and chain and cause the readings to be
either higher or lower than normal.

7.5 Equipment and Tools Required

Chain measurements are best made with precut “go-no go” gauges, calibrated at 90 and 80
percent of original wire diameter.  Calipers (24-inch minimum) are also required, with the
measurements taken off a ruler attached to a Plexiglas slate.  A 100-foot tape and scales 1, 2, and
3 feet long with large numbers suitable for photo documentation will be required.  A diver’s
compass and accurate depth gauge, as well as survey buoys, will also be required.

The effectiveness of cathodic protection systems is measured as follows:

• On mooring buoys - either an underwater voltmeter or a portable voltmeter and
portable reference electrode can be used.

• On chain - an underwater voltmeter is used.

To record any findings underwater, a grease pencil and Plexiglas slate are required. An
underwater camera is required for photographic documentation, and a video recording system
may be required.  An inclinometer is required for obtaining the angles of mooring chains in
nonriser-type moorings and spread moorings.  Marker tags are used to relocate or mark links or
accessories.  Transits and targets are required for locating buoy positions.  Because divers need
high mobility, and because of the depth of water in which they will be working, the cleaning
operations to be performed for inspection work generally require only hand tools, such as wire
brushes and scrapers.

At times ROVs may be used to supplement mooring inspections.
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8.0 CONCRETE STRUCTURES

8.1 Types of Marine Concrete Structures

Concrete is widely used in the marine environment as a construction material because of its
many desirable properties. In its plastic state, concrete is easily mixed, handled, transported, and
placed into forms.  The strength of concrete can be regulated by adjusting the quantities of
cement, aggregate, water, admixtures, and, in particular, the water-to-cement ratio. This ratio is
one of the prime considerations in concrete mix design not only to provide adequate concrete
strength, but, equally important, to provide long term durability of concrete in the harsh marine
environment.

The performance of a concrete structure is most affected by the care taken in its
construction and installation. Properly made concrete is highly durable in marine applications,
exhibiting resistance to corrosion of reinforcing steel, chemical deterioration, weathering,
erosion, and structural damage. Concrete is relatively strong under compressive loading, and with
steel reinforcing resists bending and tensile forces.  Concrete can be cast in place at the job site,
precast into the required shape at a concrete plant and shipped to the site, or prestressed before
installation to accept additional loading.  With proper procedures, concrete can be rapidly placed
underwater where it will harden into good quality concrete.

Circular or square concrete piles (Figure 4-2) are widely used to support piers, wharves, and
other structures.  Concrete is used as a decking material for many waterfront facilities and in
retaining wall structures, such as those needed for closed piers and wharves, bulkheads,
quaywalls, dry-docks, and seawalls.  It is also used in pavements, bridge foundations, boat
loadings and ramps, breakwaters, undersea cable and pipeline stabilization, and offshore
structures.

8.2 Deterioration of Marine Concrete

The most common damage resulting from the premature deterioration of concrete structures
in or near seawater is cracking and loss of material (or cross section).  Softening of the concrete
due to chemical action is another form of damage but less common than cracking.  As shown in
Table 8-1, the damage to concrete is generally most severe in the splash and tidal zones, but does
occur in all zones. The different exposure zones are shown in Figure 5-1.

Deterioration of concrete waterfront structures is caused primarily by:

• Corrosion of steel reinforcement
• Repetitive freezing and thawing of moist concrete
• Abrasion
• Chemical deterioration from saltwater
• Structural overloading
• Shrinkage
• Swelling

Concrete damage is found by walking the pier deck, by inspecting below the pier deck with
a small boat or barge, and by underwater inspections.  The primary method of inspecting concrete
is by visual observation.  Most durability problems will be detected visually using hand tools
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such as pick and hammer.  Only after problems are detected should other inspection methods
such as probes, coring or sonic test equipment be considered.

Table 8-1.  Types of Damage in Marine Concrete.

Zone (Location)a Common Causes of Damage

Description of
Damage Observed

Most
Sever

e

Corrosion
of Rein-

forcement
Freeze-
Thaw Abrasion

Sulfate
Attack

Chemical
Reaction of
Aggregates

Structural
Overload

Cracking All T Xb X X X

Loss of material-c

Exposed Rein-
forcment and/or
Aggregate

All S, T X X X X X X

Material S, T, Su S, T X

aA = Atmospheric zone: S = Splash zone; T = Tidal zone; Su = Submerged zone; M = Mud zone (see
Figure 3-11).
bRust stains on the concrete surface are generally a symptom of corrosion of the reinforcement.
cLoss of material from spalling, scaling, disintegration.

The three most common visual signs of concrete deterioration in marine structures are:
cracking, disintegration, and spalling.  Disintegration is defined as an overall decay of the
concrete involving loss of strength of the cement and sand paste and subsequent loosening or loss
of coarse aggregate particles.  Spalling is defined as a localized area or fragment of concrete
falling away from the structure.  Both disintegration and spalling can expose reinforcing steel.

The causes for each symptom of deterioration are many and varied, and in most cases of
progressing deterioration, they occur simultaneously.  Much concrete deterioration in the marine
environment starts as a result of poor construction techniques and inadequate inspection and
quality control during construction.  To develop a suitable and adequate concrete repair
procedure, the cause of deterioration must be determined.  Causes of concrete deterioration are
described.

8.2.1 Corrosion of Reinforcing Steel.  With the exception of mass gravity structures,
most marine concrete structures use steel reinforcement.  This reinforcement, to be most
effective, is nearly always located within a few inches of the concrete surface, making the steel
susceptible to corrosion if it does not have adequate cover of good quality concrete. Corrosion is
more likely to occur if the concrete is overly porous or if cracking is initiated by some action.

The reinforcing steel corrosion products (rust) can increase the volume of the rusted area up
to eight times. This leads to cracking of the concrete cover in lines parallel to the reinforcing
steel. Eventually spalling results, and in cases of close reinforcement spacing, a complete
delamination of the concrete surface can occur.
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All concrete is porous to some extent.  The degree of porosity is dependent primarily on the
water/cement (w/c) ratio of the concrete mix and on good construction practices. The lower the
w/c ratio, the more dense (less porous) the concrete which limits the rate at which water,
dissolved oxygen, and chloride ions reach the reinforcing steel, and lengthens the time for
corrosion of the rebar to damage the concrete.

For example, reinforced marine concrete made with a w/c ratio of 0.6 to 0.7 (7 or 8 gallons
of water per 94-pound sack of cement) will show rebar corrosion, cracking, and spalling in a few
years, whereas well made concrete with a w/c of 0.4 (about 4-1/2 gallons of water per sack of
cement) will likely serve several decades or more before serious deterioration occurs.

8.2.2 Freeze/Thaw Deterioration.  Freeze/thaw deterioration is the freezing of absorbed
moisture or water in porous concrete exposed to subfreezing temperatures. This is one of the
most common causes of concrete deterioration in the tidal and splash zones. Upon freezing, this
entrapped water expands and cracks the concrete. Upon thawing, the cracked surface
disintegrates.  Repeated cycles of freezing and thawing can lead to partial or even total loss of the
concrete cross section, thus exposing the reinforcing steel which then rapidly corrodes as
illustrated in Figure 8-1. The best prevention of freeze/thaw damage is to use air-entrained
concrete with a rich cement content and a low water/cement ratio.

Precast concrete piles may have a cast-in-place jet pipe that was not filled with concrete
after the pile was driven. When the water in the pipe freezes, it can cause longitudinal cracks in
the pile, as illustrated in Figure 8-2.

Figure 8-1.  Loss of Concrete Cross Section Due to Freeze/Thaw Cycle.
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Figure 8-2.  Longitudinal Cracks in Precast Concrete Pile from Freezing of Cast-in-Place Jet
Pipe.

8.2.3 Abrasion Wear.  Abrasion is defined as erosion of a concrete surface by the
physical action (impact and rubbing) of external loadings or abrading agents.  Deck slabs are
subject to abrasion by vehicular traffic and loading equipment.  Deck edges and wharf faces at
berthing spaces without adequate fendering are abraded by moored vessels.  Frequently, concrete
piles and walls are abraded in the tidal zone by floating debris moved by currents, waves,
propeller wash, and tide changes.  Less frequently, submerged concrete, especially at the
mudline, is abraded by silt, sand, and debris churned up by moving water.  Figure 8-3 illustrates
the effects of abrasion on a concrete pile.



53

Figure 8-3.  Abrasion Effects on a Concrete Pile.

8.2.4 Chemical Deterioration. The most significant and serious saltwater chemical
reaction to hardened concrete is the combining of sulfates in seawater with chemicals in the
cement paste, referred to as sulphate attack.  This reaction can produce internal expansion and
cause cracking. More commonly, however, the hydrate cement paste looses strength and becomes
soft.  Aggregate particles become exposed or fall from the concrete mass because of the weak
cement paste.

8.2.5 Axial Overloading.  Deterioration of concrete piles from axial overloading can be a
cause of eventual failure of the pile. Overloading can result from superimposed “dead” and “live”
loads exceeding the bearing capacity of the pile, and also from overstressing at the time of pile
driving.  Pile driving overloading often results in hairline cracks at the top of the pile or
circumferential cracks at other locations along the pile that are difficult to see, as illustrated in
Figure 8-4.  As marine growth covers the pile, the cracks become extremely difficult to detect.

Figure 8-4.  Pile Driving Overloading Effects.

8.2.6 Shrinkage.  Shrinkage or contraction can occur from moisture or temperature
changes.  Hardened concrete that looses internal water due to evaporation will shrink.  Any
temperature decrease of the concrete will cause contraction.  The major cause of microcracks
within concrete is from high temperatures generated from the normal hydration of cement.  The
concrete hardens at a high temperature and later cools to ambient temperatures.  Precast concrete
members that have been steam cured are particularly susceptible to microcrack formation.  If the
shrinkage or contraction is restrained, internal stresses may develop in sufficient magnitude to
cause significant cracks in the structure.

Variations in atmospheric temperature cause a change in temperature of a hardened
concrete mass, which results in volumetric changes.  Provisions must be made to permit this
expansion and contraction process to take place.  Failure to do so will result in contraction
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stresses (tension), which may cause cracking, or expansion stresses (compression), which may
lead to spalling.

8.2.7 Swelling.  Concrete that increases in moisture content by absorbing water or
increases in temperature will swell or expand.  Typically, swelling by water absorption is not a
concern unless precast dry-concrete members are used.  Temperature increases from daily and
seasonal changes may cause cracking in some concrete members.

8.2.8 Other Deterioration Factors.  The proceeding has discussed deterioration in
concrete caused by improper selection or proportioning of concrete materials, faulty construction
methods and procedures, and attack by environmental forces.  Of equal importance, and a major
cause of much concrete deterioration, is poor design of concrete structural details.

A few examples of poor design and construction details that contribute to concrete failure
and deterioration are:

• Congestion of reinforcing steel
• Lack of adequate cover for reinforcing steel
• Abrupt change in size of section
• Reentrant corners
• Lack of chamfers and fillets at corners
• Rigid joints between precast units
• Construction joint leakage
• Poorly designed scuppers, drips, and curb slots
• Inadequate drainage
• Too little gap at expansion joints
• Incompatibility of materials or sections

8.3 Concrete Inspection Procedure

8.3.1 Surface Inspections.  The areas below should be inspected to ensure a thorough
inspection of concrete structures and their attachments above water.  Include annual load testing
of the pier decking if heavy equipment or vehicles are to be driven onto the pier.  Areas where
the inspector should be particularly watchful for signs of deterioration include:

(1) Inside corners and areas where radical changes occur in size of deck sections.

(2) Deck expansion joints where insufficient gap is allowed, rigid joints between precast
units, and construction joints in general.

(3) Poorly designed scuppers, drips, and curb slots, and other areas where inadequate
drainage exists.

(4) Joints between the deck and pile cap, expansion joints where insufficient gap is
allowed, and rigid joints between precast piles and cast-in-place pile caps.

The inspector should be alert for any change in appearance of the concrete surface and any
change in sound from the hammer.  Chemical attack will be indicated by erosion of surface
material or by cracking on the surface.  Freeze-thaw deterioration will appear as erosion of
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surface material.  A hammer or gad (sharp pointed tool), should be used to chip or probe the
surface to detect the depth of deterioration.

Corrosion of reinforcement materials can be detected from rust stains on the surface.  More
advanced stages of corrosion are indicated by cracks that run parallel to the steel reinforcing bars.
At times, corrosion is hidden from view, but will be indicated by a hollow sound from the
hammer.  This can occur on heavily reinforced slabs, such as pier decks, where the reinforcement
has corroded enough to spall a layer of concrete at the level of the reinforcing mat.

Cracks found on the surface of a concrete structure should be given careful attention.
Sketches should be made to show the length and direction of the cracks.  Overall cracking
patterns and changes in crack length, width and direction with time are meaningful data to a
structural engineer.  Photographs are helpful, but only as a supplement to the sketches.

If there is evidence of significant deterioration, more detailed NDT techniques may be
employed in a scheduled Level III inspection.  Refer to the Level III Test Procedures for Concrete
Inspection for mechanical and electrical test methods.  The plan and sampling techniques shall be
tailored to the specific areas of concern.

8.3.2 Underwater Inspection

8.3.2.1 Visual Inspection. Levels I and II visual inspection of concrete waterfront
structures should proceed as shown in Table 8-2.
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Table 8-2.  Concrete Structure Underwater Inspection Checklist.

Checkpoint Description
1 Inspect the structure beginning in the splash/tidal zone. This is where most mechanical

and biological damage is normally found.
2 Clear a section about 18 to 24 inches in length of all marine growth.
3 Visually inspect this area for cracks, abraided surface spalling, or mechanical damage,

and exposed reinforcing steel.
4 Sound the cleaned area with a hammer to detect any loose layers of concrete hollow spots

in the pile, structure, or soft concrete. A sharp ringing noise indicates sound concrete. A
soft surface will be detected, not only by a sound change, but also by a change in the
rebound, or feel, of the hammer. A thud or hollow sound indicates a delaminated layer of
concrete, most likely from corrosion of steel reinforcement.

5 Descend, visually inspecting the pile or structure where marine growth is minimal, and
sound with a hammer.

6 Inspect in greater detail the base of mass structures, such as foundations, quaywalls,
breakwaters, or bridge piers. These types of structures are prone to undermining by wave
and current action, which, if not rectified, could lead to failure of the structure.

7 At the bottom, record the water depth along with any observations of damage on a
Plexiglas slated.

8 After returning to the surface, immediately record all information into the inspection log.
NOTE: If signs of deteriorations are found, then a Level III inspection, involving either
nondestructive or destructive tests, may be required. Refer to the Level III Test
Procedures for Concrete Inspection for mechanical and electrical test methods.

Exposed Area Under Pier or Along Wharf or Dolphin Assembly
9 Check pile caps and bearing, batter, and fender piles for damaged or broken members,

cracks, and spalling of concrete, rust stains, and exposed reinforcing steel.
10 Sound the piling or structure with a hammer to detect any loose layers of concrete or

hollow spots. A sharp ringing noise indicates sound concrete. A soft surface will be
detected, not only by a sound change, but also by a change in the rebound, or feel, of the
hammer. A thud or hollow sound indicates a delaminated layer of concrete, most likely
from corrosion of steel reinforcement.
NOTE: If signs of deterioration are found, then a Level III inspection, involving either
nondestructive or destructive tests, may be required. Refer to the Level III Test
Procedures for Concrete Inspection for mechanical and electrical test methods.

8.3.2.2 Level III Nondestructive Inspection of Concrete.  The qualitative data
obtained from visual inspections are sometimes inadequate to accurately assess the condition of
the structure. In these instances, quantitative data obtained from nondestructive testing
instruments can assist the facilities engineer in determining the condition of the structure.  Three
specialized instruments have been developed for underwater inspection of concrete structures.
These instruments are the:

• Magnetic rebar locator - used to determine the location and orientation of
rebar in concrete structures and to measure the amount of concrete cover over the rebar.

• Rebound hammer - used to evaluate the surface hardness of the concrete and
obtain a general condition assessment.
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• Ultrasonic system - used to obtain a general condition rating and indication of
overall strength of the concrete based on sound velocity measurements through a large volume of
the structural element.

     Each instrument consists of an underwater sensor connected to a topside deck unit through an
umbilical cable. The deck unit contains the signal conditioning electronics and data acquisition
system.  To operate the instruments, the diver has to position the underwater sensor on a
previously cleaned portion of the structure surface and a person topside must operate the data
acquisition system in order to collect and store the data. Each instrument is independently
operated and provides unique information to help assess the condition of the concrete structure.

8.4 Equipment and Tools Required

To perform a thorough inspection, the marine growth on the structure must be removed. A
“Barnacle Buster” or pneumatic chipping gun is an efficient method of removing marine growth
from concrete surfaces. Various types of high-pressure water jet cleaning systems are also
effective.  Exercise care in the use of these methods because they may further damage a
deteriorating concrete structure.  If minimal marine growth is found in the splash/tidal area, small
hand tools, such as wire brushes and scrapers, are sufficient.  A hammer for sounding and an
accurate water-depth gauge will be required.  Record observations on a Plexiglas slate with a
grease pencil.  Use underwater video cameras for permanent visual documentation.

8.4.1 Magnetic Rebar Locator.  The magnetic rebar locator is an instrument that detects
the disturbances in a magnetic flux field caused by the presence of magnetic material.  The
magnitude of this disturbance is used to determine the location and orientation of rebar in
concrete structures and to measure the amount of concrete cover over the rebar.  The system
consists of an underwater test probe, an umbilical cable, and a topside data acquisition unit
(DAU) including printer.

The test probe consists of two coils mounted on a U-shaped magnetic core.  A magnetic
field is produced in one coil and the disturbance-induced magnetic field in the rebar is measured
in the other coil. The magnitude of the induced current is affected by both the diameter of the
rebar and its distance from the coils. Therefore, if either of the parameters is known, the other
can be determined.  By scanning with the probe until a peak reading is obtained, the location of
the rebar can also be determined. A maximum deflection of the meter needle will occur when the
axis of the probe poles are parallel to and directly over the axis of a reinforcing bar, thus
indicating orientation.

The underwater rebar locator is calibrated for rebar that varies from No. 3 to No. 16 in size.
The meter can be used to measure the depth of concrete cover over rebar in the range of l/4 to 8
inches thick, or conversely, it can measure the diameter of the rebar. The best accuracy (±10
percent) is obtained for concrete cover less than 4 inches thick.

• System Limitations.  The presence of other metallic objects in the vicinity where the
measurements are being made can affect the operation of the rebar locator.  For example, in
heavily reinforced structures, the effect of nearby rebar cannot be eliminated and accurate depth
readings are difficult or impossible.  If the separation of two parallel rebars is at least three times
the thickness of the concrete cover, this effect can be neglected.  The presence of rebar
perpendicular to the axis of the underwater probe has less effect on the measurement of concrete
cover than that of parallel rebar, and in most instances it can be ignored.



58

8.4.2 Rebound Hammer.  The underwater rebound hammer system, is a surface hardness
tester that can be used to obtain a general condition assessment of concrete. The system consists
of an underwater rebound hammer, an umbilical cable, and a topside data acquisition unit (DAU)
including printer. The rebound hammer is mounted in a waterproof housing which contains an
electrical pickup to sense the position of the rebound mechanism. The umbilical connects the
underwater rebound hammer to the DAU that contains the signal conditioning electronics and
data acquisition system.

The rebound hammer correlates the rebound height of a spring-driven mass after it impacts
the surface of the concrete with the compressive strength of the concrete under test. The spring-
driven mass slides on a guide rod within the tubular housing.  When the impact plunger is
pressed firmly against the concrete surface, a trigger releases the spring-loaded mass causing it to
impact the plunger and transfers the energy to the concrete surface. The mass then rebounds and
the rebound height is correlated to the surface hardness of the concrete.

A general calibration chart relates the rebound number to cube compressive strength for the
underwater rebound hammer.  The pressure housing has a depth rating of 190 feet and it is
pressure compensated at 5 psi over the ambient pressure. Air is supplied to the rebound hammer
from a scuba tank through the umbilical cable via an external pressure regulator to maintain the
positive pressure differential inside the housing.

• System Limitations. The following characteristics of concrete can affect the correlation
of the rebound number with the actual surface hardness and should be understood before using
the instrument:

(1) Higher rebound numbers are generally obtained from smoother surfaces and the
scatter in the data tends to be less. Minimizing the data scatter increases the confidence in the test
results. Therefore, underwater concrete surfaces must be thoroughly cleaned and smoothed with a
carborundum stone (or similar abrasive) before measurements are taken.

(2) Water-saturated concrete tends to show rebound readings approximately 5 points
lower than for the same concrete tested dry.  This affects the comparison of data taken above and
below the waterline.

(3) Type of aggregate and cement affects the correlation of the rebound numbers with
actual compressive strength of the concrete under test.  A calibration curve is required for each
particular concrete mix to assure accuracy.  Since this is not practical for most situations, the data
should only be used for making comparative measurements from one location to another within a
uniform concrete structure.

Because of these limitations, the estimation of concrete compressive strength obtained with
a rebound hammer is only accurate to about ±25 percent.  This applies to concrete specimens
cast, cured, and tested under the identical conditions as those from which the calibration curves
were established.  The rebound hammer is primarily useful for checking surface compressive
strength or surface hardness and uniformity of concrete within a structure.  It can also be used to
compare one concrete structure against another if they are known to be reasonably similar.

8.4.3 Ultrasonic System.  The ultrasonic system is used to obtain a general condition
rating and indication of overall strength of the concrete based on sound velocity measurements
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through a large volume of the structural element.  It is recommended that the underwater
ultrasonic system be used primarily for checking the uniformity of concrete from one test
location to another in a given structure.  If the data consistently indicate poor or very poor quality
concrete, core samples must be taken and standard compression tests performed to confirm the
results.

The system consists of two different underwater transducer holders for direct and indirect
sound velocity measurements. An umbilical cable connects either the direct or indirect transducer
holder to the topside DAU. The DAU contains most of the signal conditioning electronics and
data acquisition system.

Ultrasonic techniques use the transit time of high-frequency sound waves through concrete
to assess its condition. Ultrasonic testing procedures for concrete have been standardized by
ASTM Standard C597 and test equipment is available from commercial sources for in-air testing.
Measuring sound velocity in concrete requires using a separate transmit and receive transducer to
avoid energy scattering and reflection problems.  Sound velocity is calculated by measuring the
time required to transmit over a known path length.  The average sound velocity obtained should
only be used as an indicator of concrete quality and not as a measurement of compressive
strength.  Table 8-3 presents some suggested condition ratings for concrete based on sound
velocity measurements.

Table 8-3.  General Condition Rating Based on Sound Velocity.

Condition Rating
Sound Velocity

(ft/sec)
Excellent

Good
Questionable

Poor
Very Poor

>15,000
12,000 – 15,000
10,000 – 12,000
7,000 – 10,000

<7,000

The two methods used to measure sound velocity in concrete are direct and indirect. The
most preferred method is direct transmission where the transducers are positioned on opposite
sides of the test specimen and the waves propagate directly toward the receiver. This method
provides maximum sensitivity with a well-defined path length.

Indirect transmission is used when only one surface of the concrete is accessible, such as a
concrete retaining wall: both transducers are placed on the same side of the concrete. With this
method, energy scattered by discontinuities within the concrete is detected by the receive
transducer.

• Transducer Holders. Two types of transducer holders are provided with the ultrasonic
system. The direct transducer holder is used to examine structures with accessible opposing
surfaces; for example, concrete piles. The indirect transducer holder is used to examine structures
with only one accessible surface; for example, concrete bulkheads.

The direct transducer holder framework can be adjusted to accommodate concrete pile
sections that range from 8 inches to 24 inches thick. The digital display of sound wave transit
time provides feedback to help the diver position the transducer holder for optimum results.

The indirect transducer holder is very similar to the direct transducer holder in operation
except for the path length measurement that is fixed at 12 inches. A suction cup was added to the
indirect holder to force the transmit transducer firmly against the concrete surface under test and
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provide a reaction force for the diver. A small suction pump is used to pump water from the cup
to provide a holding force of about 25 pounds depending on the surface condition of the concrete.

• System Limitations. Results obtained with the ultrasonic test system are affected by
the following factors which influence the quality of the data:

(1) Concrete Surface Finish - The smoothness of the surface under test is important
for maintaining good acoustical coupling between the transmit transducer and the surface of the
concrete.  A coupling agent, such as silicone grease, must be placed between the transmit
transducer and the concrete surface to transfer maximum energy.  If a coupling agent is not used,
the transmitted signal will be severely attenuated which results in large errors in the measurement
of the transit time.

(2) Reinforcing Steel - Sound velocity measurements taken near steel reinforcing
bars may be higher because the sound velocity in steel is from 1.2 to 1.9 times the velocity in
concrete. The effect is small when the axis of the rebar is perpendicular to the direction of sound
propagation and the correction factors are on the order of 1 to 4 percent depending on the quality
of the concrete. If the axes of the rebar are parallel to the direction of sound propagation, reliable
corrections are difficult. Therefore, it is recommended that sound transmission paths be chosen
that avoid the influence of the rebar.

(3) Signal Detection Threshold - The signal detection threshold of the ultrasonic
system can cause erroneous transit time data to be recorded. This happens when the amplitude of
the first peak of the received signal is below the threshold triggering level of the system. When
the instrument detects a following peak, this causes an apparent transit time increase of one-half
wavelength or more.

9.0 TIMBER STRUCTURES

9.1 Types of Timber Structures

Timber is used in marine applications as a construction material chiefly because of its low
initial cost and the ease with which it can be procured, transported, and constructed into required
shapes. Timber has a wide range of uses in marine construction.  It can be used as pile material
for waterfront structures such as piers and wharves; as decking and framing material for the
upper portion of waterfront structures, fender piles, and dolphins; and as construction material
for bulkheads and retaining walls. Softwood timber, such as fir and pine, must be pressure treated
with an appropriate preservative before it is used in the marine environment. Hardwoods, such as
oak and greenhart, which are often used in fender systems, are not treated.

9.2 Deterioration of Timber Structures

Timber structures are subject to deterioration from decay or rot, attack by marine borers and
insects, splitting and checking brought about by drying shrinkage or by the alternate wetting and
drying cycle within the splash zone, overloading, corrosion of connections, abrasion, and ice
heaving. Waterfront deterioration and damage is found by walking the pier, by inspecting
dolphins and below pier decks in a small boat or barge, and by underwater inspections.
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When inspecting above the water surface, the inspector should take maximum advantage of
low tide conditions to visually observe the overall condition of the piling.  This may lead to the
determination that an underwater inspection is necessary.  The underwater inspection should, on
the other hand, take maximum advantage of high water conditions in order to compile the most
comprehensive field data on existing conditions.

9.2.1 Fungi and Rot Damage.  Several species of fungi exist by feeding on timber,
causing a breakdown within the cellular structure of timber under attack.  In the early stages,
fungi attack is evident by a discoloration and softening of the wood accompanied by a fluffy or
cottony appearance.  Advanced attack will cause destruction of the wood cells and the
appearance of fruiting bodies, such as mushrooms.  Figure 9-1 illustrates the effect of timber rot.
The rapidity of decay is dependent upon the fungi species, variety of wood, exposure, and
climate.  To live, fungi must have air, food (the wood), favorable temperature, and a moisture
content of over 20 percent, which is generally higher than that of typical air-dried wood.
Submerged timber will not rot because of a lack of air.  Fungi growth takes place in all saltwater
environments within the temperature range of 50 to 90°F.  As the temperature level drops to
freezing, fungi growth becomes dormant, but will reactivate when the temperature increases.

Figure 9-1.  Effects of Timber Rot.

9.2.2 Marine Borer and Insect Attack.  Marine borer attack is a very serious problem
for timber structures in the splash and submerged zones.  The ravaging effects of two large
groups of marine invertebrates, the Teredo (commonly called shipworms) and the Limnoria
(commonly called woodgribbles), are well-documented.

Shipworms are mollusks and are distantly related to the oyster and the clam, even though
the adult form is worm-like in appearance.  Shipworm species are found in nearly all saltwater
harbors and oceans of the world, except for the colder waters of the Arctic and Antarctic regions.

Adult shipworms eject their young into the water at birth. These miniature animals are
driven by tides and currents until they settle on firm surfaces or die.  Should they settle on
submerged timber during the first 48 hours of their life, they begin to change in physical
appearance, with the body beginning to elongate, while two clam-like shells begin to auger into
the wood.  The original hole in the timber surface created by the infant shipworm is no larger
than the diameter of a pinhead.
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As the shipworm continues to burrow and grow, it becomes more worm-like in appearance,
with its body increasing in diameter to completely fill its burrow.  In time, the animal orients its
body parallel to the grains of the timber member.  A calcium-like white excretion is left behind
on the walls of the burrow track.  As the exterior timber deteriorates via other means, these white
trails become an obvious indication of shipworm presence.  Eventually, the interior of a timber
pile or beam under shipworm attack will become completely riddled with burrows, although
externally no evidence of attack is apparent.

In tropical climates, shipworms have been known to grow to 6 feet in length and as much as
3 inches in diameter.  In temperate climates, such as North America, shipworms generally range
between 6 to 8 inches in length and about 1/2 inch in diameter.  Figure 9-2 illustrates the damage
caused by shipworms.

Figure 9-2.  Damage to Timber Pile Caused by Shipworms.

Woodgribbles are crustaceans related distantly to the crab and shrimp family.  They are
quite small, averaging only 1/8 to 1/4 inch in length.  This tiny organism is a voracious wood
chewer, with its appendages and mouth developed for rasping and biting.

At birth, the woodgribble mother retains the young within a pouch until they develop
sufficiently to fend for themselves.  She then releases them within her furrow and they proceed to
dig side furrows.  Ordinarily woodgribbles do not burow deeply into the timber surface but limit
their attack to shallow surface trenches.  In timber piling, this results in a slow but continual
reduction in pile diameter.  Damage is most frequently found at the waterline or mudline, where
the woodgribble population is the greatest.  Severe attack will produce an hourglass appearance
in piling, as illustrated in Figure 9-3, reducing the outside diameter of untreated pine or Douglas
fir by up to 6 inches in 1 year.

Termites are the most destructive type of insect life to attack above-water and onshore
timbers. They feed on the cellulose matter contained in timber.  If termite damage is suspected,
an ice pick makes an ideal tool to determine their presence, as a serious attack will eat away large
interior portions of the wood just below the surface of the timber.  Timbers most subject to attack
are curbs and blocking on bulkhead fills.
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PHOLADS

GRIBBLES

SHIPWORMS

Figure 9-3.  Marine Borers---Shipworms, Gribbles, and Pholads.

9.2.3 Shrinkage Damage.  Drying causes timber to shrink.  After installation this drying
process continues, especially in hot dry climates, and the timber members split and check.  This
shrinkage also causes bolts to loosen in connections which, in turn, causes slippage and
deflections in timber members and even distortion and weakening of the entire assembly.
Ordinarily, splitting or checking is not serious and is allowed for in standard timber design
specifications.  However, splits and checks in excess of those allowed by the standard grading
rules are potential troublemakers and should be closed.
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Splitting and checking create an opening in the timber face or end that is an ideal means of
access for insects and borers. These openings also tend to accumulate moisture and dirt, which
can also easily lead to decay and rot. Should excessive moisture freeze, the split or check will
widen.

9.2.4 Overloading.  Axial and bending overloading of piles may be due to a continuous
source of loading or to an infrequent type of loading.  Material stored in a warehouse on a pier is
a form of continuous loading. Short-time loading is exemplified by the impact of a vessel striking
a pier or heavy vehicles passing over the deck of the pier. Timber fender faces are particularly
subject to bending overloading during ship impact. Failure of one pile requires the adjacent piling
to carry not only its own but also part of the damaged pile’s load. Continual overloading will
cause failure of the adjacent piling, leading to the eventual collapse of the entire structure.
Figures 9-4 and 9-5 illustrate the effect of compression and bending overloading, respectively.

Figure 9-4.  Compression Overloading of Timber Pile.
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Figure 9-5.  Bending Overloading of Timber Pile.

9.2.5 Structural Connection Corrosion.  The weak link in marine timber construction is
the connecting hardware, since this steel hardware is subject to corrosion.  Figure 9-6 illustrates
one consequence of one type of hardware failure.  Of prime importance to structure integrity are
the proper sizing of pins and bolts and the use of Ogee washers in place of thin, flat plate steel
washers.  The pins and bolts are subject to corrosion, which is very difficult to prevent; therefore,
all pins and bolts should be galvanized and oversized to provide a corrosion allowance, with a
minimum diameter of 1-inch being supplied. More importantly, Ogee washers should be used.
These tapered washers are made of corrosion-resistant wrought or cast iron and are equal in
thickness to the bolt diameter.  The outside diameter of Ogee washers is considerably greater
than that of flat plate steel washers, making them far less subject to loosening under load because
their greater bearing area prevents timber crushing.

Bolts on timber fender faces are always countersunk.  It is important to provide sufficient
clearance for timber abrasion and wear between the top of the bolt and the timber face.  These
recesses should always be plugged with timber discs or filled with pitch or mastic to protect the
steel components from corrosion.  Oversized and empty hardware holes are ideal access ports for
insects and marine borers. These areas should be closely inspected to ensure the piles are not
being bored into.
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Figure 9-6.  One Potential Consequence of Steel Connecting
hardware failure in timber Construction.

9.2.6 Abrasion Damage.  Abrasion from suspended sand or silt and from ice during
winter months will continually decrease the diameter of piles, as shown in Figure 9-7, unless
some means of protecting the piles is used.  The rate at which the pile is destroyed by abrasion
depends on the amount of debris in the harbor, whether or not there is ice in the harbor, the
activity of marine borers, and the velocity of the water moving past the pile.

Timber fender faces are subject to constant abrasion while a ship is in berth.  The constant
ranging of the vessel fore and aft and up and down will, in time, wear away the outer timber
fibers, tending to expose the connecting hardware to contact with the vessel.

Attack by woodgribbles accelerates the rate of destruction of a pile by rendering surface
fibers susceptible to removal by abrasion.  Abrasion can usually be distinguished from
woodgribble attack because abrasion is usually concentrated on one side of the pile while
woodgribble destruction is uniformly distributed around the pile.  Also, abrasion usually leaves
the surface fibers of timber piles rough and protruding from the surface of the sound timber.
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Figure 9-7.  Reduction in pile diameter due to abrasion.
9.3 Typical Inspection Procedure

9.3.1 Surface Inspections.  A thorough inspection of all timber structures and their
attachments above water should occur.  Include annual load testing of the pier decking if heavy
equipment or vehicles are to be driven onto the pier.  The inspector should be alert, specifically
in the areas of stringers, pile caps and top of piles, for signs of discoloration and softening of the
wood, accompanied by a fluffy or cotton appearance.  This may be an early sign of fungi damage.
More advanced deterioration may take on the appearance of fruiting bodies, such as mushrooms.
Further down the pile, the inspector should look for burrows or hollows in the wood, surface
trenches in the outer layers of the pile, and loss of pile diameter.  This may be evidence of marine
borer attack.

9.3.2 Underwater Inspections.  Underwater inspection of a timber waterfront structure
should proceed as outlined in Table 9-1.

Table 9-1.  Timber Structure Underwater Inspection Checklist.

Checkpoint Description
1 Start at the splash/tidal zones.  Note: A Level I inspection should be done first to

identify areas of mechanical damage, repair, and new construction.
2 Clear a section of the structure of all marine growth and visually inspect if for surface

deterioration. Do spot locations rather than cleaning entire structure.
3 Sound the cleaned area with a hammer and carefully probe with a thin-pointed tool,

such as an ice pick.
4 Descend down the pile, sounding the structure with a hammer wherever there is

minimal marine growth, as well as probing carefully with an ice pick.
5 At the bottom, note and record the depth of the water.
6 Record visual observations, such as presence of marine borers, losses of cross-

sectional area, organism-caused deterioration, location and extent of damage,
alignment problems, and condition of fastenings. Use calipers and scales as required.

7 Where internal damage from marine borers is suspected, ultrasonic techniques are
available to support the underwater inspection program. The ultrasonic equipment is
only available as a contractor service at this time.

8 After finishing the underwork, return to the surface and immediately transcribe all
observation data into the inspection log.

Exposed Area Under Pier or Along Wharf or Dolphin Assembly
9 Check wood stringers, pile caps, bearing, and batter and fender piles for missing or

broken members. Check dolphins for broken, worn, or corroded cables and cable
connectors; and corroded, loose, broken, or missing wedge block, chafing strips and
bands, or chock bolt hangers.

10 Visually examine piling for rot, fungi, and marine borer damage.
11 Sound the pile areas with a hammer and carefully probe with a thin-pointed tool such

as an ice pick.
12 If an area is in question, take a small boring for laboratory analysis using an increment

borer. Once the core is extracted, seal the hole with a creosote-treated plug to prevent
easy access of borers to the interior of the pile.  NOTE: An engineer should be present
whenever underwater inspections are made to explain to the diver exactly what he
should look for: number and size of piles, type and depth of bulkheads, location of
tiebacks, and cross bracing.  .The engineer shall evaluate the diver’s observations and



68

determine the degree of hazard.
9.4 Equipment and Tools Required

To ensure a thorough inspection, the area must be cleared of all marine growth.  This can
be done using a “Barnacle Buster” or other types of high-pressure waterblasters.  However, when
using this equipment, great care must be exercised to prevent damage to the preservative-treated
layer of timber.

• Clean small areas with wire brushes and scrapers.

• Sounding of the structure can be performed using a 3-pound sledge hammer.

• An ice pick or pick hammer is required for probing and an increment borer is required
if cores are to be taken.

• Timber element dimensions can be checked using a ruler or tape measure.

• A simple fabricated or purchased caliper, is very effective for measuring the diameter
of piles.

Inspection data can be recorded underwater using a Plexiglas slate with a grease pencil.
Permanent documentation can be achieved through the use of underwater photography, either
still photo or television.

10.0 STONE MASONRY STRUCTURES

10.1 Types of Stone Masonry Structures

Although very few waterfront structures built today are constructed from stone masonry,
it is still necessary to be familiar with the inspection of this type of structure.  Throughout the
19th century, stone masonry was generally used in constructing graving docks, bridge piers,
quaywalls, and wharves.  Typically, the quarried stone used was granite set into lime mortar or
portland cement mortar.

10.2 Deterioration of Stone Masonry Structures

Stone masonry structures typically develop problems at the joints between pieces of
stone. Failures of these types of structures usually occur as a result of washout of the joints. In
addition, increased earth or hydrostatic pressure causes joints to crack and stones to fall out.
Scouring at the base of the structure because of wave and current action and loss of fill from
behind the structure are two common types of damage that can lead to serious structural failure.

10.3 Typical Inspection Procedure

Stone masonry retaining walls, such as those found on quaywalls and wharves, generally
require only a very simple inspection, as follows:
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• Begin the inspection at the waterline, checking for excessive weathering and
abrasion deterioration, and loss of mortar from the joints.

• Inspect below the waterline, taking note of the general condition of the wall, and
paying particular attention to the joints between each stone.

• If there are significant gaps between stones or stones are missing, note the location,
depth, and length of missing stone.

• Continue to the bottom of the structure and note any undermining or scouring of the
material under the wall structure.

• At any missing stone or undermining, probe the cavity to estimate the extent of the
void (if any) behind or below the wall.

• Record the depth of the water at the base of the wall.

• After returning to the surface, immediately transcribe all information into the
inspection log if information has not been communicated via hardwire.  Also, record in the log
the general condition of the wall above the waterline, especially noting all joints from which
mortar has washed out.

10.4 Equipment and Tools Required

Since the underwater inspection of stone masonry structures involves only a cursory
inspection of the joints between stones and the general condition of the wall and its foundation,
only a few tools are required.  A ruler is used to determine the width and depth of cracks and
open joints, as well as the size of missing stones or pieces of stone.  It is also useful for
quantifying the amount of scouring that has occurred.  A length of small-diameter rebar or other
suitable probe can be used to check for voids in the fill behind or below the wall.  A Plexiglas
slate and a grease pencil are used underwater to record any pertinent information, or the
information is communicated to topside personnel via hardwire.  Small hand tools, such as wire
brushes and scrapers, are also useful to clear off cracks and joints.

11.0 COASTAL PROTECTION STRUCTURES

Structures designed to reduce the erosive effects of wave action, or to protect harbors
from excessive wave action and the formation of sandbars, are classified protection structures.
The common coastal protection structures are seawalls, groins, jetties, and breakwaters.
NAVFAC Mil-Hdbk-1025/4, “Seawalls, Bulkheads, and Quaywalls” and NAVFAC DM-26.02,
“Coastal Protection,” provide additional information on the design and configuration of coastal
protection structures.

11.1 Seawalls

Seawalls are massive coastal structures built along the shoreline to protect coastal areas
from erosion caused by waves and flooding during heavy seas.  Seawalls are constructed of a
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variety of materials including rubble-mounds, granite masonry, or reinforced concrete elements.
They are usually supplemented by steel or concrete sheet pile driven into the soil and are
strengthened by wales and brace-type piles.  Figure 11-1 shows three seawall configurations.

CURVED FACE
(CONCAVE)

STONE
REVETMENT

STEPPED FACE

Figure 11-1.  Curved Face, Stone Revetment, and Stepped Face Seawall Configurations.

11.2 Groins

Groins are structures designed to control the rate of shifting sand by influencing offshore
currents and waves so that erosion of the shoreline is minimized.  Groins project outward,
perpendicular to the shoreline, and are constructed of large rocks, precast concrete units,
reinforced or prestressed concrete piles, steel sheet piles, or timber cribbing filled with rock.
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11.3  Jetties

Jetties are structures that extend from the shore into deeper water to prevent the formation
of sandbars and to direct and confine the flow of water due to currents and tides. These structures
are normally located at the entrance to a harbor or a river estuary.  Jetties are usually constructed
of mounds of large rubble to a height several feet above the high tide mark.

11.4 Breakwaters

Breakwaters are large rubble-mound structures located outside of a harbor, anchorage, or
coastline to protect the inner waters and shoreline from the effects of heavy seas. These barriers
help to ensure safe mooring, operating, loading, or unloading of ships within the harbor.
Breakwaters may be connected to the shore or detached from the shore. There are three general
types of breakwaters, depending on the type of exposed face. The exposed face may be vertical,
partly vertical, and partly inclined, or inclined.

11.5 Rubble-Mound Structures

Rubble-mound structures (Figure 11-2) are constructed on the seabed by dumping stones
of various sizes from scows and barges until the mound emerges a certain distance above mean
sea level.  The outer layers of the mound are covered with armor consisting either of large stone
or precast concrete units of a number of possible shapes.  Rubble is irregularly shaped rough
stones, ranging in size up to 1,000 ft3 each and weigh up to 90 tons each.  Cobble, also used in
rubble-mound structures, is rounded gravel or gravel fragments between 2-1/2 and 10  inches in
diameter.  Rubble-mound structures are used extensively, chiefly because they are adaptable to
almost any depth of water in the vicinity of harbors and can be repaired readily.

Figure 11-2.  Rubble Mound Structures.
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11.6 Deterioration of Rubble-Mound Structures

The four principal types of deterioration in rubble-mound waterfront structures are:

• Sloughing of side slope

• Slippage of base material as a result of scour by currents

• Dislodgment of stones by wave action

• Excessive settlement of the seabed supporting the structure

During the inspection of seawalls, breakwaters, groins, and jetties, similar to those shown
in Figure 11-2, the inspector should check for horizontal and vertical alignment.  He should also
be particularly watchful for signs of breakage or displacement of large stones or concrete armor
elements, and washing out of substrate under the larger stones or concrete elements, particularly
at the toe of the structure.  These losses can be early signs of eminent structural failures if
corrective action is not taken.

Inspection of rubble-mound structures should include:

• Erosion of core material by wave action.

• Erosion of small stones in riprap.

• Stability of armor stones or blocks.

• Breakage and displacement of concrete armor elements.

• Washing out of substrate at the toe of the structures.

• Undermining of foundation.

• High water mark; overtopping.

• Settling of structures.

11.7 Typical Inspection Procedure

Inspection of a rubble-mound structure should proceed as outlined in Table 11-1.
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Table 11-1.  Rubble-Mound Structure Surface and Underwater Inspection Checklist.

Checklist Description

1

2

3

4

Swim around the base of the structure looking for beginning weaknesses in
the base, such as washout of small stones and core material.

Note signs of detrimental wave action, such as scouring and sloughing.

Record all pertinent information on a Plexiglas slate.  After returning to the
surface, transfer the information into the inspection log.

Record the result of the above-water inspection, include a description of the
alignment and general condition of the mound, such as dislodgement of
stones, gaps, and other weaknesses.

11.8  Equipment and Tools Required

Inspecting rubble-mound structures requires that divers be equipped with recording
devices, such as a Plexiglas slate, grease pencil, and cameras.

12.0 SYNTHETIC MATERIALS AND COMPONENTS

Inspection of synthetic materials and components is subdivided into the following three
categories:

12.1 Structural Members

Structural members should be inspected annually when the regular pier inspection is
accomplished.  The inspection is intended to detect and document:

(1) Cracked, worn, brittle or deformed plastic railings, stanchions, gratings, light
standards, or piping; loose or damaged fittings and connections; and exposed
fiberglass.

(2) Cracked, worn, or deformed rubber resilient fender components, and/or loose or
damaged fittings and connections.

Basic inspection procedures are the same as those outlined for timber or concrete
structures.
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12.2 Coatings, Patches and Jackets

Coatings, patches, and jackets should be inspected annually, or more frequently,
depending upon the failure rate of the application.  The objective of the inspection is to detect
and document:

(1) Pits, cracks, scars or abrasions in coatings.

(2) Cracked, loose or dislodged epoxy patches.

(3) Punctures, embrittlement, tears, rips, or abrasions in fabric, or unlocking of fabric
seams in pile jackets.

Basic inspection procedures are the same as those outlined for timber, concrete and steel
structures.

12.3 Foam-Filled Fenders

Inspection will be done by walking the pier and by use of a small boat.  Inspection of
foam-filled fenders should be performed more frequently than normal pier inspections and
should cover:

(1) Condition of the fender-to-pier connection hardware.  Check for operability and
signs of corrosion.  Check to ensure that the fender is constrained horizontally so
that it contacts the bearing surface for its full length.  Ensure that the fender is free
to float with the tide vertically and rotate around its long axis.

(2) Condition of the fender chain and tire net for net fenders.  Check to see that the
chain is symmetrical on the fender and that the end fittings are in good working
order.  Ensure that the chains are protected from the ship hull by the tires, and that
the net is not loose.

(3) Condition of end fittings on netless fenders.  Check to see that the fittings are in
good working order, and corrosion is minimal.  Check to see that the fender shell is
not cracked or separated around end fittings.

(4) Condition of the fender elastomer shell.  Check for cuts, tears, and punctures.
Record the size and location of damage on a sketch.

(5) Measure or estimate the diameter of the fender at its smallest point to record
permanent set.

Record keeping for foam-filled fenders is very important.  In this regard, the fenders
should be treated as an item of high-cost equipment rather than an appurtenance to a fixed
facility.  Each fender should have a unique identification number with a history record that
includes date of procurement, manufacturer, date of installation or when fender was put into
service, and berth location if permanently installed.
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13.0 QUAYWALLS

Quaywalls are an integral part of wharves and should be included when other pier
components are inspected.

Deterioration of quaywalls is indicated by:

(1) Shifts in horizontal and vertical alignment of sheet piling
(2) Damage or deterioration of the wood, concrete, or steel sheet piling
(3) Wash-out of substrate under the sheet piling, particularly at the toe of the structure.

Item 1 can be detected by visual observation.  A complete description of shifts and any
apparent cause should be provided.  Item 2 is covered by Chapters 6, 8, and 9.  Item 3 may be
detected by visual inspection in clear water at low tide.  If not, then an underwater inspection is
required.  The following checklist is a useful guide.

Table 13.1  Quaywall Surface And Underwater Inspection Checklist.

!  Swim around the base of the structure looking for beginning weaknesses, such as
washout of small stones and core material.

!  Note signs of detrimental wave action, such as scouring and sloughing.
!  Record all pertinent information on a Plexiglas slate and, upon return to the surface,

transfer the information into the inspection log.
!  Record the result of the above-water inspection, which should include a description of

the alignment, and general condition of the seawall.

14.0 THE INSPECTION REPORT

For each inspection, a report is prepared.  The report includes facility plans with updated
descriptions such as size and pile arrangement, an evaluation of the assessed conditions, and
recommendations for further action.  The report should provide sufficient technical detail to
support the assessments and recommendations.  Since underwater inspections are specialized, a
report format such as the one presented in Table 14-1 is recommended.  The recommended
format is for each report to first present the Front Information (as defined below) followed by
three major sections and the Appendices.  This format is used by the NFESC, East Coast
Detachment, when conducting underwater inspections and assessments at Naval waterfront
facilities.
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Table 14-1.  Format for Waterfront Inspection Reports.

Front Information:

Report Cover

!!!!Title Page

!!!!Executive Summary

!!!!Executive Summary Table

!!!!Table of Contents

!!!! List of Figures

!!!! List of Photographs

!!!! List of Tables
Report Body:

Section 1 Introduction
1.1 Background/ Objectives
1.2 Inspection Exit Briefing

Section  2 Activity Description
(Information that affects inspection, repair, rate of
deterioration, etc.)

2.1 Location
2.2 Existing Waterfront Facilities at Activity
2.3 Waterfront Facilities Inspected

Section 3 Inspected Facilities
3.1 Name of Facility

3.1.1 Description of Facility
3.1.2 Observed Inspected Condition
3.1.3 Structural Condition Assessment
3.1.4 Recommendations

Repeat the above as necessary for each facility

Appendices
A Key Personnel
B Inspection Procedure/ Level
C Structural Data
D Pertinent Background Information
E Calculations for Structural Assessment
F Backup Data for Cost Estimates
G Cost Estimate Summary
H References
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The objective of the report guideline is to facilitate the writing of comprehensive,
standardized, and usable reports.  The guideline is the result of many years of experience
involving underwater inspections of hundreds of waterfront facilities. The guidelines will assist
the inspecting party in preparing the report by pointing out specific information and formats to be
incorporated, and by identifying recurrent errors to avoid.

A major objective of underwater inspection report is to provide facility managers with an
assessment of the condition of their inspected waterfront facilities.  The report shall provide the
detailed information needed to substantiate requests for funding to maintain and repair the
waterfront facilities.  The report shall include the following:

 Identification and description of all major damage and deterioration of the facility.

 Estimate of the extent of minor damage and deterioration.

 Assessment of the general physical condition.

 Recommendations for types of maintenance and repair required.

 Identification of any problems associated with mobilization of equipment, personnel,
and materials to accomplish maintenance and repairs.

 Budgetary estimates of costs for recommended maintenance and repairs.

 Estimate of expected life of each facility, with and without recommended repairs.

 Recommendations for types and frequencies of future underwater inspections.

 Updated facility drawings, both hard copy, and electronically-stored versions (which
may differ significantly from the drawings available at the activity).

 Documentation of the type and extent (light, moderate, heavy) of marine growth, to
help in the planning of future inspections.

 Water depths at each facility.

 Water visibility, tidal range, water current, and any other pertinent environmental
conditions.
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